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ABSTRACT

To avoid disproportionate collapses in steel framed buildings the British standards provide the

tying force method. This work investigates the reliability of this method for redistributing loads

away from damaged columns and the results indicate that the factor of safety against collapse is

less than 0.2 if low ductility nominally pinned connections are used. This is shown to be as a

result of industry standard nominally pinned joints possessing the ductility required to redistribute

column loads using catenary action. A simple method has been used to estimate this factor of

safety; it is unlikely that a more complex analysis would change the overall conclusion. This work

then move on to estimate the likelihood of column fracture due to blast loading from high

explosives. The column response to this loading is then analysed using both single degree of

freedom (SDOF) and multi-degree of freedom solutions to the equations of motion. Response

charts were developed considering both systems and then compared. The deflection and bending

moment obtained using SDOF system are comparable with those from MDOF models. However,

the SDOF system is shown to significantly underestimate shear force when the ratio of the

duration of blast load to the natural vibration period is less than 0.1 (Tc/T»<0A). It is concluded

that the design shear force should be increased by 50% if SDOF system predictions of behaviour

are used. A method for simplifying the blast loading on columns with clearing is developed. The

method provides a simplification of the complex blast load profile in case of clearing whereby the

same reflected pressure is adopted but the time duration load is adjusted to give an equivalent

impulse. The simplification is assessed using a parametric study which showed that the results

provide a conservatism of less than 10%. This technique for estimating column response to blast

loading is compared against the real life behaviour as observed from the forensic investigation of

the Murrah Building. The blast analysis predicts two columns to fail in shear and an existing

method presented by McVay predicts a third column failure in brisance. This failure modes

correspond to those found in the forensic investigation. The Murrah building was subsequently

reanalysed by replacing the transfer girders with a conventional beam column arrangement and

the blast analysis suggests that a substantial progressive failure would still have occurred because

of widespread column shear and brisance failures. Thus is was concluded that even if the Murrah

Building had been as per GSA guidelines for federal buildings which were revised following the

Murrah event, it could not have survived. Subsequently, the methodology to estimate the safe

stand off distance for a particular RC column and a charge weight is proposed and the design

charts are prepared through nonlinear regression analysis. The safe scaled distance of 2.0 m/kg1/3

is estimated for the Murrah Building. The recommendation suggested by US DoD (4.46 m/kg1/3)

is much higher than the actual value.

Keywords: blast load, disproportionate collapse, dynamic analysis, protective design, safe stand

off distance
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Chapter 1

Introduction

1.1. Introduction

In recent years commercial and government office buildings have an increased risk

of experiencing abnormal loads from blast or impact. Large amount of explosives

can be exploded at close range, sometimes with the use of suicide bombers. As a

result the building can be subjected to huge pressures, which leads to the possible

failure of one or more primary load bearing elements. The loss of the elements can

cause either major structural instability and/or over load the adjacent members,

resulting in a chain reaction of failure of building members to an extent

disproportionate to the original localized damage. This is called as disproportionate

collapse. Unlike other abnormal loads, such as earthquake loads which can lead to

the global failure of the building, the blast load causes localized damage as the blast

pressure attenuates with the cube root of the distance.

This chapter reviews some relevant historical cases studies of disproportionate

collapses and moves on to introduce the main design methods available to mitigate

the effects of localised damage. Finally, the aims and objectives of this dissertation

are presented.

1.2. Disproportionate collapse

In the UK high-rise steel framed buildings are designed with low-cost simple

joints such as fin plate, flexible end plate and double angle web cleat connections, as

the country is subjected to neither extreme wind loads nor seismic activity. However,

these structures can be relatively fragile, compared with those designed to survive
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extreme loads such as typhoons and earthquakes. This fragility was famously

demonstrated at Ronan Point, when a domestic gas explosion knocked out load

bearing pre-cast concrete panels near the corner of the 18th floor of the tower block,

leading to the now famous collapse. During the subsequent forensic investigation it

was estimated that the peak over pressure from the gas explosion was 34kN/m2 and

this led to the requirement for all members key to stability to resist this statically

applied load. The post Ronan Point revision to the Building Regulations also

required all floor members to be effectively tied together in order to enhance

robustness. In practice this means providing beam connections with a tensile strength

at least equal to the design shear strength - a method known as the tie force method

for ensuring robustness.

The Murrah Federal Office Building in Oklahoma City was damaged by a

bomb in April 1995. In this incident the direct blast pressure destroyed one column

by brisance and another two by shear. The loss of these three columns led to a

collapse that consumed V2 of the floor area of this nine storey building. This

apparently strong building typifies modern office developments, in that it was glazed

and used open plan architecture. Although it was correctly designed to the code

requirements of that time it was unable to redistribute the column loads. Lacking the

strong internal partition walls or cladding, the building had no emergency means for

redistributing loads.

More recently were the attacks on the World Trade Centre. Both towers

remained globally stable immediately after the impacts, despite the severing of up to

36 perimeter columns in the face of each tower. The towers were highly redundant,

comprising a rigid perimeter frame and a gravity load bearing central core, together

with a system of deep outrigger (hat) trusses installed between the 106th and 110th

floors. The gravity loads from the damaged perimeter columns were partially

transferred to adjacent undamaged columns via vierendeel action, see Fig. 1.1. In

addition, perimeter columns were also believed to have become suspended from

these outrigger trusses. Fire damage eventually led to the complete collapse of both

towers.
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1.3. Design methodologies

The risk of progressive collapse can be reduced in three ways: the safe stand off

distance approach, indirect design, and direct design. In safe stand off distance

approach, the structure is designed to resist a given threat for a given stand off

distance. In case of indirect design, the load, carried by the removed load bearing

elements are redistributed through the structure through minimum strength,

continuity and ductility. In direct design, the safety of the building is ensured by two

methods: the specific local resistance method and the alternate load path method.

The alternate load paths could be achieved for example through: arching, beam and

catenary actions in the frame system and out-trigger trusses installed in higher floors.

During arching action, the accidental load from the removed column is

transferred to the adjacent columns through compression struts which may be formed

in the beam webs either side of the damaged column; see Fig. 1.2(a). Such a

mechanism is possible but only for very short span beams. In the case of infilled

steel frames, load can be transferred by a compression strut formed in the masonry

infill as shown in Fig. 1.2(b). This approach is restricted by US practise (DoD,

2005), because if the infill walls do not fully connect the frame members, diagonal

compression strut action will not develop/Furthermore, the debris created by these

infilled walls can endanger lives, for example in the Oklahoma City bombing several

persons lost their lives after being struck by structural debris generated by infill walls

of a concrete frame building in the Water Resources Building across the street from

the Murrah building (FEMA 427, 2003). US practice recommends double span beam

action in which the load is transferred through bending as shown in Fig. 1.2(c). It

also suggests an accidental load of dead load plus 25% of imposed load, with a

dynamic amplification factor of 2 (GSA, 2003). This method can be expensive as

full moment joints are required.

The catenary action mechanism upon which the tying method relies (indirect design)

is illustrated in Fig. 1.2(d). This method was introduced into the UK regulations after

the Ronan Point collapse and it has subsequently been incorporated in a modified

form into the Eurocodes. In this approach, all floor members are required to be

effectively tied together. The tying force approach assumes the accidental load, at the

time of damage, is equal to l/3rd of the imposed load plus 1.05 of the dead load.
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When support to a column is removed, adjacent beams on either side support the

accidental load through catenary action.

In case of the removal of internal columns, the force equilibrium can be maintained

by the radial tensile and compressive forces, created as a result of the dishing action,

and compressive hoop stress as shown in Fig 1.2(e).
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Fig. 1.1 Example of an alternative load path route in WTCl

(a) Arching action in steel beam

(b) Arching action in masonry panels
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(c) Double span beam action

(d) Catenary action

(e) Diaphragm action

Fig. 1. 2 Mechanism of transferring the accidental load

1.4. Observations of the behaviour of damaged structures

During WWII, the general purpose bombs, typically weighing between 50 and 250

kg were dropped on London (weights inclusive of shell casing). These charge sizes

are smaller than those often by terrorist organisation with the vehicle borne

improvised explosive device. Such device can deliver a charge equivalent ranging

from 100 kg up to over 2000 kg of TNT using home made explosives. Despite this,

the behaviour of multi-storey buildings subjected to blast during that time is of

interest because such a large number of events were documented and available for

inspection in archives such as the Walley Collection, which is housed in the archive

section of the Institution of Civil Engineers Library.
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Fig. 1. 3 Bracing from panel walling (Baker, 1948)

Fig. 1. 4 Building illustrating the failure of catenary action in resisting the load
following a bomb attack together with column ductility and connection failure,
(Gibbons, 2003)

Unsupported columns

Fig. 1. 5 Bracing from panel walling (Baker, 1948)
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The behaviour of building shown in Fig. 1.4 seems to indicate tying mechanism in

which the accidental load is transferred through catenary action, but the inspection of

records has not revealed any possibility of catenary action as the fracture can be seen

at the joint. However, the collapse was prevented by massive deformation of the

column. Another interesting response of the building during that time is shown in

Fig. 1.3 (Baker, 1948), in which an entire perimeter wall remains apparently

unsupported due to the unseating of the main girder. Another good example of the

behaviour of buildings is shown in Fig. 1.5 (Baker, 1948). This shows a 10 storey

building which seems to have no difficulty in redistributing loads from two damaged

corner columns.

Progressive collapse in these buildings was prevented by the shear strength of the AVi

inch and 9 inch thick masonry walling and cladding. Investigators concluded that

these panels were primarily responsible for preventing progressive collapses during

that time, J.F. Baker (1948). Importantly, glass cladding modern office buildings

lack these alternative load paths, and it is perhaps for this reason that the Murrah

Building collapsed with the loss of 168 lives. This apparently strong building typifies

modern office developments in that it was glazed and used open plan architecture.

Although it was correctly designed to the requirements of that time, it lacked strong

internal partition walls and it was fully glazed along the front face. Unlike the WWII

buildings described, it possessed no emergency means for redistributing loads and

lost half of the floor area of the building following damage to three perimeter

columns.

Many buildings in the UK lack both of these emergency load paths. Vierendeel

action cannot be expected to play a significant stabilising role because beam-column

connections are usually nominally pinned, with the low cost fin-plate connection

proving particularly popular. Outrigger trusses are also not incorporated and market

considerations in office buildings require that the number of columns be kept to a

minimum. In these conditions heavy reliance is placed on catenary action to support

widely spaced columns.
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1.5. Aim, objective and scope of this research

Aim:

1. To study the feasibility of tying approach in the preventive design of steel

frame building against disproportionate collapse.

2. To develop response charts for a column, subjected to blast load, based on

single degree of freedom (SDOF) and multi degree of freedom (MDOF)

systems and explore the exactness of the SDOF system response, as the

higher modes significantly contribute in the shear response (because of the

short duration of blast load).

3. To estimate blast load on the column and carry out the case study on the

Murrah building incidents, considering with and without transfer girder.

4. To develop design charts for preventive design of RC framed building

against blast using a safe stand off distance approach.

In this research, multi-storey commercial or office buildings with glass cladding and

open plan architect are considered. This form of building is considered because

alternative load paths from masonry walls and or cladding are not available.

Therefore emergency load paths in the frame must be utilised to prevent collapse of

the floor area previously supported by the damaged column. This form of building is

therefore relatively simple to assess the vulnerability to progressive collapse. As the

blast load causes localised damage, the blast damage analysis is carried out on an

idealized column which is either pinned at both ends, or fixed at both ends, or pinned

at one end and fixed at other end.

Objective:

These aims are achieved through the following objectives.

1. Review previous progressive collapses and methods of mitigating such

events. [Chapter 2]
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A review of previous research includes the case studies on the collapses of

Ronan Point, the Murrah Building and the Khobar Towers, the blast loading

and the available codal recommendations to mitigate disproportionate

collapse. In addition to this, a review of the behaviour of RC and steel

structures, especially after the removal of column support is included.

2. Examination of the capability of the tying force method to prevent

progressive collapse following loss of column support for steel framed

buildings with simple connections [Chapter 3]

A methodology is proposed to determine the factor of safety against

disproportionate collapse, considering load redistribution from a damaged

column through catenary action. Using this method, the safety of steel framed

buildings with fin plate, double angle web cleat and flexible end plate

connections are examined against disproportionate collapse.

3. Single and multi-degree of freedom dynamic analysis of columns subjected

to blast loads . [Chapter 4]

A dynamic analysis for an idealized column is discussed considering both

systems: an equivalent lumped mass single degree of freedom system and a

distributed mass continuous system. The results obtained from both systems

are compared and contrasted. Finally, the response charts are developed to

obtain the deflection, shear force and bending moment coefficients for an

idealized column.

4. Estimation of blast loads on columns [Chapter 5]

A method is proposed to calculate the blast load on a column. Using this

method, a case study of the Murrah building incident is carried out to

examine the method as well as to understand the behaviour of building

subjected to blast.

5. Development of a method for estimating the safe stand off distance for

reinforced concrete columns [Chapter 6]
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A method is proposed to obtain the safe stand off distance for a particular RC

column and a charge weight. Design charts are developed for an idealised RC

column to obtain the safe stand off distance for a given charge weight.



Chapter 2

Literature Review

2.1 Introduction

Structural behaviour under the blast loading is complex as the duration of the loading

very short, often much shorter even than the natural period of vibration of the

member. In the analysis, dynamic effects, material and geometric nonlinearities and

instability need to be considered. Several analysis methods are developed to predict

the potential against progressive collapse. The issues related to these analyses are

discussed in this chapter. In addition, the protective design methods, mentioned in

chapter 1, for steel and reinforced concrete structures are reviewed and presented in

this chapter.

2.2 Case studies

New York's World Trade Centre (WTC) collapsed on September 11, 2001 and

subsequently the Pentagon building was attacked on the same day. In these attacks

almost 3,000 people were killed. The US embassy bombings in Tanzania and Kenya

on August 7, 1998 killed 225 people. Prior to this, the Murrah Building collapsed

following the Okalahoma City bombing in April 19, 1995 killed 168 people.

Numerous investigations have been conducted and several interesting findings were

reported after these attacks. In order to avoid these catastrophes in the future, it is

important to study and learn from these events. Such attacks remind structural

engineers of the importance of providing a minimum level of structural robustness to

buildings for minimizing the number and the severity of causalities. Previous studies

reveal that collapse can be lessened or be avoided by incorporating redundancy into

frames that can provide multiple load paths and help transfer the loads away from

damaged columns.

11
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2.2.1 Ronan Point (Pugsley, 1968)

The 22 storey Ronan Point flats collapsed in progressive manner in 1968 due to the

natural gas explosion in the 18th floor (Fig. 2.1). This explosion knocked out the

corner walls of the apartment. As there was no structural support for the walls

directly above, the floor 19 collapsed, then floor 20 and so on, propagating upward.

The main reason for the collapse was that the walls were not tied sufficiently

together and reinforced. The above floors fell onto level 18 with sudden-impact

causing the collapse progressively from floor 18 to the ground. The Ronan Point

Collapse led directly to the current regulations for robustness namely the tying force

method and specific resistance design for the load of 34 kN/m .

Fig. 2.1 Ronan Point collapse

2.2.2 The Murrah Building (FEMA-227,1996)

The nine storey Murrah building was designed as an ordinary moment frame. Its

overall dimensions were approximately 67 m in the east-west direction and 30.5 m in

the north-south direction. The building consisted often 6.1 m bays in the east-west
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direction, two 10.7 m bays in the north-south direction. Transfer girders were

introduced along column line G at the third floor to enhance aesthetic and to

facilitate ground floor more access (see Fig. 2.2). This girder supported intermediate

columns, thereby providing 12.2 m column spacing at the ground floor. The typical

floor-to-floor height was 3.96 m for the third through eight floors. There was a

massive explosion in front of the building. From the produced crater size, soil

condition and the carrier vehicle, the bomb size was estimated and it was equivalent

to 1800 kg of TNT. The centre of the explosives was 1.4 m above the ground surface

and located about 2.1 m east and 4.3 m north of column G20 (Fig. 2.3) (Mlakar,

1998).

Fig. 2. 2 Site plan for Murrah Building (FEMA 227,1996)

\^z-/^\ K<» ,-'
Cekrrr G» W^—"" ̂ - ^ - ' "

Fig. 2. 3 Location of bomb and dimensions of crater (Mlakar, 1998)
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In the incident one column was destroyed by brisance and another two by shear,

however because of the use of transfer girders this cause removal of support to a

further 4 perimeter columns, see Fig. 2.4. It is interesting to note that even if the

building were designed as per GSA guidelines, it would have been unlikely to

survive in tact because GSA require the removal of only one column on either the

short or long direction in the analysis for progressive collapse (Mlakar, 1998). The

behaviour of this building is considered in more detail in Chapter 5.

Fig. 2. 4 The Murrah Building after collapsed (FEMA 427, 2003)

2.2.3 The Khobar Towers

Khobar Towers was a housing complex built in the Saudi Arabia in 1979 near the

city of Dahran. This was essentially unoccupied until the first Gulf War in 1990.

During and following the war the coalition forces occupied the Towers which

comprised of a living quarters (high-rise apartments up to eight stories tall), office

space and administrative facilities. The perimeter of the US, French, and British area

was surrounded by a fence and a row of Jersey Barriers, Fig. 2.5. There is a parking
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lot outside the northern perimeter which is adjacent to a park and a small group of

houses. A terrorist truck bomb exploded outside the northern perimeter of Khobar

Towers on June 25, 1996.

300 mm

50 mm • • < 1 2 " ) •

1070 mm
(42")

255 mm
(10")

75 mm
(3")

820 mm
(52'/,")

Fig. 2. 5 Typical Jersey barrier

The Defence Special Weapons Agency concluded that the truck bomb exploded with

the force close to 9,000 kg (20,000 pounds) of TNT (House Armed Services

Committee, 1996). There is no information publically available about the type of

explosive used. The effect of an air burst was more dangerous because of the truck

used formed a crude form of shape charge and the high clearance between the

ground and the truck (Grant, 1998). Stand off distance of this blast was 32 m (105

feet) as shown in Fig. 2.6 (Grant, 1998).

Fig. 2. 6 Truck bomb exploded on Khobar Towers (Grant, 1998)
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(a) Crater resulting from the bomb (b) North face of the building

Fig. 2. 7 Khobar Tower after the blast (House Armed Services Committee, 1996)

Nineteen American service personnel were killed and more than 200 were injured

along with hundreds of Saudi citizens and Third Country Nationals that were

injured, although arguably the casualties were light given the scale of the attack. The

blast blew out windows throughout the compound and created a crater of 26 m (85

feet) wide and 10.6 m (35 feet ) deep (Fig. 2.7.a). As the blast waves hit building

131, they propelled pieces of the Jersey Barrier into the first four floors. The outer

walls of the bottom floors were blown into rooms. As there was no structural support

below, the facades of the top three floors sheared off as shown in Fig. 2.7.b and fell

into a pile of rubble (House Armed Services Committee, 1996). The sequence of the

damage in the building is shown in Fig. 2.8.
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(a) (b) (c)

Fig. 2. 8 Sequence of damages in the Khobar Towers (a) Truck bomb explodes

near to the northern face, (b) Jersey walls propell in to the first four floors of facade,

(c) top three floors of facade are sheared off

FEMA - 427 (2003) states the reasons for the survival of buildings that 'The building

was an all-precast, reinforced concrete structure with robust connections between the

slabs and walls. The numerous lines of vertical support along with the ample lateral

stability provided by the "egg crate" configuration of the structural system prevented

collapse'. In other words, the building survived because of the closely spaced walls

that provided ample alternate load paths, and the precast panels which reduced the

prorogation of blast and high velocity fragmentation and reduced the loads

transmitted onto connections. The building was designed to BS8110 and the

minimum tying force provided is believed to have helped contribute to the

robustness as it kept the precast units tied together maintaining structural integrity

2.3 Codes and standards

2.3.1 United Kingdom

The Building Regulations (2004) classify buildings into 4 categories (1, 2A, 2B and

3), see Fig. 2.9. Class 1 structures are expected to have a low risk of experiencing

severe blast or impact, therefore additional measures are not required to avoid
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disproportionate collapse. Class 2A, 2B and 3 structures need to be designed to

prevent such a collapse. In class 2A, beams and their connections are designed as

horizontal ties and anchorage of floors to walls must be ensured. Similarly, beams

and their connections of Class 2B structures are designed as horizontal ties (Fig

2.10) and one of the following designs is carried out: (i) columns and their splices

are designed as vertical ties, (ii) alternate load paths are ensured by considering the

removal of columns, (iii) load bearing members, key to stability are designed as key

elements. Class 3 structures are designed considering all the design issues given in

Class 2B. In addition to this, a risk assessment on the structure needs to be

undertaken for normal and abnormal hazards.

BS5950 suggest three ways to avoid disproportionate collapse: minimum tying

forces, designing as key elements or localizing tne damage. The tying approach

suggests the tying capacity of the connection to be at least equal to the ULS shear

force (i.e. using 1.4 dead +1.6 imposed) or 75 kN which ever is less. It is very

simple to adopt in practice and most of the industrial connections meet this

requirement without any problem. It assumes that the load at the time of damage is

equal to dead load plus l/3rd of imposed load. This assumption allows columns to

redistribute the load from the removed column comfortably, as the design shear force

is higher than that of accidental load. The provision did not have any scientific base

(Menzies and Nethercot, 1998). To transfer the accidental load, the beam-column

joints need to have sufficient rotation ductility. This approach is salient about the

requirements for the joint ductility and does not consider the dynamic effect due to

sudden removal of column.



19 Chapter2Literature Review
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Fig. 2. 9 Classification of buildings adopted in UK (Building Regulations, 2000)
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Fig. 2.10 Members, designed as ties
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If the building frames are unable to satisfy the above provision, BS 5950 clause

2.4.5.3 recommends not more than 15% of the floor or roof area or 70 m2 (100 m2 in

EN 1991-1-7) whichever is less at the relevant level and at one immediately

adjoining floor or roof level, either above or below it. However, even if the corner
f

bay satisfies the requirements for tying force method, it will certainly fail because of

no alternate load path. In this situation, this clause allows the limited and localised

damage. If the area at risk of collapse exceeds the above limits due to removal of

support to a column or to an element of a system, that column or element should be

designed as key elements for the accidental load of 34 kN/m2 specified in BS 6399-1

(clause 12). The value of 34kN/m2 was adopted with reference to the pressure of gas

explosion which led to failure of load bearing wall at Ronan Point. This load may

not be appropriate now, as the buildings have a high risk of experiencing vehicle-

borne improvised explosives which produces huge pressure.

2.3.2 European Union Regulations

The provision, adopted in the Eurocodes is same as that of UK, except the factored

tensile loads for internal and external ties, and the area of localised damage which is

equal to 15% of the floor or roof area or 100 m2 whichever is less. The tying capacity

of the connection is at least equal to the ULS shear force (i.e. using 1.6 dead + 0.8

imposed) or 75 kN which ever is less. The partial load factor for imposed load,

adopted in Eurocode (EN 1990, 2002) is half of that of BS. Similar to BS, Eurocode

does not have any provisions for the joint ductility and dynamic amplification due to

sudden removal of column.

2.3.3 United States of America

General Service Administration (GSA) - Progressive Collapse Analysis and

Design Guidelines for New Federal Office Buildings and Major Modernization

Projects (2003):

GSA is an organisation which provides the guidelines to be followed by federal

offices in order to improve public services. It sets out some guidelines to check

whether the building needs to be analyzed for the progressive collapse, through a set
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of flow charts on the basis of occupancy and functional use. It also suggests three

progressive collapse analysis methods: linear elastic static, linear elastic dynamic,

and nonlinear dynamic. For nonlinear analysis, it provides acceptance criteria such

as the maximum ductility ratio which is defined as the ratio of yield to ultimate

strains and end rotation for steel and reinforced concrete structures.

For linear elastic static analysis of a structure, GSA suggests the following vertical

load to be applied in the downward direction:

Load = 2 (^+0 .25^ (2.1)

where gt~ self-weight of the structure; and $&- live load of the structure.

As the work done by suddenly applied load will be twice that of gradually applied

load, a dynamic amplification factor of 2 is used. This factor is arrived without

considering any damping effects (i.e., energy dissipation due to yielding of

reinforcement and concrete cracking), hence it is conservative.

For linear elastic dynamic and nonlinear dynamic analysis, GSA suggests same load

without dynamic amplification factor, as the dynamic analysis incorporates the

amplifications of response due to sudden removal of column.

The following cases of column removal should be considered for framed or flat plate

structures (excluding soft storey buildings in which the ground floor does not have

any partitions. The ground floor is used for car parking, hence the removal of interior

column needs to be considered) as shown in Fig. 2.11.

1. Removal of a 1st storey column near or at the middle of the short side of the

building

2. Removal of a 1st storey column near or at the middle of the long side of the

building

3. Removal of a 1st storey column at the corner of the building
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H 1
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Fig. 2.11 Analysis case - Top view

The GSA also recommends the localization of damage. The damage should not be

more than the structural bays directly associated with the removed column or 167 m2

in the case.of the removal of an exterior column or 334 m2 for an interior column (at

the floor level directly above the instantaneously removed column) whichever is less.

This value is high in comparison with British Standards (70 m2).

In linear elastic analysis, the failure of members or their connections can be

assessed by using a method termed Demand-Capacity Ratios (DCR), where:

(2.2)

Where

QUD = Acting force (demand) determined in the component or connection/joint

(moment, axial force, shear, and possible combined forces)

QCE = Expected ultimate, un-factored capacity of the component or connection/joint

(moment, axial force, shear, and possible combined forces)

Basically, the DCR is a reverse of factor of safety. The linear elastic analysis ignores

the energy absorption due to yielding of members and joints. The absorbed energy

reduces the effects of accidental load. This benefit is taken into account indirectly by

allowing the DCR value more than 1. The DCR values for steel and concrete

buildings are arrived from the experiments. For reinforced concrete structures, the

DCR should be less than or equal to 2.0 in the case of typical structural
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configurations and 1.5 in the case of atypical structural configurations. For steel

frame buildings, the DCR depends on the member and its failure criteria (GSA-Table

5.1). To determine the capacities, the expected material strength, calculated by

multiplying the design strength of the materials with the strength increase factor

(ratio of dynamic strength to static strength of material) can be used, as the load is

applied suddenly. The strength increase factor for both concrete and reinforcing steel

is considered as 1.25. In dynamic analysis, the duration for the removal column has

significant impact on the response of the structure. Normally, blast produces load

associated with strain rates in the range of 102-104 s"1 (Ngo, et. al., 2007). This high

strain rate causes sudden failure of column, for example, the time taken to reach the

concrete strain of 0.0035 is around 0.035 mSec (considering the strain rate of 102 s"

'). In other word, time period for the removal of column is less than 1/200 of the

natural time period (say 10 mSec). It is very difficult to carry out the progressive

collapse analysis for this impulsive load. Hence, the GSA recommends that the time

period for the removal of column should not be more 1/10 of that of the natural time

period of vibration. This assumption provides less than 2 percent error in the results.

This is explained in Fig. 2.12. In this figure, / ' i s the column reaction; Tr is time

duration for the removal of column and J^is the natural time period of the removed

column. For T/T^= 0.1, the dynamic load factor (DLF) is 1.98 with 2 % error. For

T/TN = 0.25, the DLF is 1.9 with 5% error.
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Fig. 2.12 Maximum response of SDF system for gradually applied load
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US Department of Defence (2001) Progressive Collapse Design Guidance:

The main objective of this document-is to provide guidelines for minimizing the

casualties from terrorist attacks. This document considers two-or three-dimensional

static or dynamic linear elastic or nonlinear analysis methods and provides detailed

guidelines for the procedures. In the analysis, one column or one beam is removed at

any level within the structure in the case of moment resisting frame systems. The

possibility of progressive collapse can be determined through an iterative analysis

for linear elastic methods. In the iterative analysis, the members whose fixed

moments exceed ultimate moment capacities, are removed and replaced with fixed

moments equal to their corresponding ultimate moment capacities, and then the

structure is reanalyzed. If the member fails by, shear or compression, then the

member is considered to have fallen on the element below it and the dynamic impact

of the debris should also be included in the analysis. For linear elastic dynamic and

nonlinear analysis, the DoD guidance suggests the following load:

Load=^0.5£fK).2^ ' (2.3)

where w/=design lateral wind load.

When the static analysis is carried out to assess the building against progressive

collapse, the DLF of 2.0 is used to account for deceleration effects. Due to the

importance of defence building, the partial load factor of 0.5 is used for imposed

load (instead of 0.25). It also suggests that all floors should be designed to withstand

load reversals with a net uplift load equal to the dead load plus one-half of the live

load. It recommends acceptance criteria for nonlinear analysis such as maximum

ductility and rotation for steel and reinforced concrete members, in common with

GSA guidance. It also recommends the localizing of damage through damage

criteria. For framed systems, the damaged area should not be greater than one bay in

any direction from a column. For other framed systems, the damage area should not

be greater than 70 m2 or 15% of the floor area. This provision is similar to British

Standards. The DoD provisions are same as GSA except the partial load factor of

imposed load.
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2.3.4 Canada

The National building code of Canada (1995) covers structural integrity under the

design requirements of section 4 and explained preventive design considerations in

Commentary C. This Commentary includes a statement that buildings designed in

accordance with Canadian Standards Association (CSA) design standards encompass

a sufficient degree of structural integrity, generally through the detailing

requirements for connections between components. Nevertheless, it suggests that

special attention needs to be paid to medium/high rise buildings, made up of

components of different materials, whose interconnection is not covered by CSA

design standards, and for the buildings exposed to severe accidental loads such as

vehicle impact or explosion. It is more general and does not suggest specifically

about the control of accidental events, the design of key elements to resist accidental

loads, the design of ties, the possibility of alternate paths for support, and the

localization of damage to avoid the spread of collapse. The protective design against

progressive collapse is not directly addressed in the code.

2.4 Progressive collapse

If the removal of load bearing members causes a failure which propagates laterally

as well as vertically for substantial distances from the triggering local failure, then

the failure is termed a progressive collapse. As the collapse is not proportionate with

the effects caused by the accidental load, the collapse is also termed as a

disproportionate collapse. After the Ronan Point incident, Countries like the UK,

USA and Canada proposed guidelines to avoid progressive/disproportionate

collapses. For the past three decades, research has been focussed on how to

economically avoid progressive collapse, and whether the codal provisions are

adequate to safe guard structures. The provisions regarding tying, made by British

Standards do not have a scientific basis, although the quality of structural robustness

can often be recognised (Menzies and Nethercot, 1998). This is explained with an

example of 3 storey building by Liu (2001). The author performed a non-linear

analysis on the building, designed as per BS 5950: Part 1:2000, for the removal of a

column using LS-DYNA and concluded that the minimum tying capacity required as

per BS 5950-1:2000 is not adequate to safeguard the building against progressive
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collapse. Similarly, to evaluate the competence of USA codes, such as ASCE 7-02,

ACI 318-02, facilities standards for the public building services and progressive

collapse guidelines of GSA, in providing the robustness against progressive collapse,

Nair (2004) carried out a case study on buildings which collapsed progressively

earlier. Those buildings were designed based on the above standards and analysed to

estimate their possibility of survival. The results could not consistently provide

assurance against progressive collapse of those buildings (Table 2.1). These studies

necessitate the revision in the code/standard provision.

Table 2.1 Results obtained from case studies (Nair, 2004)

Weald itse of these
codes and standards
in their design have
impr&vod the
performance of
Rattan Ptittit, Murrah
anJWTC?

I % § s |
I

ASCE 7-02 H I M
ACI 318-02
GSA-. PBS, 2000
GSA...PBS, 2003
GSA PC Guidelines .H f N i H

2.4.1 Analysis to predict potential for progressive collapse

Following the 1995 bombing at Oklahoma City severar methods have evolved for

assessing the potential of buildings to resist progressive collapse. Gilmour and Virdi

(1998) developed a computer code to carry out the collapse analysis of reinforced

concrete plane frames using the quasi-state finite element approach. This programme

was divided into three parts: namely local damage analysis, alternate load path

analysis and debris load analysis. They carried out local damage analysis using the

single degree of freedom approach. Alternative load path analysis was carried with

50 % of end moments and shears, obtained from the previous analysis, which were

then applied to the rest of the structure and then these loads were incremented up

until they reached 100% of their original value. At the end of each iteration, the

failed member was eliminated and the frame was re-analysed. Once the alternative

analysis was completed, the debris load analysis was carried out with the additional

factored debris load (1.25 times debris weight).

Guo and Gilsanz (1999) carried out progressive collapse analysis in accordance with

GSA guidelines for a flat slab and rigid frame structure designed for basic
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requirements, using the FLEX code. This is an explicit, nonlinear, large deformation

transient analysis finite element code for the analysis of structures subjected to air

blast, fragment and ground shock loadings. In the modelling of flat slab structures,

each slab-column joint modelled using two non-linear rotational springs rotated

about two horizontal axes. Similarly, in the modelling of rigid frame structures, non-

linear rotational springs were used in each beam-column connection/joint. The

spring was defined by rotational stiffness, ultimate bending moment and maximum

rotation of the joint as shown in Fig 2.13. The strain energy due to strain hardening

was neglected since the effects were negligible on the end results. The authors

concluded that the structure which satisfied only basic requirements was very

vulnerable to progressive collapse. The reanalysis was carried out for the flat slab

structures considering the continuous reinforcing steel detailing. The results

indicated a high potential for progressive collapse. Similarly the reanalysis was done

for the rigid frame structure in which the capacity of joints and spandrel columns

were increased by a factor of about 2.0 and the results still showed a high potential

for progressive collapse. In all the analyses, the damage was limited to bays

supported by the damaged columns. In the analysis, they considered ultimate

bending moment, rotation capacity and indirectly shear force as damage parameters

and did not consider the catenary action of beams.

Ultimate bending moment

Rotational stiffness Maximum rotation of joint

Rotation

Fig. 2. 13 Definition of spring

Kaewkulchai (2003) developed the software to simulate the dynamic behaviour of

planar frames up to, and through to collapse. This software considered geometric and

material nonlinearity, and strength and stiffness degradation using damage index

concepts. The author carried out progressive collapse analysis of planar frames using

the alternative load path method. He analysed the planar frame both in deformed and
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un-deformed configuration and reported that the difference in the response was much

reduced. He also showed that the damage appears only to the collapsing bays.

Guo and Gilsanz (2004) proposed the procedure for nonlinear static analysis with an

example of a six storey concrete building. In this analysis, a load, proportional to the

reaction of the removed column was applied, and then increased gradually to

characterise the pushover curve of the structure. The area below the pushover curve

is the energy that the structure can absorb, and this energy is divided by the

corresponding displacement to obtain the capacity curve. The load curve was drawn

straight equal to the reaction of removed column (Fig. 2.14). The load and capacity

curves were used to measure the vulnerability to progressive collapse. The authors

considered that, (i) if the reaction was less than half of the yield strength of the

pushover curve, then the structure was categorized as having a low potential for

progressive collapse and (ii) if the reaction was greater than the maximum strength

of the pushover curve, then the structure was categorized as having a high potential

for progressive collapse. The potential energy lost when the equivalent reaction was

applied to the removed column is more than that of when the gravity load was

applied. Hence, this is a conservative approach for predicting the potential for

progressive collapse. This kind of push over/down analysis is more useful is case of

seismic analysis, as the locations of formation of plastic hinges in the frame are not

possible to predict. In case of progressive collapse analysis, the failure mostly occurs

on either side of the removed column; hence the detailed analysis can be done using

nonlinear dynamic analysis.

Pnsfesva Can.-* jS

I I

Fig. 2.14 Pushover, capacity and load curves
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Marjanishvilli (2004) presented an effective analysis procedure for progressive

collapse. The response of the structure was evaluated starting with a simple static

linear analysis and proceeding increasingly to complex methods until results make

sure that the possibility of progressive collapse was low. The progressive collapse

analysis consisting of linear and nonlinear static analysis, linear and nonlinear

dynamic analysis was shown in Fig. 2.15.
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Fig. 2.15 A methodology for progressive collapse analysis
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Rahimian and Moazami (2004) proposed a new method for enhancement of the

structural integrity requirement based on 3D computer analysis, incorporating

geometric and material non-linearity and the membrane forces generated by

diaphragm action. They studied three dimensional behaviour of a frame with slab

using "LARSA", which is an integrated linear and non-linear finite element analysis

and design program. The tensile capacities of concrete and metal deck were ignored

and a maximum strain limit of 5% was adopted. Finally, they concluded that the

system did not depend on the tying capacity of the connection, and force equilibrium

was maintained after removal of the column by the radial tensile forces, created as a

result of the dishing action, and compressive hoop stress as shown in Fig 2.16. They

did not discuss the tensile and compressive strengths of the floor slab, and how much

reinforcement was provided to resist the tensile force, since the stress pattern

changes with the amount and distribution of reinforcement and cracks in the slab.

Importantly, they also concluded that beams need to have full plastic moment

connections throughout the span to behave successfully as members in a catenary.

Fig. 2.16 3D catenary action of the composite floor system (Rahimian, 2004)

2.4.2 Protective design for mitigation of progressive collapse

In the preventative design for mitigation of progressive collapse, the load from the

removed column is transferred through one or more of the following methods:

catenary action, beam action and diaphragm action. The design, using only beam

action is very expensive and straight forward. British Standards suggest catenary

action indirectly through the specification for structural integrity. Astaneh-Asl, et al

(2001) carried out an investigation to study (i) the potential of typical steel structures
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to the prevent progressive collapse by redistributing the removed column load

through catenary action and; (ii) the performance of connections when subjected to

large deformations and large catenary forces. The test frame had four bays,

consisting of two 3.05 m (10 ft) exterior bays and two 6.1 m (20 ft) interior bays, in

the longitudinal direction and one bay in the transfer direction with a width of 5.5 m

(18 ft). The steel frame, shear connections and a concrete slab were designed to

satisfy the US code requirement. The 20 gauge steel deck was connected to the

beams with welds and shear studs. Hence, the ripping and tearing failures of deck

slab were isolated. As a result, the strength of the system was not influenced by the

steel deck. The thickness of the floor slab was 160 mm. Extra cables were provided

in addition to reinforcement mesh in the plane of the removed column. The beam-

column joint designed with the bolted seat angles plus a bolted single angle on the

web. Similarly, the beam to beam connection was designed with standard shear tabs.

In the experiments, the author found that the catenary action of the beams and steel

appeared to be adequate provided that the connection has sufficient ductility.

However, they did not carry out any parametric study to propose design guidelines

based on the catenary action. This experimental result provides an opportunity in

research to validate finite element model of catenary action.

Kuhlmann et al. (2008) carried out an experiment to study the robustness of an office

building under the removal of column. The test frame, adopted from the composite

building, was composed of two 1.5 m exterior bays and two 4 m interior bays. It was

designed as per Eurocode 4 (EN 1994-1, 2005). The composite beam-column

connection is shown in Fig. 2.17. In the experiment, the vertical load was applied to

the central column until collapse. The maximum load of 114 kN was reached for a

maximum vertical displacement of 775 mm and the ultimate rotation of the joint was

10.89°. Finally they have concluded that the progressive collapse can be prevented

by robust design. They have not mentioned how far the robustness was realized. The

conclusion may not be valid for all the cases due the following reasons:

1. Safety of frame: The failure load of 114 kN is equivalent to 7.13 kN/m2

approximately. The dead load and super imposed load (ceiling and finishing)

from the slab were 3 kN/m2 and 1.5 kN/m2 respectively. The imposed load



SS ^ Chapter2Literature Review

for an office building as per Eurocode 1 (EN 1991-1, 2002) is 2.5 fcN/m2.

From these loads, the accidental load is calculated as per British Standards

(BS 6399-1) which is equal to 5.33 kN/m2. The frame is safe with a factor of

safety of 1.34. At the same time, the dynamic effect due to sudden removal

of column is ignored. If the dynamic amplification factor of 2.0 is considered

as per GSA (2003), the frame will certainly fail.

2. Ductility of frame: In case of simple and semi rigid connections, the rotation

ductility is roughly estimated as a ratio of the displacement of extreme bolt

row to lever arm (distance of the extreme bolt row to beam bottom flange).

The displacement of extreme bolt row mainly depends on bending of end

plate and column flange. For most of the connections, the thickness of end

plate and gauge distance for bolts are same. The displacement of extreme

bolts can be reasonably assumed to be 20 mm. As per above definition of

joint ductility, the rotation capacity of the connection is equal to 10.30°

(lever arm =110 mm; joint rotation = tan"1(20/110) = 10.30°), resembling

that of experimental result. In most of the office buildings, the width of bay

will be 9 m and more. In that case size of the beam is huge and low ductility

will result. For example, for UB533 beam, the lever arm is 430 mm, resulting

in the rotation capacity of 2.67°, inducing premature fracture attributed to

low ductility.

I
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Fig. 2.17 Cross section of the composite joint (Kuhlmann et. al., 2008)

More literatures have been reviewed about the estimation of blast load, the dynamic

analysis of column and catenary action in the steel framed building, and presented in

subsequent chapters.



Chapter 3.

Direct Design Methods:

Protective Design for Steel

Framed Structures

3.1. Catenary action in simple connection frames

After the removal of support to an intermediate column, the accidental load may be

redistributed through the catenary action. In catenary action, beam and beam-column

connections are under tension; hence sufficient tensile strength (tying capacity) for

the connection needs to be maintained to redistribute the load to the column. The

phenomenon of maintaining the connection without failure termed as structural

integrity. The British Standard BS5950 proposes the requirement for structural

integrity based on the shear capacity of the connection.

Catenary
Action

Fig. 3.1 Catenary Action

34
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The rationale behind the provision of tying between members (the tying force

approach) is that by providing beam joints with sufficient tensile strength, floors

should be able to span between undamaged columns by catenary action, a process

which is sketched in Fig. 3.1. This approach assumes fairly that the loading on a

structure at the time of damage will be significantly less than the ultimate limit

state(ULS) load , with the load at the time of damage assumed to be equal to V3rd of

the imposed load plus 1.05 of the dead load. Since it is a requirement that the tying

capacity of the connection be at least equal to the ULS shear force (i.e. using 1.4

dead + 1.6 imposed), then the tying force substantially exceeds the shear force at the

connection. Floor beams therefore will need to rotate by 20 to 30 degrees to the

horizontal in order to achieve equilibrium under the applied loads.

These simple calculations ignore the dynamic amplification of the tying force. These

amplification of forces occur as a result of the additional tying force needed to

absorb the kinetic energy generated by the downwards movement of a heavy object

such as a subsection of a building. Since the tying force method assumes large

displacements, these additional loads will be significant, because any movement will

generate significant momentum in the building. Therefore, static calculations provide

only a lower bound estimate of the tying force needed to arrest the fall. If a more

complicated dynamic analysis is carried out, then one must assume a time for

removing the support from a column or columns. US guidance (GSA, 2003)

recommends that the time period for this event should not be more 1/10* of that of

the natural time period of the column. Shock waves from high explosives are capable

of destroying columns almost instantaneously by a fracture process called brisance.

Since rapid column removal leads to rapid accelerations, the additional force needed

to decelerate the structure results in the dynamic amplification of tying forces. This

process is illustrated in Fig. 3.4. The University of Sheffield have published research

carried out for a PhD project into catenary action (Liu et a/, 2005). This has shown

that the forces generated during catenary action substantially exceed those currently

assumed in design.

Progressive collapse analysis has been rapidly evolving in the USA and guidelines

for New Federal Office Buildings in the USA (GSA, 2003) provide useful

information on the treatment of the dynamic amplification of loads. In their approach
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the loading during a damage scenario should be doubled to account for deceleration

effects, if a static (linear elastic) analysis is carried out. By omitting this effect the

UK approach could in certain circumstances underestimate tying forces.

-1—V-

1

-«-
• * -

- « -

• * -

• • - 1-f
(a) Design load (b) Catenary load (c) Rupture

Fig. 3. 2 Prying and catenary action

Connection Ducti/ity. The Building Regulations place no requirement for joints to

have sufficient ductility (rotation capacity) in order to tolerate the rotations necessary

to generate catenary action. The result of this regulatory freedom is that the tensile

(tying) capacity of industry standard connections, such as those presented in the

design guide of Steel Construction Institute (SCI, 2002) are calculated in the absence

of any rotation, see Fig. 3.2(a). However, only a small amount of rotation is

necessary to cause the prying sketched in Fig. 3.2(b). Horizontal equilibrium of the

joint dictates that the reaction generated between the beam and column flanges must

reduce the tying force capacity of the joint, leading to fracture at a fraction of design

tying force.

Inspection of the catenary action approach quickly reveals other unresolved

questions. For example it is not clear how catenary action is to generate the required

anchorage to support columns located next to corner columns in buildings. Corner

columns cannot provide anchorage, although diaphragm action in the slabs may

provide the lateral restraint needed to support a catenary. Moreover, tying could

conceivably widen progressive collapses as the additional weight of the unsupported

frame could lead to the buckling of previously undamaged columns in a process

known as drag down.
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3.2. Methodology used to determine the factor of safety against

collapse

An analysis of catenary action is presented herein, in an attempt to quantify factors

of safety against collapse. Ideally this would be carried out using a fully non-linear

dynamic finite element analysis of a building. Such a method has the potential to

yield accurate results, but would take a great deal of time and resource. Instead a

relatively simple analysis is presented, with the aim of bounding the likely factors of

safety against collapse. Thus, a best case and a worst case scenario are considered,

with the real solution laying somewhere between these values.

The basic assumptions in the analysis can be summarised as follows:

Assumption 1: Accidental limit state loading

During the member sizing fully glazed cladding was assumed. This load was

removed during the accidental limit state because it was assumed that blast would

have destroyed the glazing. During the accidental limit state 1.05 dead load + l/3rd

of imposed load was assumed.

Assumption 2: Columns remain in line

The composite metal deck slabs are stiffened throughout the building by the

arrangement of secondary and primary beams bonded together by shear studs. It is

believed that this relatively stiff composite arrangement of elements will create a

floor plate with a great resistance to the relatively small shear forces that are

introduced into the system by the tying force imposed during catenary actions

Therefore it is assumed that the columns will not translate sideways following the

removal of column.

Assumption 3: Slab tensile strength, Tsiab

The tensile strength of the slab has been included in the analysis of catenary action,

in order to mobilise all available strength. The slab strength, Ts/ab = Tded + ^mesM

where T^f is the strength of the profiled metal decking and Tmes/, is the strength of

the mesh reinforcement embedded in the slab. The failure of profiled sheet subjected

to tension occurs because of insufficient end distance, box shear failure or bearing

failure. The minimum centre-to-centre spacing of stud shear connectors should be
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five times nominal shank diameter along the beam (BS 5950 - 3.1:1990, clause

5.4.8.4.1). Furthermore, the end distance for profiled sheet measured to the centre

line of the studs should not be less than 1.7 times the stud diameter (BS 5950-

4:1994, clause 6.4.3). Because of these provisions the critical failure mode is in

bearing, as shown in Fig. 3.3. Hence, the maximum tying force carried by profiled

sheet per metre in this example was 42 kN, which was calculated using the

following:

.J^JV.dJ.pt . (3.1)

Where,

N\% the number of shear studs used to connect an edge of profiled sheet on

beam normal to sag per metre.

*/is the diameter of shear studs.

/is the thickness of profiled sheet.

Pi is the bearing strength of profiled sheet.

Tmes/, be calculated by multiplying the area of reinforcement per metre with the yield

strength of reinforcement, which equals 65 kN/m run. These provide a total tensile

capacity of the slab, Ts equal to 107 kN/m run.

Failure

\

Fig. 3. 3 Failure of Profiled Sheet

Assumption 4: Dynamic load amplification

As stated earlier when support to the the column is removed, potential energy is

converted into the kinetic energy as well as strain energy. The frame will then

vibrate until all the kinetic energy is absorbed. The maximum tying force generated

during this process can be represented by the final at rest tying force, multiplied by

the dynamic amplification factor (DAF), see Fig. 3.4. The magnitude of the DAF

will depend on the amount of damping present in the system, as well as the time

duration of column removal. Fire would let a column down slowly and produce a
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DAF of 1.0. At the other extreme, a brisance failure in the column would represent

an instantaneous column removal. The extent of damping is very difficult to estimate

without full scale experimental tests. If the system were undamped, then the DAF

could be in the region of 2.0.

DAF = 1.8

Hi
*• At rest tying force

Time after column failure

Fig. 3. 4 Illustration of the dynamic amplification for tying force

Method for estimating Factor of Safety against collapse

After removal of the support to column C, the beams ACB shown in Fig. 3.5 act like

an inverted three hinged arch as shown in Fig. 3.6. This is a determinate structure,

with the horizontal thrust at the support {//) given by:

1
ZXan.0

(3.2)

Where

Wj is the reaction from the secondary beam

W^ is the reaction from the main beam C-Q plus the weight of column for

that storey

q'vs, the UDL acting directly onto the beam 'ACB'

Resolving vertically provides the vertical reactions:

F= 0.5 2gl\ (3.3)
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And the tying force is given by:

T= 4 If2 + r1 ' (3.4)

The factor of safety against collapse is provided by dividing Thy the tensile capacity

of the joint. These calculations are relatively simple, with the load Wi easily

determined by multiplying the accidental limit state load by half the area supported

by the beam. Calculating the load W2 is more complex because catenary action in the

slab provides a route by which load from beam CQ can be removed directly from

the system before it emerges into beam ACB.

After the removal of support to the column, the slab deflects downward and

experience diaphragm action. The diaphragm action depends on the anchorage of

slab, i.e. a robust connection of profiled sheet with transverse beam and the

continuous reinforcement mesh across the beam. The slope in the slab varies from

zero at the support where both the columns remain undamaged, to maximum at the

mid-section where removal of column support occurs as shown in Fig 3.5 This

changes in slope causes the upward reactive force. To find the upward reactive force

due to catenary action of reinforcement mesh and profiled sheet, the panels are

divided into one metre strips along AAi from A1C1B1. Let us consider the one metre

strip XZY (Fig. 3.7), located at distance 'x' from the beam A1C1B1. The tying

capacity of XZ and YZ causes upward reactive force at Z which is calculated using

Eq. 3.5. Similarly, the upward resisting force caused by tying capacity of the slab is

calculated for each one metre strip and applied on the beam CCi. It reduces the

accidental load acting on the beam CCi (Fig. 3.8). At the same time, there will not be

any reduction in the accidental load on the secondary beam as no change in angles of

tying force occurs on either side.

j , (3.5)

Where,

fup ~ Upward reactive force caused by slab tying capacity per metre

Zr/ai = Tying capacity of slab

6x\
— = inclination of tying capacity of XZ or YZ, shown in Fig. 3.7.
l )
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Fig. 3. 5 Analysis for Catenary Action
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Fig. 3. 6 Analysis for Catenary Action - Section at 1-1
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Fig. 3. 7 Analysis for Catenary Action - Section at 2-2
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Upward resisting force caused by tying capacity of slab

Fig. 3. 8 Analysis for Catenary Action - Section at 3-3
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Factor of safety for the joint is defined as the ratio between tying capacity of the joint

and tying force acting in the joint. If the tensile strength of slab is mobilised, the

factor of safety depends on the rotation capacity of the joint implicitly. Hence, the

required rotation capacity is calculated by trial and error procedure. On the other

hand, if the tensile strength of slab is ignored, the factor of safety is *an explicit

function of the required rotation capacity.

3.2.1. Case study

Typical Steel Frame

To study the potential for the tying force method to mitigate disproportionate

collapse via catenary action the multi-storey framed building shown in Fig. 3. 9 is

considered as a case study. This frame reasonably resembles many commercial

medium rise office developments. The components of steel frame, including the

connections, metal decking and sections, is designed using industry standard design

guides as presented in the Steel Construction Institute Design Guides, and British

Standards (BS 5950 (2000), SCI (2002) and SCI (1989)). The floor comprises a

125mm thick composite slab, reinforced with A142 fabric reinforcement and formed

on 1.2 mm gauge decking. Composite action between the beams and slab is achieved

with 19 mm diameter, 100 mm high headed studs, spaced at 300 mm centres, i.e., 40

studs in each half span of the secondary beams. For the main beams, the studs are

provided at 450 mm centres, i.e., 22 studs in each half span. The floor slab is

extended by 0.5 m beyond the edge beams to support a curtain wall system. The total

dead and imposed loads are 5.1kN/m2 and 6.0kN/m2 (inc. partitions) respectively and

this provides an accidental limit state load of 7.1kN/m2. All steel is S355 grade

except the end plates which is S275 and all concrete is C35 normal weight. Bolts of

M20 grade 8.8 are used in the beam to column joints. To study the feasibility of

simple connections in resisting accidental load through catenary action the frame is

designed with fin plate, flexible end plate and double angle web cleat connections.

The member and connection details of the frame are shown in Figs. 3.10 to 3.13.
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Fig. 3. 9 Plan of the building
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125 nun Concrete Slab on
Metal Deck \
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Fig. 3.11 Beam - column joint details connections between 533UB and columns,
see Fig. 3.10
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Fig. 3.12 Details of end plate connection
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125 mm concrete slab
on metal deck

<t> 19 mm shear
studs @ 450 mm c/c

<1> 19 mm shear studs
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Fig. 3.13 Details of double angle web cleat connection

3.2.2. Joints Behaviour

3.2.2.1 Simple Fin Plate Connection

Liu et a/ (2004) have developed a design method for quantifying the rotation

capacity of fin-plate connections as part of investigations related to seismic design.

Their method assumes beam rotation is centred about the centroid of the bolt group

and it produces a maximum rotation capacity of 2° for the joint considered in this

study, Fig. 3.11. This limit is perhaps too restrictive for this study; therefore it has

been assumed that rotation occurs about the centroid of the beam, with a total plastic

deformation of the upper bolt hole in the fin-plate of 10mm (corresponding to half a

bolt diameter). Beyond this it is highly likely that the plate will begin to rupture,

initiating fracture due to prying. Using this approach the rotation capacity of the joint

in this design example was equal to 4 degrees, with the resulting deformation of the

bolt group shown in 3.14.
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Design rotation
capacity = 4°

Fig. 3.14 Beam-column joint at maximum rotation capacity

The tensile (tying) capacity of the connection between the primary beams and

perimeter columns shown in Fig. 3.11 were determined using the SCI design guide

(SCI, 2002). The calculations underpinning this capacity assume zero beam rotation,

therefore the tensile capacity holds true only at low values of beam rotation. As

discussed in chapter 1, the prying action will create a reduction in the tying capacity

of the joint. The extent of this decline in strength can be easily gauged by comparing

the design tying force with a rough estimate of the prying force:

The design tying force of the joint = 528 kN

Estimate of prying force = bottom flange area x flange yield stress = 978 kN

Since the prying force is greater than the tensile capacity of the bolt group, prying

will cause the tensile capacity of the joint to fall to approximately zero, to be

replaced by a joint moment. These simple calculations ignore the possibility that

flange buckling will cause a reduction in the prying force and they also ignore the

tensile strength of the slab mesh. However, incorporation of these other factors

would not change the overall conclusion - that prying will substantially damage the

tying force capacity of the joint. In view of this conclusion this study assumes that

the design tying force is maintained only until the rotation capacity is exceeded. Joint

moments are ignored up to this stage of the analysis.

The approximate bending moment that would be developed owing to prying action

in the joint shown in Fig. 3.14 is 166 kN m. A joint moment capacity of 1064 kN m

would, however, be required to support the column damaged in this design example.

Since the moments generated during prying are much less than those needed to
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redistribute loads away from the damaged columns, collapse is assumed after the

limit on rotation capacity is exceeded.

3.2.2.2 Flexible End Plate Connection

The analysis of the beam, after removal of column mainly depends on the response

of the connection which includes the interaction of tensile force, bending moment

and rotation. The behaviour of connection is modelled using the component method

(Yee and Melchers (1986) and Faella et al. (1996)). In the component method, the

joint behaviour is divided into the following components (Fig. 3.15):

• Column web panel in shear

• Column web in compression

• Column flange in bending

• End plate in bending

• Bolts in tension

D Column web in tension

• Beam flange and web in compression

• Beam web in tension

(CWS) COLUMN WEB LN SHEAR

(cwt) COLUMN WEB IN TENSION

(cfb) COLUMN FLANGE IN
'-- 8KJVWNG

END PLATE IN BENDING

(btj BOLTS IN TENSION

(bwt) BEAM WEB INTENSION

f bfc) BKAM Fl-AM. E AND WEB
^ ' IN COMPRESSION

COLUMN WEB IN
COMPRESSION

Fig. 3.15 Components of end plate connections, Source Faella et a/(2000)

The beam flange and web contributes only in the estimation of the joint strength. The

rest of the components contribute both in the estimation of the joint strength and

rotational stiffness. This method is well explained in the book, "Structural Steel

Semi-rigid Connections" by Faella, et al., (2000). The equations to estimate the

strength and stiffness of joint components are presented in Appendix Al . l .
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The strength and stiffness of end plate and column flange in bending is estimated

using an equivalent T stub (i.e., two T-elements connected through the flanges by

means of one bolt rows), presented by Yee and Melchers (1986). Fig. 3.16 shows the

identification of T stubs which is used to estimate the deformations due to the

bending of the column flange and end plate/double web cleats. The T stubs fail in the

following modes: (a) flange yielding; (b) flange yielding with bolt failure and (c)

bolt failure (Fig. 3.17). The failure mode is governed by a parameter ((3U), defined as

the ratio between the flexural strength of the flanges and the axial strength of the

bolts. The resistance and deflection for each failure mode is provided in Yee and

Melchers (1986) and presented in Appendix A1.2. The strength and deformation of

the stub is calculated at different points, such as yielding, strain hardening and

ultimate or fracture points using the method specified by Faella et al (2000). Finally,

the rotation capacity is calculated based on the plastic deformation of T-stubs.
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Column

Beam-Column Joints

Equivalent T
stubs

Beam

End Plate

Fig. 3. 16 End Plate Connection and its T stubs
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Plastic Hinge Plastic Hinge

(a) Flange yielding (b) Flange yielding with bolt failure (c) bolt failure

Fig. 3.17 Failure modes of T stub

In this analysis, the end plate connection shown in Fig. 3.12 is divided into T stubs.

The force displacement curves (Fig. 3.19) of each component including bolts, 2 T-

stubs and column web, up to failure are modelled based on the stress - strain curve

sketched in Fig. 3.18 (Kato et al., 1990). As the ultimate strength of the T stub of end

plate (116.3 kN) is the lowest among the connection components, it is considered as

the weakest joint component. The contribution in the ultimate plastic deformation

from the compression of column web is low and is therefore ignored. The detailed

calculation of resistance and deformation of the joint component is explained in

Appendix A 1.3. The deformation of other components is obtained corresponding to

this axial force. The sum of the deformations (corresponding to 116.3 kN) of the

joint components is the ultimate deformation capacity of one bolt row which is equal

to 29.55 mm. After the removal of support, the columns starts to drop down and the

beams on either side rotate about the joints. The joints are assumed to rotate about

the bottom of end plate. The lateral movement of columns is assumed to be arrested

by the composite slab, as the stiff arrangement of secondary and primary beams

bonded together by shear studs can resist the tying loads without buckling. The

rotation capacity of the connection is 4.33° which is calculated by dividing the

ultimate deformation of the top most T-stub (29.55 mm)-by its distance from bottom

end plate (390 mm).



SI Chapter J Direct Design Methods: Protective Design for Steel Structures

S/ress

fy

Steel

fy

fu

*y

*y

Eh

S275

275

430

0.13%

0.13%

1.43%
55%

S355

355

510

0.17%
0.17%

1.67%

80%

Fig. 3.18 True Stress-Strain Curve (Kato et al., 1990).
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Fig. 3.19 Axial Deformation of Flexible End Plate Joint Components

Beyond this rotation the connection will fail in a prying type action. Small moments

are generated in the connection at this limit of rotation, however they have little

effect on the redistribution of loads and have therefore been ignored, hence flexural

strength of the connection (188 kN-m) is much lower than the bending moment

required to support the damaged column (1060 kN-m). Hence, the load from the

removed column is transferred to the extreme columns only through catenary action,

with the tensile strength of the joint limited to 587 kN and the rotation capacity

limited to 4.33°.
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3.2.2.3 Double Angle Web Cleat Connection

The above component method is used to estimate the rotation capacity of the double

angle web cleat connection. The detailed calculation of resistance and deformation of

the components is explained in Appendix A 1.4. As the ultimate strength of the

double angles (211.68 kN) is the lowest among the connection components, it is

considered as the weakest joint component (Fig. 3.20). The deformation of other

components is obtained corresponding to this axial force. The sum of the

deformations (corresponding to 211.68 kN) of the joint components is the ultimate

deformation capacity of one bolt row which is equal to 17 mm. The rotation capacity

of the connection is 2.5° which is calculated by dividing the ultimate deformation of

top most T-stub (17 mm) by its distance from bottom end plate (390 mm). Similar to

other joints (fin plate and flexible end plate connections), this joint fails by prying

beyond the rotation capacity, as flexural strength of the connection (321 kN-m) is

much lower than the bending moment required to support the damaged column

(1060 kN-m)

250

200 -

Bending of Angle Section
Bending of Column Flange
Shear Deformation of Column Web
Deformation of Bolt

16

Deformation in mm

Fig. 3. 20 Axial Deformation of Joint Components
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3.2.2.4 Summary of joint strengths and rotation limits

The tensile strengths and rotation limits of three connection types have been

estimated and is summarised in Table 3.1.

Table 3.1 Summary of joint strengths and rotation capacity

Type of connection

Fin plate connection

Flexible end plate connection

Double angle web cleat
connection

Tying capacity

(kN)

528

587

1058

Rotation capacity

4°

4.33°

2.5°

Beyond the rotation capacity, the joints are assumed to rupture because of,

1. Prying force, caused by beam bottom flange, is likely to be greater than the

tensile capacity of bolt group.

2. Joints have limited flexural strength, caused by prying action to distribute

the accidental load through beam action

3.2.3 Estimation of factors of safety against collapse

The factor of safety against collapse has been determined for the three scenarios

listed below (Fig. 3.21). Appendix A1.5 contains all of the basic design parameters,

the accidental limit state loads on the catenary and the tying forces necessary to

achieve equilibrium under these loads.

Best case scenario. In this case, the full tensile strength of the slab is considered to

be mobilised and the dynamic effect on the system due to sudden removal of column

is not considered, as these assumptions yield upper bound values for factor of safety.

These assumptions provided the factor of safety of 0.19 in case of fin plate

connection and this can be regarded as an upper bound estimate.

Worst case scenario. It can be argued that the tensile strength of the slab cannot be

relied upon to generate catenary action because it is likely to fracture under large

deformations. It has therefore been ignored in this scenario. In addition, the DAF has
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been taken as equal to 2.0, in accordance with US practice (GSA, 2003). This

provides a factor of safety of 0.08 in case of fin plate connection.

Best guess scenario. In this case, catenary action in the slab is included and a DAF

of 1.5 was assumed, producing a factor of safety of 0.12 in case of the fin plate

connection.
134.64 kN 134.64 kN 82.84 kN 134.64 kN 134.64 kN

2812

(a) Best case scenario

6474

(b) Worst case scenario

202 kN 154.2 kN 202 kN

i 1 i I - i i i i 1 1 I i i i i
4569

(c) Best guess scenario

Fig. 3. 21 Accidental loads on main beam 'ACB' in case of fin plate connection

Using an iterative procedure it is possible to define what deformation is necessary in

the example considered herein, in order to support the damaged column via catenary

action. Assuming that the beam-column joints remain able to transfer their design

tying force (regardless of the rotation), the connections would need to rotate by 24

degrees to the horizontal in order to support the damaged column by catenary action

(assuming full tensile capacity of the slab was mobilised and assuming a dynamic

amplification factor of 1.5), see Fig. 3.22, This would produce the deflected shape

described in Fig 3.23 (a) and would require a downwards movement of 3.84 m. The

resulting joint deformation is shown in Figs. 3.23 (b) and (c). Such deformations are

not possible without fracturing the joints and the reinforcement in the slab. The slab
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is unlikely to possess the ductility required to withstand such a high degree of

deflection because the tensile capacity of the concrete is approximately 245kN/m,

whereas the tensile capacity of the mesh and profile metal deck is only 107kN/m.

Since the concrete strength is high in comparison with the mesh, plastic strains in the

mesh would be concentrated into a few widely spaced cracks, such as the crack

shown in Fig 3.23 (a) and Fig. 3.24. This would lead to an early fracture of the slab

during a progressive collapse.

6.36 kNAn
528 kN

2 0 2 m 202 kN 140 kN 202 kN 202 kN

Fig. 3. 22 Accidental loads on main beam 'ACB' for the calculation of required
rotation capacity

Flexible end plate connection: This connection yields low factor of safety of 0.23,

0.10 and 0.14 for best, worst and best guess scenarios. Its factor of safety is nearly

same as that of fin plate, since tying capacity and the limiting rotation of both

connections are approximately same.

Double angle web cleat connection: This connection also yields low factor of

safety of 0.24, 0.10 and 0.15 for best, worst and best guess scenarios. Although, it

has twice the tying capacity of fin plate connection, its factor of safety is nearly same

as that of fin plate because of low ductility.

3.2.3. Discussions

Insufficient ductility is the primary reason for these low factors of safety, although it

should be noted that this analysis assumed 4 degrees of maximum rotation in the

joints, whereas ductility predictions based on the Liu ef a/ (2004) method show a

limit of 2.17 degrees on rotation. The results therefore suggest that fracture of a

column would lead to subsequent fracture of the primary beam to column joints.

Since the tensile strength of the composite decking is insufficient to bridge the

damaged column, failure would progress to a tensile failure of the slab, leading to a

collapse of the area of building previously supported by the damaged column.
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(a) Deflected shape of frame

(b) Joint (c) Joint C

Fig. 3. 23 Frame at failure

Fig. 3. 24 Crack in composite slab that led to fracture of mesh reinforcement
(Byfield, 2004)
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Since the factors of safety against collapse are less than 0.2 any changes to the frame

layout are unlikely to alter the main finding from this investigation: that catenary

action a/one w/// not prevent progressive co/Iapse. Equally, a more rigorous

analysis, involving the use of dynamic FE analysis combined with full-scale testing

would also not alter this finding. If catenary action is to be used to provide

robustness, then joints would need to be significantly strengthened and provided

with improved ductility. l

The ability of other connections such as flexible end plate and double angle web

cleat connections, to transfer load through catenary action was quantified in terms of

factor of safety using the method presented in section 3. The factor of safety for

these connections was calculated considering a DAF of 1.5 and the full tensile

capacity of slab. In both the connections, the factor of safety was less than 0.1.

A response to this problem could be to improve both the strength and robustness of

beam column connections. However, this may not provide the optimum solution

because high strength connections increase risks from drag down. This is a process

in which collapse progresses sideways as catenary forces drag down undamaged

columns. This is a particular problem with the tying force method, because it is

impossible to predict exactly how many columns would be destroyed by blast or

impact. Therefore it is difficult to assess the design catenary forces. This problem of

drag down also exists if nominally pinned connections were replaced with full-

moment connections. .

Whilst the provision of horizontal tying is an essential component of any good

design, it should not be relied upon to provide support to damaged columns.

Structures that are at high risk from blast or impact should be provided with proven

emergency load paths. These could be out-rigger trusses, as used at the top of the

World Trade Centre Towers, and also used in other iconic structures, such as the 2nd

International Financial Centre in Hong Kong. These fail-safe systems have a proven

ability to redistribute loads from damaged columns. Importantly they do not require

the frame to deform significantly and therefore do not introduce dynamic

amplification to the loads. They are also relatively free from the risks presented by

drag-down. For these reasons procurers of high-rise buildings should be encouraged

to adopt these systems.
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3.3. Beam and catenary actions in semi-rigid connection frames

In multi-storey framed buildings, composite floor construction has become the

dominant structural form due to its strength and stiffness, in comparison with non-

composite construction. In semi-rigid frames, the flexural strength of the connections

is significantly less than that of beams. In order to utilize the full strength of the

beams, the redistribution from support to span is necessary which demands a

significant requirement on the rotation capacity of the connections. Practical design

carried out based on connection strength and ductility, as well as beam strength and

the end rotation required to generate that strength. The required end rotation is

necessary to achieve the design moment of 0.85 Mp. If the available rotation capacity

is greater than the required rotation, the flexural strength of the beam can be

increased between 0.85 and 1.0 Mp. However, it is usual to restrict the design

sagging moment to 0.85Mp because of known problems regarding the ability of

composite connections to accommodate the rotations required to achieve the full

1.0Mp in the span (Byfield, 2004).

When the construction is unpropped, the steel section supports the dead load alone.

As a result, the beam undergoes greater strains, leading to plastification at lower

imposed loads. Consequently, the beam deflects more, and imposes greater demands

for end rotation. The available rotation capacity for industry standard composite

connections are limited at only 32 mrad (1.80°) for S355 beams and 25 mrad (1.43°)

for S275 beams (Byfield, 2004). As there is a limitation on the available rotation

capacity in the design of unpropped composite beams, the maximum design sagging

moment in the beam must be no greater 0.85 Mp and the ratio between the support

and span moments must not be less than 0.3 (Byfield, 2004). Due to the limitation in

available rotation capacity and the insufficient reserved strength for redistribution

(0.85 to l.OAfy, the semi-rigid connection cannot be able to redistribute the

accidental load through beam action.

3.4. Beam and catenary actions in rigid connection frames

Unlike semi-rigid connections, rigid connections have sufficient ductility to

accommodate catenary actions, as the plastic hinges form in the beam, providing the
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strength of the connection exceeds that of the beam. The joint ductility helps in

redistributing the support moment to the span moment. In the double span approach,

the failure takes place at either column core tension field or weak panel zone as

shown in Fig. 3.26. The failure at column core tension field can be avoided by

maintaining discrete beam-to-beam continuity. The beam-to-beam continuity is

ensured by connecting the top and bottom flange of the beams by means of plates.

The dimensions of plates are mainly decided by the design sagging moment of the

beam. The failure at weak panel zone is due to in-plane shear. This can be avoided

by providing the diagonal plate across the zone. Due to the huge joint ductility, the

frame can be able to redistribute the accidental load, after the removal of the column,

provided that the column webs are strong enough against the failures which take

place at core tension field and weak panel zone.

Insufficient strength of column core subjected to -
concentrated forces (eg. web crippling, yielding
Duckling, srxi flange local Deriding) pcieclud&s beam-
to-beam continuity across t

SECTION A -A

ft

- Premature bottle
fracture impedes plastic
rings formation

-l=H=-'

• Wes«< pane) zcne
shear failure impedes
plastic hmge formation

- Removsdfdamaged
column

Fig. 3. 25 Double Span Approach (GSA, 2003)

3.5. Conclusions

The tying force method is a popular low cost means by which to comply with the

Building Regulations concerning robustness. The tying capacity of connections is

generally determined in the absence of beam rotations. When subject to the rotations

required for catenary action, connections can develop a prying action that leads to

rapid failure. If low ductility connections are used with the tying force method the

factor of safety against collapse is estimated at less than 0.2. It is concluded that the
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method will not prevent progressive collapse in steel framed buildings with simple

and semi-rigid connections. In case of frames with rigid connections, the survival of

the steel frame can be increased by designing the beam and beam-to-beam continuity

plate for low design sagging moment (<0.85 AQ, show that the reserved strength can

be utilized to overcome the loss of intermediate column.

The review of bomb damaged buildings indicates that the provision of emergency

bracing is the most effective means of redistributing loads away from damaged

columns. During WWII emergency bracing was provided by stiff masonry panel

walling and cladding. The World Trade Centres were able to survive the immediate

aftermath of the impacts partly because damaged columns were able to hang from

the outrigger truss installed in the top floors. Conversely, the Murrah Building

featured neither of these alternative load paths and lost approximately half of the

floor area following removal by blast of three perimeter columns. It is concluded that

multi-storey buildings that could pose a target for malicious actions should be

provided with emergency bracing in order to redistribute column loads following

localised damage, rather than relying upon catenary action as the sole means for

ensuring robustness.



Chapter 4.

Dynamic Analysis for Columns

subjected to Blast Load

4.1. Introduction

For medium rise multi-storey buildings, the natural period of vibration will typically

be more than 1 Sec which is very high compared with the duration of a typical blast

from high explosive (1-3 mSec). Hence, blast initially causes localized damage,

which can lead to progressive failure in certain circumstances. As the load duration

is often short in comparison with the natural period, it may be impulsive in which

case a large part of the applied load is resisted by the inertia of the structure, and the

stresses produced are smaller than those of similar peak pressure but longer loading

duration loads. Hence, most of the response of the column occurs after the net load

had diminished to zero as shown in Fig. 4.1. This illustrates the importance of

dynamic analysis of the member. Beams are of secondary interest because i) failure

of columns may trigger a progressive collapse and (ii) beams are often more robust

in comparison with columns. The column is the main critical member for the direct

blast load, as the removal of column support may result in progressive collapse.

Columns can be failed by the brisance effect or shear or by bending. In RC columns,

shear or compression dominated failures lead to brittle modes of failure and the

flexural failure leads to a ductile mode of failure. Hence, the linear dynamic analysis

may be carried out to check column shear strength and the nonlinear dynamic

analysis may be appropriate for assessing the flexural strength of the column against

blast load. During the dynamic analysis of blast it is usual to ignore the damping

when solving the equations of motion. This assumption is considered valid because

load duration is very short, whereas damping systems require time to absorb energy.

In this chapter the dynamic analysis for columns will be explained and response

charts will be developed for an idealized column with a range of end support

6 1 - • ~
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conditions, namely (i) pinned at both ends, (ii) fixed at both ends (iii) pinned at one

end and fixed at other end and (iv) fixed at one end and freed at other end

(cantilever).

Time

Fig. 4.1 A typical response of column for blast load

4.2. Comparisons between linear dynamic analysis using either SDOF

and MDOF systems

As the dynamic analysis of columns with axial compression is complex in nature, it

can be idealized as a beam with a certain degree of end fixity depending on the

beam-column stiffness. Analysis using multi degree of freedom (MDOF) and single

degree of freedom (SDOF) systems is compared herein.

4.2.1. Single degree of freedom system modelling of columns

In this method, only the first mode of vibration is considered and then the equivalent

SDOF system is identified by equating respective energy such as kinetic energy,

potential energy and work done by the load (explained in section 4.3). For example,

for a simply supported beam, the equivalent load (/y>]) is calculated by comparing

the work done by two systems (Fig. 4.2) which is equal to 0.64 J\fa the equivalent

stiffness {JQ is calculated by comparing the strain energy of the systems which is

equal to 0.64 £, and the equivalent mass (AQ is calculated by comparing the kinetic
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energy of the systems which is equal to 0.50 M. This approximate method is

explained in the book, "Introduction to Structural Dynamics" by Biggs (1964). .The

equations of motion are expressed for the equivalent lumped-mass single degree of

freedom systems as shown in Eq. 4. 1. The response (u) of the system is obtained by

solving this differential equation. If the duration of the blast is large enough i.e.,

/^>0.37l4 (Craig, 1981), the maximum response occurs before the load diminishes

and the maximum response is calculated using Eq. 4.2. If the duration of the blast is

very small compared with the natural vibration period, the maximum response

occurs after the load diminishes and the maximum response is calculated using Eq.

4.3. Shear force and bending moments are evaluated from the free body diagram

which includes inertia force also.

P(t)

i t t n i i i i i t nu i t uu t i i

H— td —H Time

Fig. 4.2 Single Degree of Freedom System

(4.1)

Where,

X - Stiffness of the column

£e - Equivalent stiffness of SDOF system

Z - Length of the column

m - Mass per unit length '

Me - Equivalent mass of SDOF system

P - - Peak blast load

PffJ - Blast load on column per metre length at time, 't'

Pe//J -Equivalent blast load of SDOF system

/y - Duration of blast load



64 Chapter 4 Dynamic Analysis for Columns subjected to Blast Load

u - Displacement

o) -Natural frequency of the column

Based on 'equivalent lumped-mass single degree of freedom' systems, TM 5 - 1300

provides a set of curves (based on the approximate method of Biggs (1964)) to

calculate the response of real distributed mass structural elements for different

loading profiles. In most dynamic structural analysis, especially earthquake analysis,

the contribution of the first mode is around 80 percent of the total; hence the

contribution from other modes is often neglected.

4.2.2. Multi-degree of freedom system modelling

The idealised column is a continuous system where every mass particle has its own

equation of motion. This structural dynamics problem can be solved in two ways;

using either the lumped mass method or the distributed mass method, hi lumped

mass systems, the column is discritized, typically with lumped masses; the system of

ordinary differential equations governing the motion of such a system is assembled

and solved. This method is ideal for computer implementations but the accuracy

depends on the number of dynamic degrees of freedom of the system. In the

distributed mass method, the system has an infinite number of DOF, the partial

differential equation (Eq. 4.4) is developed using force equilibrium, shown in Fig.

4.3. The response ufctj is expressed as the superposition of the response of

individual modes as shown in Eq. 4.5. ,

- (4-4)
ctr4

. *M (4-5)

By substituting Eqs. 4.5 in 4.4 two separate ordinary differential equations, shown in

Eqs. 4.6 and 4.7 can be obtained in which one yields the spatial function (Eq. 4.8)

and the other yields time function. By substituting the boundary conditions of the

beam into the spatial function, the natural frequencies and mode shapes for different

beams are obtained and are shown in Fig. 4.4 and Table 4.1.
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(4-7)
Of " "

Where,

0

o

o

^/sin /3x+ Bcos /3x+ Csmh/3x+ Z>cosh f5x (4.8)

This standard derivation is available in many textbooks, such as Chopra (2001),

Craig (1981), Clough (1995) and Biggs (1964). If we consider the simple form of a

simply supported beam, the natural frequency (Eq. 4.9) and mode shapes (Eq. 4.10)

are obtained by substituting the boundary conditions such as zero bending moment at

both ends and zero deflections at both ends.

co. = -
£/ (4.9)

i r l J • /MX / A -\ iw

<t>Ax\=J»sm—^- ' (4-10)
Where,

A, B, CdXid D- integration constant

Jn -Amplitude of n111 mode

£ - Modulus of elasticity of concrete

/ - Moment of inertia about bending axis

£ - Length of the column

m - Mass per unit length

n - Mode number

J\/\ - Blast load on column per metre length at time, 't'

£{/] - Time function

/ / -Duration of blast load
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u - Displacement

con - Natural frequency of n* mode

^ M " Spatial function of mode shape

P(t)

M , K

(a) Simply supported beam

(b) Section at A (c) Sign conversion (positive)

Fig. 4. 3 Multi-degree of freedom system
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77777

fffsk

A *

959

(a) Simply Supported Beam (b) Cantilever Beam

•a

959

(c) Propped Beam (d) Fixed Beam

Fig. 4. 4 First 4 mode shapes for different beams

Table 4.1 Natural Frequency and mode shape

Type of Beam

A

&

*

Natural

Frequency (con)

rV / ^
£ \m

x'(4*+l)' 1 ^
162" \O T

Mode

where, £„= . '

shape ((pi

L ̂  J

y9 r̂] + >t(sinh

cosh[A/]

0

A=- 4Z

2Z
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3.516 \Ef

22.03
<— »=2

£
61.70 [£/

120.9
£

.!(-)„ i\2 Fry

where, £=-
21

The response (u) is obtained by combining the time and spatial functions. As

mentioned earlier, if the duration of the blast is large enough, the maximum response

occurs before the load diminishes and the maximum response of an idealized column

which is pinned at both ends is calculated using Eq. 4.11. If the duration of the blast

is very small compared with the natural vibration period, the maximum response

occurs after the load diminishes and the maximum response of idealized column

which is pinned at both ends is calculated using Eq. 4.12. These equations were

solved using the programme called Mathematica, a tool that has been used for the

analysis presented throughout this thesis.

*< *\ r »*«. ~ i

(4.11)

!• sinK(/- A)] + *J A] cosK(/- i sin (4.12)

Where,

((-i)"-1)

Shear forces and moments are calculated from the displacement function by solving

the governing differential equations (beam equations). The maximum responses are

expressed as follows. .

max // •*•*• ' V * / •
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J<m=aM(J>2) (4.14)

JL=a , ( / ) (4.15)

Where,

m̂ax - Maximum displacement at mid span of column

MmwL - Maximum bending moment at mid span of column

m̂ax - Maximum shear force at support of column

JT - Flexural stiffness of column

Z - Length of column

P - Total load on column

ctd - Deflection coefficient

am - Bending moment coefficient

as - Shear force coefficient

4.2.3. Comparison of SDOF and MDOF systems

The above responses are the function of the ratio of the duration of load (7^ to

the natural vibration period (JQ. Considering both systems, the responses for the

idealized column with different end conditions are calculated for different T/Tn

values using Mathematica and the response charts are prepared and compared. The

response charts for an idealized column, pinned at both ends are shown in Figs. 4.5

to 4.7. Fig 4.5 shows very little variation in the deflection predictions between

SDOF and MDOF systems (i.e., the deflection contributions from higher modes are

negligible), since the equations (Eq. 4.11 and 4.12) governing deflection converge

very fast as it has // in the denominator. Contrary, the SDOF system model

underestimates bending moment and shear force as shown in Figs 4.6 and 4.7 (i.e.,

the contributions from higher modes are significant), as the equations governing

shear force and bending moment converge slowly compared with the equations

governing deflection ( / / in the denominator) as they have only // and // in the

denominator respectively. Therefore, the range of T</Tn for columns is explored for

blast, located at safe stand off distance (defined as the minimum stand off distance

required to save the column from the blast) such that it loads the columns just close
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to failure. The safe stand off distances for different columns and charge weights are

calculated using the method, presented in chapter 6. The blast load for these columns

is estimated using the method, presented in chapter 5 and T/Tn is estimated (Table

4.2). The results show that r/rn widely varies from 0.03 to 0.16. The error in the

response of SDOF system is plotted against T,/Tn and shown in Fig. 4.8. The plot

shows that the SDOF system underestimate shear by 20 to 50% and moment by 10 to

20%, therefore one might consider increasing shear force, calculated using such

SDOF methods, by 50% to account for the higher modes. This approximation is

crude but likely to be safe. At the same time, the SDOF system model can be used to

estimate the dynamic bending moment.

0.0
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Fig. 4. 5 Maximum deflection of idealized column, pinned at both ends
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Fig. 4. 6 Maximum bending moment of idealized column, pinned at both ends

Fig. 4. 7 Maximum shear force of idealized column, pinned at both ends
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Deflection
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Td/Tn

Fig. 4. 8 Percentage error in SDF system's responses of idealized column,
pinned at both ends

Table 4. 2 T/Tn for different columns and blast

Column
ID

Charge
weight

(kg)

Stand off
distance

(m)

Breadth

(mm)

Depth

(mm)

Length

(m)

Duration of Natural time
blast load, td period, tn

(mSec) (mSec)

1
2

3

- 4
5

6
. 7
8

998
1814

1814

454
454
408

1814

998

21.9
26.8

23.0

14.8

14.0

19.5

23.8

20.7

406
406

457

610

610

305

813

356

406
406

457

610

610

305

813

356

4.27
4.27

4.27

4.27

4.27

5.49

5.49

4.83

2.90
3.33

3.12 ,

2.68

2.56

2.37

3.96

2.69

0.09
0.11

0.11

0.13

0.12

0.03

0.16

0.07

0.09
0.11

0.11

0.13

0.12

0.03

0.16

0.07

The Mathematica programmes for dynamic analysis and the response charts for

idealized column with different boundary conditions are given in the appendix A2.1

to A2.3. The MDOF curve (Fig. 4.7) in this range is observed to be markedly kinked.

The reason for this is interesting and is explained by way of figures 4.9 and 4.10.

When T/Tn is equal to 0.025 there is no phase difference between the maximum

shear response of the system and the 1st mode (Fig. 4.9(a)). In contrary, when T/Tn

is equal to 0.10, there is a phase difference between the maximum shear response of

the system and 1st mode (Fig. 4.9(b)). The reason is that the maximum response

occurs after /ytime even for higher modes, when T/T,, is less than 0.05. This phase

lacking in the maximum shear response of the 1st mode creates kinks in the shear

response after T/Tn =0.05, as explained in Fig. 4.10.
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Time in Sec

(a) T/Tn = 0.025

1st Mode
3rd Mode
5th Mode

— Total Responsi

Time in Sec

(b) 777; = 0.10
Fig. 4. 9 Shear contribution of modes Vs Time
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-1st Mode
- 3rd Mode
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-Total Respose
- Equivalent SDOF system

O.05 0.2

Fig. 4. 10 Mode's shear contribution in total shear response of the system

It is clear from the analysis that the SDOF system model is capable of accurately

modelling deflection but is less accurate with moments and less accurate still with
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shear. This is well explained through Figs 4.13 and 4.14. The normalized shear force

of higher modes is comparable with that of first mode (4.13 (c)) and can not be

neglected. Contrary, the normalized deflection of higher modes is negligible,

' compared with that of first mode, as shown in Figs 4.13 and 4.14. This is the main

reason SDOF models can significantly underestimate shear force and bending

moment, where little error is present for (maximum) deflection. Therefore, the

contribution from higher modes cannot be neglected in the case of blast loading in

which Tn» Tj. For example, when TyTn= 0.025, the shear contribution from the 1st

and 2nd modes is almost equal (Fig. 4.11). Hence the shear force from the SDF

system model is 60 percent less than that from the MDF system. However as 7>

approaches Tn the shear contribution from the higher modes become less important.

For-example, Fig. 4.12 shows T</Tn = 0.5, in which high modes of vibration produce

little effect on shear force and bending moment In conclusion, if 7^/71 is less than

0.1, the SDF system will significantly underestimate shear force and bending

moment.

a
U
h
S
4

-0.1

1st Mode
3rd Mode
5th Mode
Total Response

Distance from Support ( i L )

Fig. 4.11 Maximum Shear Response at T/Tn = 0.025
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(c) Shear Force Coefficient

Fig. 4.13 Response of idealized column, pinned at both ends at T,/Tn = 0.025
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Tim* In Sac

(c) Shear Force Coefficient

Fig. 4. 14 Response of idealized column, pinned at both ends at T/Tn = 0.20

4.3. Nonlinear dynamic analysis considering SDOF

Ductility of columns

Ductility is the capacity of members to undergo considerable plastic deformation

without loss of strength capacity and is also a measure of the energy absorption

capacity. The best way to quantify ductility is through either deformation, or

deflection, or rotation. Here, the ductility is defined as the ratio of total deflection to

fx /\
elastic deflection, i.e., y . The concept of ductility is linked to the moment

V /X'J

redistribution capacity and, consequently, the safety of the structure. The typical

force-displacement curve for a column is shown in Fig. 4.15. In reality, the column

deforms beyond its elastic limit, until the plastic collapse mechanism is formed. The

region, OA represents the elastic behaviour. At point-A, the plastic hinge is formed

in the support. After this point, the support moment is redistributed to the mid-span

due to free rotation at support. In the region AB, the complete span is elastic apart

from support. At point B, the plastic hinge is formed in the mid-span in the case of

fixed supports and 0.58 L from support in the case of propped cantilever column as

shown in Figs. 4.16 and 4.17. After point B, the small increment of force leads to

plastic deformation, represented by region BC.
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D

O

B
• -C

Fig. 4.15 Resistance-deflection function

1/2 —+- — 1/2

Fig. 4.16 Plastic analysis of column, fixed at both ends

Fig. 4.17 Plastic analysis of column, fixed at one end and pinned at other end

In the nonlinear analysis, the plastic region (the region after B) is ignored and the

resistance function is considered until the elasto-plastic phase (upto point B). In case

of pinned columns, there is no way redistributing the mid span moment, hence the

elastic analysis is used to estimate safe stand off distance (Chapter 6). In the case of

the columns, fixed at both ends and fixed at one end and pinned at other end, the

detailed elasto-plastic analysis is carried out and the response charts are prepared.

These charts will be used to estimate the safe stand off distance considering flexural

failure of these columns (Chapter 6). The resistance-deflection function can be

replaced by the bilinear function, ODB, so that the area under this curve is equal to
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the area under the curve OAB (Smith, P. D., 2003)). The slope of line, OD is termed

as equivalent elastic stiffness.

The elastic resistance (i.e. force) and deflection is calculated from simple structural

analysis. As the support rotates freely after the formation of plastic hinge at the

supports, the increment in deflection, due to increment in load after the elastic phase

is calculated considering the column, pinned at both ends from simple structural

analysis. In columns the flexural capacity of mid and end sections is same i.e., Mn =

Mp = M. Tables 4.3 and 4.4 shows the key points of resistance-deflection function for

the column with different boundary conditions.

Table 4. 3 Resistance-deflection function for column, fixed at both ends

Phase

Elastic (Point, A)

Plastic (Point, B)

Equivalent Elastic (Point,

D)

Resistance

MM
X* _

'' £

16J/
'• £

16M
r —'" £

Deflection

~e 384^7

' 384^7 '

~" mi/

Table 4. 4 Resistance-deflection function for column, fixed at one end and

pinned at other end

Phase

Elastic (Point, A)

Plastic (Point, B)

Equivalent Elastic (Point,

D)

Resistance

VIM
r" £

VIM
r"~ £•

Deflection

"*"'• 185^*7

Xp 384Z7 ' *'

X*9 160E7

The ductility of 1.6 and 1.27 is estimated for the columns, fixed at both ends and

fixed at one end and pinned at other end respectively. TM 5-1300 suggests the

maximum ductility columns should not exceed 3, hence the estimated ductility is

within this working limit.
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Equivalent SDOF system

As there is little difference in the bending moments obtained from MDOF and SDOF

systems (Fig. 4.6), the SDOF system is used to estimate the elasto-plastic responses.

The first step in the analysis is, identifying the equivalent SDOF system for columns

with different boundary condition. As mentioned in Section 4.2.1, mass, load and

stiffness factors (£m,£zand£srespectively) are calculated by comparing kinetic

energy, work done and strain energy of the two systems. In the first step of the

calculation, the suitable displacement function is obtained depending on boundary

conditions of the column. For example, the displacement function for pinned

columns subjected to uniformly distributed load can be expressed as

— \ fx-2Lx' + jr4)with central displacement of/T = . This function is
384 £7K ' 384^7

rewritten in terms of central displacement, i.e.,—-j{£x-IZx1 +x*\To, because the

maximum displacement of the column is considered to be equal to the displacement

of the SDOF system (i^). Similarly, the displacement functions for other columns

with different boundary conditions are given in Table 4.4. After obtaining the

displacement function, ^ ^ ^ a n d ^ a r e estimated by equating kinetic energy,

work done and strain energy (the equations to estimate these quantities given in

Table 4.4) of two systems respectively. The method to estimate these factors is

explained comprehensively in TM 5-1300 and it is summarized in Table 4.5 and 4.6.
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Table 4. 5 Transformation of MDOF system to SDOF system

Description

Deflection (elastic analysis):

Pinned at both ends

Fixed at both ends

One end fixed and other end

pinned

Deflection (elasto-plastic

analysis):

Fixed at both ends &

One end fixed and other end

pinned

Deflection (plastic analysis):

Pinned at both ends

&

Fixed at both ends

One end fixed and other end.

pinned

Work done

Strain Energy

Kinetic Energy

MDOF system

•

\ x ro " x<^L
ZI2 ° /2

I 112 ' / 2

X ro jr<0.58Z
0.58Z *

^X~^F. ^>0.58Z
, 0.42Z *

0

2 }[^)

20J \df)

SDOF system

r.
<

r.

r.

t

2 * {</,)
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Table 4. 6 Transformation factor

Boundary Condition

Pinned at both ends

elastic

plastic

Fixed at both ends

elastic

elasto-plastic

plastic

One end fixed and

other end pinned

elastic

elasto-plastic

plastic

Mass factor

Km

0.50

0.33

0.41

0.50

0.33

0.45

0.50

0.33

Stiffness factor

Ks

0.64

0.50

0.53

0.64

0.50

0.58

0.64

0.50

Load factor

0.64

0.50

0.53

0.64

0.50

0.58

0.64

0.50

Where,

M

w

X..

Xgg

Y

- Stiffness factor for SDOF system

- Load factor for SDOF system

- Mass factor for SDOF system

- Ultimate moment capacity of column section.

- Ultimate moment capacity at mid span region

- Ultimate moment capacity at support

- Resistance function

- Ultimate resistance

- Uniformly distributed load on column

- Elastic displacement

- Total displacement

- Equivalent stiffness of elasto plastic system

- Maximum displacement at time,'/
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Nonlinear Dynamic Analysis

The linear dynamic analysis of SDOF systems is explained in section 4.2.1. In the

dynamic equation for SDOF systems (Eq. 4.1), JTArepresents resistance and can be

replaced by the function /•(.*•). Eq. 4.1 becomes,

KJfx+K^x) = ATz/{/\ (4.16)

/•(jr) represents the bilinear resistance deflection curve (ODB), shown in Fig. 4.15

and can be mathematically formulated as follows,

x<x
(4.17)

Eq. 4.16 is solved using mathematica and the response curves, (i)

( V W a n d (") 7^r» v s 0 ^ ) a r e plo t t e d (Fig 4.18 and 4.19).

ductility

100 i

0.3 0.4 0.5 0.6 0.7 0.80.9 1

Fig. 4.18 ryrB vs ductility (x/x^)
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0.0

Fig. 4.19 JVT, vs (r,/P)

From Fig. 4.19, the resistance of the columns is estimated for its ductility and the

ratio of the blast duration and its natural time period.

4.4. Conclusions

The response of columns subjected to blast has been compared between SDOF and

MDOF models. This showed that when the ratio of the duration of blast load (Tj) to

the natural vibration period (Tn) is greater than 0.1, the contribution from the higher

modes can be neglected to simplify the analysis, hence SDOF models are sufficiently

accurate. However, when TJTn is less than 0.1, the SDOF systems were shown to

underestimate shear force by approximately 50%. Whilst deflections and moments

were comparable with those from MDOF solutions for most columns when blast

occurs at a distance close to that required for failure, 7>^will be in the 0.05 to 0.15

region. For example T/Tn for the failed columns, Gl 6 and G24 of the Murrah

Buildings are 0.07 and 0.11 respectively. Therefore, this lack of conservation

inherent in SDOF analysis does have design implications, with most of the design

guidelines such as TM 54300 based on SDOF system analysis. Therefore one might
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consider increasing shear force, calculated using such SDOF methods, by 50 % to

account for the higher modes. This approximation is crude but likely to be safe.



Chapters.

Protective Design for RC Framed

Structures with a Case Study of the

Murrah Building

5.1. Introduction

Disproportionate collapse can be avoided through either: provision of a safe stand off

distance, indirect design or direct design. A description and the limitation of these

methods are explained below, with the level of protection against malicious use of

high explosives indicated by the use of the ***** system, 5* being highest and *

lowest:

Table 5.1 Level of protection

Level of Protection

against Progressive Description Pros & Cons

Collapse

(1) Safe Stand off

Distance (5*)

Possible threat is measured

and the safe stand off

distance is maintained

Pros: highest level of

protection.

Cons: It may not be possible

to maintain the safe stand

off distance due to either

uneconomic or constrained

land.

(2) Direct Design

(i) Alternate Load

Path method

(a) Outrigger Localised damage to the Pros: highest level of

86
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Truss Method frame is accepted. The protection.

(5*)

(b) Double Span

Method (4*)

(ii) Key Element

Method (3*)

columns above the damaged Cons: All the column joints

frames suspended from the such as splicing or lapping

outrigger trusses. In the need must be designed to

case of WTC 1 and 2, the transfer tensile forces from

outrigger trusses installed the damaged columns. The

between the 105th and 110th out-rigger system is

floors provided the alternate redundant except in an

load path. emergency.

Localised damage to the Pros: Simple method and

frame is accepted. The load the level of protection are

from the damaged frames is satisfactory,

transferred to the adjacent Cons: Severe problems

columns through beam could be encountered if

and/or catenary actions. US support to more than one

General Service

Administration (2003)

advocates this method.

In this approach, the key

elements are designed for

the uniformly distributed

load of 34kN/m2. This load

is applicable in any

direction (BS 6399 - 1 and

BS-EN 1991-1:2006).

column removed, as it was

the case in the Murrah

Building. Such an incident

could cause collapse of floor

area supported-by the

damaged columns. The full

moment joints could cause

drag-down of undamaged

columns. Reliance on full

moment joints is costly.

Cons: This load is arrived

from the gas explosion. Now

days, the buildings have

high risk of experiencing

vehicle bomb, hence this

approach may not be

applicable in the present

situation.
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(iii) Specific local

resistance method

(5*)

(3) Indirect Design

(1*)

The load bearing members

are designed to resist

specific blast load.

Load carried by the

removed load bearing

elements are transferred to

the rest of the structure

through minimum strength,

continuity and ductility. In

the case of steel framed

buildings, the continuity

helps maintain structural

integrity, although as has

been demonstrated in

Chapter 3, support to a

damaged column via

catenary action is probably

not feasible. In the case of

reinforced concrete

columns, the ductility (as

provision in ductile design

for seismic loads) can help

to limit extent of localised

damage and continuity in

Pros: highest level of

protection.

Cons: It may not be

economic in certain situation

where the scaled distance is

very less. The method is

complex and iterative,

involving the estimation of

blast load, its dynamic effect

on the member, and

dynamic strength of the

member.

Pros: Inexpensive.

Experience from blast

damaged buildings shows

that ensuring structural

elements are properly tied

together is important for

avoiding collapses.

Cons: In most cases the

method is incapable of

redistributing column loads.
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the reinforcement can help

to redistribute column loads

through beam action.

The importance of alternate load paths and maintenance of a safe scaled distance

were demonstrated in the incident of the Khobar Towers as explained in chapter 2.

The stand off distance saved the buildings from a massive explosion. If the stand off

distance had not been maintained, then it is likely that the internal structure of the

building would have been destroyed at the ground level resulting in a progressive

collapse. The facade was completely destroyed. Despite the destruction of these load

bearing elements, the provision of adequate tying between members helped maintain

structural integrity and would have helped avoid progressive collapse. The dangers

of not maintaining a safe scaled stand off distance was also realized in the Murrah

building incident. The truck bomb, equivalent to 1800 kg of TNT, exploded very

close to the building. In this incident, the direct blast pressure destroyed one column

by brisance and another two columns by shear. The loss of these three columns led to

a collapse that consumed Vi of the floor area of this nine storey building. The use of

current codes/standards could not consistently provide assurance against progressive

collapse (Nair, 2004). For this reason, some specifications, such as US DoD

guidelines, specify safe scaled distances for structural safety from air blast loads. It

recommends a safe stand off distance of 4.46 m/kg1/3 for unstrengthened buildings

(US DoD, 1999). This recommendation was arrived at without considering the type

of structure, the configurations, and the behaviour of structural elements. It

necessitates further studies on the behaviour of structures, subjected to blast load.

This chapter explains the blast load for a column with a case study of the Murrah

building incidents.

5.2. Blast loading

High explosive detonation converts explosive material into a gas at high pressure and

temperature which forms a shock wave front travelling radially with high velocity

into the atmosphere by compressing the air in its path. This produces the ambient

overpressure or the incident pressure which finally hits the building and gets

reflected with amplified over pressure, called reflected pressure. A typical pressure-
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time profile for a blast wave in free air is shown in Fig. 5.1. The over pressure

depends on the stand off distance and charge weight. The stand off distance is

defined as the distance from the bomb to the target; and the charge weight is

represented by the equivalent weight of TNT. The charge weight can be roughly

estimated based on the carrier (truck and briefcase etc.). Federal Emergency

Management Agency Guidelines (2003) provide typical charge sizes for design

purposes (Table 5.2).

P(t)

h ta

Fig. 5.1 Blast wave pressure-time profile

Table 5. 2 Typical size of Improvised Explosive Devices (FEMA, 2003)

Type of bombs

Truck bomb

Vehicle bomb (Van)

Vehicle bomb (Car)

Briefcase bomb

Pipe bomb

Size in TNT equivalent (kg)

4500

1800

230

25

2

Various graphs (TM5-1300 based on Kingery, 1984) and formulae (Brode, 1955 and

Henrych, 1870) are available to estimate air blast loads. TM5 - 1300 (US Army,

1991) provide a set of design curves to determine blast wave parameters such as

peak incident and normal reflected pressures, incident and normal reflected impulses,



91 Chapter 5 Protective Design for RC Framed Structures with a case study ofMurrah Building

time of arrival of the blast wave, duration and shock front velocity for different

scaled distances. It also provides a set of curves to estimate reflected pressure with

the orientation, i.e. where the structural face is not normal to the direction of blast

wave. Apart from this, the computer programmes such as CONWEP and AT-Blast

are available to estimate blast wave parameters. Using this programme, the over and

reflected pressures were calculated herein for the above mentioned explosive devices

and the different stand off distances, and the graphs, shown in Figs. 5.2 and 5.3 are

plotted. The dynamic pressure is calculated based on static over and reflected

pressure using Eq. 5.1 (Rankine, 1870).
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(5.1)

Where,

pr - Reflected pressure

ps - Static over pressure

ps - Density of air molecules

gs - Dynamic pressure

y : Gas constant, normally 1.4 for air.

When the over pressure is much less than the ambient pressure, the velocity of air

molecules reduces nearly to zero, resulting in low dynamic pressure. As a result, the

reflected pressure is two times the static over pressure. Shock waves from blasts can

break this simple relationship between static over pressure and reflected pressure as

shown in Fig 5.4. For example, for objects located at close range to detonations the

reflective pressure can be typically 8 times the static over pressure. In extreme cases

the reflective pressure can be up to 20 times the static over pressure due to
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dissociation effects, which is a chemical process in which complex molecules split

into smaller molecules.

Scaled Stand off Distance (m/kg1'3)

Fig. 5. 4 Scaled distance Vs Ratio of reflected pressure to static over pressure

The calculation of blast load duration for columns differ from that of walls. In the

case of walls, the duration is governed by reflective impulse and reflected pressure,

as the blast wave takes more time to clear. In the case of columns, the duration is

governed by the velocity of the wave front and the clearance distance, as the blast

wave clears quickly due to small width. This blast wave clearance is possible only if

the blast wave is free to wrap around the column. When the shock front wave strikes

the front face, the pressure immediately rises from zero to the reflected

pressure ( / ^ ) . The reflected pressure clears in clearing time, (/c) which is calculated

using Eq. 5.2. This equation was proposed by Glasstone and Dolan (1977). At

clearing time, the pressure reaches the stagnation pressure, /$(/c) equal to the sum

of incident pressure, (/^) and the drag pressure, {CDq^) . The sum of incident and

drag pressures decays to zero within (/^) time after striking the target. The

coefficient of drag, Cz> is considered to be equal to. 1 for the front face. At the same

time, the pressure wave reaches the rear side at time A/rr and suddenly rises
\/u)

from zero to the incident pressure ( J ^ , ) at rising time, (/,.) which is calculated using

Eq. 5.3 (Glasstone and Dolan, 1977). This pressure decays to zero within (/^)
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after reaching the rear face (Fig. 5.5). As the movement of air molecules will be

restricted by the walls and floors, etc, the effect of dynamic pressure on rear face can

be safely neglected. The blast pressure-time history, acting on the column is shown

in Fig 5.5.

(5-3)

Where,

PrA - The reflected pressure on the front face

J^ - The incident pressure on the front face

gA - The dynamic pressure on the front face;

/ ^ - The duration of incident pressure on the front face ^

[fj - The blast wave front velocity for the front face

PoS - The incident pressure on the rear face

tjg - The duration of incident pressure on the rear face;

[f£ - The blast wave front velocity for the rear face

l tc - The clearing time for the front face

tr - The rising time for the rear face

S - clearing distance, equal to half the width of the face which

experience the blast pressure
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Fig. 5. 5 Blast pressure on front and rear side of column

The net load on the column is the front side load (Point, A) minus the rear side load

(Point, B). The estimation of column response for this net pressure-time history can

be more difficult, hence the complex pressure-time history is converted into a simple

triangular pulse of equivalent area (impulse). The time duration for the triangular

pulse is calculated by dividing the impulsive force (net area under pressure-time

curve) by the peak reflected pressure. A parametric study is carried out herein to

assess the scale of the inaccuracy introduced by this simplification. The column

response for the complex pressure-time profile is estimated using a SDOF system as

explained in chapter 4.

5.2.1 Comparison of column responses obtained using complex

pressure-time profile and simplified triangular impulse

The complex pressure-time history is divided into several phases as shown in Fig.

5.6. For a system without damping, starting from rest, the response during the phase-

I is determined by evaluating DuhamePs integral (Eq. 5.5). At the end of phase-I, the

system has velocity and displacement. The response of the system during phase-II is

calculated considering the velocity, d[/c] and displacement, af/Jas initial
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conditions and by evaluating Duhamel's integral of phase-II (Eq. 5.7). Similarly, the

response of the column is determined for all the phases and given below. The

flowchart, given in Appendix A3.1 explains the calculation followed to estimate the

response of the columns for complex pressure time-history profiles.

Net Arjea of Complex Profile = Area of Triangu

Fig. 5. 6 Complex pressure time profile and simplified triangular impulse

Phase-I:

Time

Fig. 5. 7 Phase-I of pressure time profile -1

(P -P

384 Elmco

(5.4)

(5.5)
n 0

Phase-II:
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p, -

-»- Time

Fig. 5. 8 Phase-II of pressure time profile - 1

(p -

c r

DL [t] = -i-^— '— \P2 T sin \m (t - T )1 dx
n 0

cos

Phase-Ill:

p -

p -

CO
sin [a., ( r -

(5.6)

(5.7)

(5.8)

Fig. 5. 9 Phase-HI of pressure time profile - 1
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7i
ldA

3 L J 3&3&4EImco
(t-x)\dx

n

« „

Fig. 5. 10 Phase-IV of pressure time profile - 1

ldA
7 ^
lr ldB

DJAtU ^BL)L \p \T]sin\co (t-T)~\dT411 l>UEImoil 4L J L "K n

Phase-V:

P.r~

(5.9)

(5.10)

"dt] = u2[^°^At-tc)] + 1^^[^(t-tc)'] + Dl3[t-tc] (5.11)

Phase-IV:

(5.12)

(5.13)

(5.14)

Fig. 5. 11 Phase-V of pressure time profile - 1

: (5.15)
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5 1 i 3SA/C7W., J 5L J L "V 7J

(5.17)

Phase-VI:

(5.18)

In the parametric study, the columns of 300 x 300, 450 x 300 and 600 x 300 mm

cross section are considered. They are assumed to be subjected to an explosion of

230, 1000, 1800 kg of TNT. The stand off distances for the charges are adopted

based on the minimum stand off distance required to avoid spall damage. The blast

load for the charge weight and stand off distance is estimated and shown in Table 5.

3. The deflections of the typical columns are calculated considering the complex

pressure-time history and simple triangular impulse. The results are shown in Fig.

5.12. The error in column response for triangular impulse (Fig. 5.13) is less than ten

percent and the response is conservative, hence the column is hereafter analyzed this

triangular impulse.

0.6

0.5 -

~ 0.4 -

o o

_o

Q

0.1 -

0.0

• • Blast Loading Profile -
I I Triangular Loading

1 2 3 4 5 6 7 8 9

Column ID

Fig. 5.12 Comparison of responses, obtained considering complex pressure-
time history and triangular impulse
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LLJ

1 2 3 4 5 6 7 8 9

Column ID

Fig. 5. 13 Percentage error in the response for triangular impulse



Table 5. 3 Blast load on different columns

Column ID

1

2

3

4

5

6

7

8

9

Charge
Weight

(kg)

230

230

230

1000

1000

1000

1800

1800

1800

Breadth

(mm)

300

450

600

300

450

600

300

450

600

Depth

(mm)

300

300

450

300

300

450

300

300

450

Stand off
distance

(m)

12

12

6

30

21

16

73

73

36

Scaled
distance

(m/kg"3)

1.96

1.96

0.98

3.00

2.10

1.60

6.00

6.00

2.96

Front face loading

Pressure

P,

(kN/m2)

1125.09

1125.09

8608.66

330.74

912.59

2080.56

71.29

71.29

342.95

PS(tc)

(kN/m2)

453.54

421.10

2450.11

147.88

375.83

786.19

33.93

33.40

146.88

Time

tc

(mSec)

0.71

1.06

0:74

0.94

1.12

1.19

1.17

1.76

1.87

ta

(mSec)

5.65

5.65

2.06

16.03

10.12

7.02

38.54

38.54

19.19

Rear face loading

Pressure

PS(U

(kN/m2)

235.07

211.92

666.58

104.48

209.87

346.27

30.24

29.60

101.04

Time

tr

(mSec)

0.96

1.44

1.06

1.26

1.51

1.62

1.56

2.34

2.51

ti

(mSec)

5.83

5.83

2.34

16.23

10.31

7.29

38.65

38.65

19.48

Net Impulse

I

(kN/m2-mSec)

991.74

1166.42

4916.90

493.08

1329.76

2730.64

111.26

134.20

745.72
a

Duration of
Blast Load

tdl

(mSec)

1.76

2.07

1.14

2.98

2.91

2.62

3.12

3.76

4.35

102



5.3. Material properties for concrete and steel

Dynamic strength of concrete and steel

Normally, blast produces load associated with strain rates in the range of 102-104 s"1

(Ngo, et. al., 2007). This high straining rate increases the static compressive strength

of the concrete as shown in Fig. 5.14. TM 5-1300 introduces the dynamic increase

factors (DIF) for steel and concrete to account the effect of high strain rate. The DIF

is defined as a ratio of the dynamic to static strengths and it mainly depends on strain

rate, increasing with strain rate. Recognising the difficulty in estimating strain rate

TM 5-1300 (1990) proposes a conservative DIF for the design purposes. Table 5.4

presents the DIF's for steel and concrete, considering both shear and flexure. To
Li

avoid brittle failure a more conservative value of DIF is used for shea'r.

1
.a
g
a

a

6 -

5 -

4 -

3 -

2 -

1 -

o
X

o
*
n
A

m
*

Static Straigth 39,30 MPa
Static Strength 54.50 MPa

Ross et at (1995) mxukx
Static Strength 35.12 MPa
Static Strength 36.57 MPa /
Static Strength 40.80 MPa /
Static Strength 42.17 MPa /
Static Strength 42.8.S MP« /
Static Strength 48.19 MPa & /

Btischoff and Perry {1993) $ • jajp

101 102

Strain rate e(s'1)
\<f

Fig. 5.14 Normalized concrete compressive strength vs strain rate (Source: Lu,
et. al,2004)

Table 5. 4 Dynamic Increase factor for reinforced concrete members

Type of stresses

Bending

Shear

Reinforcement

Steel

1.23

1.10

Concrete

1.25

1.10

103
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Where, ' " ~~

fy - Static yield stress of reinforcing steel

f^ - Dynamic yield stress of reinforcing steel

fcJt - Static cube strength of concrete

fdcl - Dynamic cube strength of concrete

Modulus of elasticity of concrete and steel

The modulus of elasticity is mainly dependent on the concrete materials, such as

aggregates, cement and their proportions. Several studies have been carried out to

quantify the elastic modulus of concrete (^T) and established empirical equations.

ACI318-2002 provides Eq. 5.19 to estimate^,

^ = 3 3 ^ 5 ^ / (lbs/ft2) , (5.19)

Where,

£c -Modulus of elasticity in lbs/ft2

fc - Cylindrical strength of concrete in lbs/ft2

wc - Unit weight of concrete in lbs/ft3 (150 lbs/ft3 for normal weight

concrete

For normal weight concrete, Eq. 5.19 is simplified to,

A=4490JZt (N/mm2) • (5.20)

Where,

fcJt - Cube strength of concrete in N/mm2

The British standards suggest Eq. 5.21 to estimate the modulus of elasticity

Ec = Ko + b2fci (kN/mm2) (5.21)

£o - Constant related to the modulus of elasticity of the aggregate

(taken as 20 kN/mm2)

fc/t - Cube strength of concrete in N/mm2

Eq. 5.20 is used in the estimation of safe stand of distance for a column because of

simplicity. The typical stress-strain curves for concrete and steel are shown in Fig.

5.15 and 5.16. Due to high strain rates slight increments in elastic modulus are
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observed and are shown Fig 5.15, This enhancement is incorporated in the present

work by replacing fcl by y^ in Eq. 5.15. At the same time there is no change in

young's modulus of steel (Fig. 5.16) due to high strain rate and it is taken as 200000

N/mm2.

<nen
LJ

t--OTc
ASTM STRAIN RATE I
RAHD STRAIN RATE J

u <0.005in./iii. APPROX.

0,002 appro*.
STRAIN,

Fig. 5.15 Typical stress-strain curve for concrete under compression (Source:
TM 5-1300,1990)

9)
Hi

ASTM STRAIN RATE
~ RAPID STRAIN RATE

0.07<«„< 0.23 ia/J«. APPROX.

0.0! to 0.02 in,/in. APPROX.

STRAINS {in./ in.)

Fig. 5.16 Typical stress-strain curve for steel under tension (Source: TM 5-
1300,1990)
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5.4. Flexural strength of RC columns

The flexural strength of RC columns is estimated using the pure bending theory in

which the section is assumed to be plane before and after bending. The basic

assumptions, made in the estimation of flexural strength are:

1. Strains in the concrete and reinforcement are derived assuming that plane

sections remain plane.

2. The tensile strength of the concrete is ignored.

3. A perfect bond exists between the reinforcement and the concrete such that

the strain in the reinforcement is equal to the strain in the concrete at the

same level.

Reinforced concrete analysis for axial force and bending moment is usually

performed by assuming a given strain value at the extreme compression fibre with a

linear strain distribution over the depth of the section. When the section is partly in

tension, the strain in the extreme compression fibre is limited to 0.0035 (Fig. 5.17).

When the section is in compression, the compressive strain at a point 3/7* of height

from the extreme compression fibre is assumed to be 0.002 (Fig. 5.18). The stress

distribution is typically assumed as a rectangular stress block with a depth equal to

0.9 times the neutral axis depth and a magnitude equal to 0.667 times the concrete

compressive strength (Fig. 5.17 and 5.18). Here 0.667 takes account of the relation

between the cube strength and the bending strength in a flexural member (BS 8110-

1:1990, clause 2.6.2) and the factor of safety on concrete has been taken out.

0.0035,

b
• - b-

Q

O

d

T
x

1

— £.

£ -

0.667/,,

Fig. 5.17 Stress and strain profiles for concrete column (neutral axis lies within
the section)
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0.002

d

0.667/,

Fig. 5. 18 Stress and strain profiles for concrete column (neutral axis lies outside
the section)

A static analysis of the building frame is carried out for the accidental load and the

axial force in the column is estimated. For the given axial force, column dimensions

and reinforcement details, the flexural strength is calculated as follows:

1. Estimate the dynamic strength of concrete and steel by multiplying the

allowable static stresses with the dynamic increase factor, explained in

section 5.3.

2. Obtain axial force from the static analysis of the building (analysed for

accidental loads).

3. Assume a value for the depth of neutral axis

4. Estimate strains at extreme fibre and at the level of reinforcements, using Eq.

5.22 and 5.23.

' 0.0035

X

0.002

(d-x)

(x-d) x> h
(5.22)

0.0035
x

0.002

(x-d)

(5.23)

Where,

d - Effective depth for tension steel
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d - Effective depth for compression steel

h - Overall depth of column

x - Neutral axis depth

es - Strain in tension steel

e' - Strain in compression steel -

5. Estimate stresses in rebars using Eq. 5.24 and 5.25.

fs =

-** IT
s

s s

/ s>^
y F

yy "s r-f

A ^^A

Where,

fs

fy

fc/t

(5.24)

(5.25)

- Stress in tension steel

- Stress in compression steel

- Yield stress of steel reinforcement

- Characteristic compressive strength of concrete

- Young's modulus of steel

6. Estimate the axial compression using Eq. 5.26. In this equation, the partial

safety factors for concrete and steel are not considered, so that the maximum

flexural strength of the section can be estimated as the low probability of

occurrence of the blast event.

^ = 0.67^^+^^+^^ ' (5.26)

Where,
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As - Cross sectional area of tension steel

Asc - Cross sectional area of compression steel

Fu - Axial compression

7. Repeat step 4 to 5 for other values of neutral axis until the axial compression

is equal to the axial force.

8. Estimate the flexural strength of the section using Eq. 5.27.

-y^f^J^-d) (5.27)

Where, Mu - Flexural strength

This flexural strength is compared with the dynamic bending moment, produced by

lateral blast load. To assess the flexural strength of column section quickly, the

design charts are developed (without considering the material partial safety factor)

and are presented in Fig 5.19 for C25 concrete and the reinforcement on two

opposite faces. The design charts for other grades of concrete and arrangement of

reinforcement are given in Appendix A3.2.
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Fig. 5.19 Design charts for C25 concrete column with reinforcement on two
opposite faces
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5.5. Shear Strength

The shear strength of the section is achieved from the contributions of concrete and

transverse steel. The shear contribution of concrete is offered by the aggregate

interlocking, dowel action in the aggregate and shear resistance from the uncracked

concrete. This shear strength of concrete is again enhanced by the presence of axial

compression. Shear resistance of lateral ties yielding across the diagonal tension

cracks is also included. Due to the complexity in the prediction of shear strength

several models have been developed based on: (i) fitting the experimental data, (ii)

simple structural mechanics such as the strut and tie model (STM) and (iii) advanced

mechanics such as the modified compression field' theory (MCFT). Most of the

codes estimate the shear strength of concrete using empirical equations developed

with extensive experimental data. The shear contribution from the tie is estimated

using either the STM or the MCFT model. The STM was developed by Ritter and

Morsch (1902) based on truss mechanism. In this model, the concrete strut is

assumed to be inclined at 45°. Most of the codes use the strut and tie model to

estimate shear strength except the Canadian code that uses the MCFT model (Entz

and Collins, 2006). The MCFT model was first presented by Collins and Veechio

(1986) as an extension of compression field theory (Mitchell & Collins, 1974). In

most of the codes the shear strength of reinforced concrete members is considered to

be the sum of the shear resistance of the concrete and steel. The various codal

provisions adopted to estimate shear strength are given below.

British Standards Institution (BSI 8110-1:1997):

T
(5.29)

(5.30)

Where,
Ac - Area of concrete section

A - Area of tension reinforcement
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Av - Total cross-sectional area of lateral ties at a section

6 - Breadth of section •

d - Effective depth

fcit - Characteristic compressive strength of concrete in MPa

/^ -Yield stress of lateral ties

h - Span

M - Moment

JV - Applied axial load

s - Spacing of lateral ties along the member.

vc - Design concrete shear stress

F - Shear force

Fc - Shear strength offered by concrete

Fs - Shear strength offered by lateral ties

Fu - Ultimate shear strength of column section

Note:

should not be taken as greater than 3;
\ M )j

should not be taken as less than^l

Fft
— should be taken as not greater than 1
Af

Euro code - 2 (EN 1992-1-1:2004)

^ ) i t h a minimum of (5.32)

(5-34)

(5.35)

Where,
^ = 0.18
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/200"

V d
= 0.15

<2.0withdinmm

Ac - Area of concrete section

Av - Total cross-sectional area of lateral ties at a section

bw - Breadth of section

d - Effective depth

fc/t - Characteristic compressive strength of concrete in MPa

f^ - Yield stress of lateral ties

N£d - Applied axial load

s - Spacing of lateral ties along the member.

Fju - Shear strength offered by concrete

Fju^ - Shear strength offered by lateral ties

Fu -Ul t imate shear strength of column section

p1 - Percentage of tension reinforcement

American Concrete Institute (ACI318-2002)

(5.36)
13.84

( 5 3 ? )

(5-38)

Where,

Ag - Area of concrete section

Av - Total cross-sectional area of lateral ties at a section

b - Breadth of section

d - Effective depth
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fc - Cylindrical compressive strength of concrete in MPa

f^ - Yield stress of lateral ties

P - Applied axial load

s - Spacing of lateral ties along the member

Fc - Shear strength offered by concrete

Fs - Shear strength offered by lateral ties

Fu - Ultimate shear strength of column section

Canadian Standards Association (CSA A23.3-04)

- ' (5.39)

Jv<l>s/y-o\e\bjv (5.40)

(5.41)

6 = 29" + 7 0 0 0 ^ (5.43)

Where,

Js - Area of main flexural reinforcement

Jv - Total cross-sectional area of lateral ties at a section

bw - Breadth of section

</ - Effective depth

dv - Flexural lever arm (dv = 0.9</)

£s -Young's modulus of the reinforcement

fc - Cylindrical compressive strength of concrete in MPa

fy - Yield stress of lateral ties

My - Factored applied moment

Nf - Factored applied axial force (tension positive)

sx - Crack spacing (= 300 mm)
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s - Spacing of lateral ties along the member

Ff - Factored applied shear force

Fr - Shear strength of the member

/? - Factor to account for aggregate interlock in concrete members

ex - Longitudinal strain

6 - Angle of average principle compression in member with respect to

longitudinal axis

<f>s - Resistance factor for steel (0.85)

q>e - Resistance factor for concrete (0.65)

As the shear strength of the column is one of the most important parameters in the

calculation of safe stand off distance it needs to be estimated as accurately as

possible. To study the exactness of the above codes, the strength obtained using the

codes is compared with that of experiments. Several experimental studies (Kokusho

(1964), Kokusho and Fukuhara (1965), Ideda (1968), Li et al. (1995), Lynn et al

(1996), Ohue et al (1985), Saatcioglu and Ozcebe (1989), Umemura and Endo

(1970), Wight and Sozen (1975), Yalcin (1997) and Sezen (2002)) were carried out

to develop the shear model. These experimental data were combined and presented

in the form of a database by Sezen and Moehle (2004). The author used these data to

develop his own shear model. The same experimental data is used to examine the

accuracy of the various codes. Using experimental data, the shear strength of the

columns are estimated using BSI 8110-1:1997, EN 1992-1-1:2004, ACI 318-2002

and CSA A23.3-04 and presented in Table 5.5. The curve, Fig 5.20 plots against the

shear strengths obtained from experiments and code.

The mean ratio of measured to calculated strength, its coefficient of variation and

95% confidence interval are shown in Table 5.6. ACI 318-2002 predicted the shear

strength relatively accurately, but it underestimated significantly for few samples.

The lower limit of confidence interval for most of the codes falls below 1.0 except

for BS code. The estimation of shear strength based on BSI 8110-1:1997 is

conservative and safe; hence, the code is used hereafter to estimate the shear strength

of column section which is an important parameter in a safe stand off distance

approach, discussed in chapter 6.



Table 5. 5 Shear strength of columns, obtained from different experiments

Investigator

Sezen (2002)

Lynn et al.
(1996)

Ohue et al.
(1985)

Esaki(1996)

Lietal. (1995)

Saaticioglu
and Ozceb

Kokusho
(1964)

Material Properties

fc1

(N/mm2)

21.1

21.1

20.9

21.8

25.6

25.6

33.1

33.1

25.7

27.6

27.6

25.7

32.1

29.9

23

20.2

23

20.2

29

33.5

34.1

43.6

30.2

34.8

19.9

20.4

fck
(N/mm2)

16.88

16.88

16.72

17.44

20.4B

20.48

26.48

26.48

20.56

22.08

22.08

20.56

25.68

23.92

18.4

16.16

18.4

16.16

23.2

26.8

27.28

34.88

24.16

27.84

15.92

16.32

fy
(N/mm2)

469

469

469

469

400

400

400

400

400

400

400

400

322

322

370

370

370

370

382

382

382

470

470

470

352

352

b (mm)

457

457

457

457

457

457

457

457

457

457

457

457

200

200

200

200

200

200

400

400

400

350

350

350

200

200

Section Properties

d (mm) a (mm) Pi

394

394

394

394

381

381

381

381

381

381

381

381

175

175

175

175

175

175

375

375

375

305

305

305

170

170

1473

1473

1473

1473

1473

1473

1473

1473

1473

1473

1473

1473

400

400

400

400

400

400

1000

1000

1000

1000

1000

1000

500

500

(%)

1.25

1.25

1.25

1.25

1.50

1.50

1.00

1.00

1.00

1.50

1.50

1.50

1.00

1.35

1.25

1.25

1.25

1.25

1.20

1.20

1.20

1.65

1.65

1.65

0.50

1.00

0.17

0.17

0.17

0.17

0.10

0.10

0.10

0.10

0.10

0.10

0.17

0.17

0.57

0.57

0.52

0.52

0.65

0.65

0.47

0.52

0.57

0.30

0.30

0.60

0.31

0.31

P(kN)

667

2669

2224

667

503

503

503

503

1512

1512

1512

1512

183

183

161

161

269

236

464

1072

1637

0

600

600

156

156

Vu(exp)
InkN

315

359

301

294

271

267

240

231

316

338

356

378

102

111

103

102

121

112

328

393

430

275

270

268

74

88

BSI

397

754

675

399

306

306

298

298

461

483

532

528

151

154

147

145

184

176

510

695

809

270

378

534

95

101

Vu (est) in kN

ACI

318

428

403

321

247

247

271

271

308

317

366

357

110

108

104

102

128

123

433

517

587

268

288

448

71

71

EC2

383

683

616

384

307

307

299

299

438

463

507

503

124

127

122

120

153

147

454

578

689

270

344

485

82

89

CSA

294

378

357

295

240

240

222

222

. 255

282

322

319

95

103

100

100

118

116

389

443

493

255

268

379

53

65

115
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Table 5. 5 Shear strength of columns, obtained from different experiments (cont...)

Investigator

Yelcin (1997)

Ikeda (1968)

Endo (1970)

Kokusho and
Fukuharo
(1965)

Wight and
Sozen (1995)

Material Properties

fc1

(N/mm2)

45

19.6

19.6

19.6

19.6

19.6

19.6

19.6

17.7

" 17.7

17.7

17.7

32.9

14.8

13.1

13.9

13.1

21.9

21.9

34.7

33.6

33.6

32

26.1

25.9

fck
(N/mm2)

36

15.68

15.68

15.68

15.68

15.68

15.68

15.68

14.16

14.16

14.16

14.16

26.32

11.84

10.48

11.12

10.48

17.52

17.52

27.76

26.88

26.88

25.6

20.88

20.72

fy
(N/mm2)

425

558

558

558

558

476

476

476

324

324

324

324

648

524

524

524

524

317

317

344

344

344

344

.344

344

b(mm)

550

200

200

200

200

200

200

200

200

200

200

200

200

200

200

200

200

200

200

152

152

152

152

152

152

Section Properties

d (mm) a (mm) p,i

482

173

173

173

173

173

173

173

1B0

180

180

180

180

180

180

180

180

170

170

254

254

254

254

254

254

1485

500

500

500

500

500

500

500

600

400

400

600

400 -.

400

400

400

400

500

500

876

876

876

876

876

876

%)

1.00

1.00

1.00

1.00

1.00

1.00

1.00

1.00

1.00

1.00

1.00

1.00

0.50

0.50

0.50

0.50

0.50

1.50

2.00

1.20

1.20

1.20

1.20

1.20

1.20

0.10

0.28

0.28

0.28

0.28

0.2B

0.28

0.28

0.28

0.28

0.28

0.14

0.11

0.13

0.13

0.13

0.13

0.31

0.31

0.33

0.33

0.33

0.33

0.48

0.48

P(kN)

1800

78

78

156

156

7B

156

156

156

156

392

392

156

156

156

156

156

392

392

189

178

111

0

178

0

Vu(exp)
InkN

578

74

77

82

B1

58

69

69

71

106

135

83

78

51

58

69

67

110

110

96

97

87

81

95

86

BSI

739

101

101

119

119

93

111

111

93

106

143

123

97

86

85

86

85

153

159

118

115

102

80

132

98

Vu (est) In kN

ACI

553

84

84

88

88

76

80

80

66

66

78

61

71

55

53

54

53

82

82

95

93

89

80

107

96

EC2

630

93

93

104

104

86

97

97

85

85

120

106

78

70

69

69

69

127

131

110

108

98

81

122

96

CSA

441

74

74

78

78

68

72

72

60

67

82

547

55

50

49

49

49

80

84

80

79

76

72

91

84
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Fig. 5. 20 Comparison of shear strength of column obtained from experiments and code
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Table 5. 6 Comparison of shear strength obtained using different codes

Standards

ACI 318-2002

BSI 8110-1:1997

EN 1992-1-1:2004

CSAA23.3-04

' y /
u experiment/

YF
/ ^estimated

Mean

1.03

1.41

1.25

0.93

Standard
Deviation

0.20

0.25

0.23

0.18

95 % confidence
interval

0.70 to 1.36

1.00 to 1.82

0.87 to 1.63

0.63 to 1.23

5.6. Section properties

The cracking of concrete is a dominant phenomenon in RC members subjected to

bending. It reduces stiffness of the member and results in increased deflections. In

the case of dynamic effects it extends the natural time period of vibration which

results in the reduction of blast effects on the column. It is complicated to estimate

the cracked stiffness of the members because (i) the effective moment of inertia is

not constant along the member; (ii) the modulus of elasticity of the concrete changes

as the stress increases. TM 5 - 1300 (1990) recommends the average moment of

inertia, given by, •

(5.44)

Where,

fej- Effective moment of inertia

I - Gross moment of inertia, which is equal to

fcr- Cracked moment of inertia, which is equal XoFIg, obtained from Fig.

5.26.

The ACI, EC and CSA suggested effective moment of inertia for finite element

modelling purposes are summarized in Table 5.7. The presence of axial compression

and steel reinforcement reduce tension cracking. The ACI and EC do not consider

the effects of axial force and percentage of reinforcement in the calculation of
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effective moment of inertia. Similarly the CSA does not consider the effect of the

percentage of reinforcement. Hence, the charts are prepared to estimate the cracked

moment of inertia considering the effect of axial force and the percentage of

reinforcement.

Table 5. 7 Effective moment if inertia, adopted in different countries

Country Standards

ACI 318-2000

EC 8: 1994-2003

CSA A23.3-04

Beam

0.35/^

0.4/,

Column

0.7/,-

0.5/,

a =0.5 + 0.6 fs <1.0

/A

To estimate the cracked moment of inertia of the section,

- The neutral axis is estimated as explained in section 5.4.
= The reinforcement is replaced with equivalent concrete area.
= The concrete in tension zone is ignored.
= The CG of the transformed section is calculated and the moment of

inertia about this CG is estimated and is termed as 'cracked moment

of inertia'.

As the estimation of cracked moment of inertia is laborious and time consuming, the

Icr charts are developed (without considering the material partial safety factor) and

are presented in Fig 5.21 for C25 concrete and the reinforcement on two opposite

faces. The ̂ charts for other grade of concrete and arrangement of reinforcement are

given in Appendix, A3.3.
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Fig. 5. 21 Cracked moment of inertia for C25 concrete columns

The blast load causes the high strain rate on column, hence considering the dynamic

strength of concrete and steel (adopted in TM 5-1300) is very important.

Furthermore, the occurrence of the events has very low probability, so it is not

necessary to consider any partial material safety factors for concrete and steel in the

design of the column. The flexural design charts for column based on British

Standards, without considering any partial material safety factors, were developed

and presented here. Subsequently, the shear design of column was discussed. The

shear strength of the column is one of the most important parameters in the

calculation of safe stand off distance and its estimation is highly empirical in nature.

Hence, the exactness of the shear strength, obtained from different countries, was

studied by comparing with experimental results.

Another important parameter is effective moment of inertia of the column, as it

influence the column's natural time period. In dynamic analysis, it extends the

natural time period of vibration which results in the reduction of blast effects on the
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column. As all the codes are silent about the effect of axial compression and

percentage of reinforcement on cracked moment of inertia of column, the charts are

developed to estimate the cracked moment of inertia considering those effects.

5.7. Brisance effect

When a blast pressure wave impinges on the front face of an object, part of the wave

reflects and other part propagates through the object and then reflects back from rear

face in the form of a tensile wave. If the dynamic tensile strength of the material is

exceeded then the material will crack. As a result momentum is imparted to the

cracked off portion in the direction away from the structural elements in a process

called spalling, which continues until the strength of propagating waves is less than

that needed to cause spalling. If the initial blast wave is sufficiently strong, spalling

can completely breach the structural element and this is called a Arisance Jai/ure

(Fig. 5.22).

Blast
pressure

00

- >:

_Crack in rear
side

\
Tensile wave

(b) (c) (d)

Fig. 5. 22 Spall damage of concrete walls

McVay (1988) conducted several experiments to study the influence of scaled stand

off distances, charge weight, concrete wall thickness, etc., on spalling damage.

Based on this research the empirical relationship shown in Fig. 5.23 was developed

that can be used to estimate the potential for brisance failure. This was developed for

panels but has been used herein for the assessment of columns.
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R/W**0,33 (ft/lb»*0.33)
.05.07 ,.i ^ .j .$ J J ? ?

T — Depth of the column or
Thickness of the wall

R - Stand off distance
W - Size of the charge weight

Fig. 5. 23 Failure of columns against brisance, (McVay, 1988)

5.8. Comparison between theoretical predictions and real behaviour

using the Murrah Building as case study

A truck bomb loaded with the equivalent of 1800 kg of TNT was exploded about 2.1

m east and 4.3 m north of column G20 (FEMA, 1996). In this incident, one column

was destroyed by brisance effect and another two columns by shear. The failure of

these columns brought down the transfer girders which were supported by these

columns, resulting in a progressive collapse. To study the behaviour of the building

under direct blast and the influence of the transfer girder, this study was carried out

considering two cases: first case concerning the collapse of original building; second

with the building modified so that the transfer girder was removed and intermediate

columns as well as second floor beams introduced as shown in Fig. 5.24.

l l I

1
1

1
1

II
II
II

1 1 II

II 1

I II

« n

i i i

i
I

ii
ii
II

Case: 1 Building with transfer girder Case: 2 Building without transfer girder

Fig. 5. 24 Case study on the collapse of the Murrah Building
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Column failure due to brisance was assessed using the chart (Fig 5.23) provided by

McVay (1980). The scaled range for the survival of reinforced concrete columns

(G24, G20, G16 and G12 etc) against brisance is estimated to be more than 0.6

m/kg1/3 (see, Fig 5.25). As the scaled distance of G20 is less than the above limiting

value, this column is expected to have failed in brisance. G24, G16 and G12 columns

were safe against brisance, as the scaled distance is more than the above limiting

value. The intact portion of column G20 was not seen in the debris (FEMA 277,

1996), which shows the brisance failure of G20 column. One column, G20 is

removed by spalling of concrete in the 1st case and two columns G22 and G20 are

removed in 2nd case (Fig. 5.26). The blast loads on columns G12, G16 and G24 are

calculated as per the procedure, given in section 5.2 and the profile of its blast load is

shown in,Fig 5.25. In the calculation of shear resistance of the columns, the

enhancement in shear resistance due to the axial compression from the accidental

load is also considered. Similarly, the fiexural capacity of the column is calculated in

the presence of axial compression from the accidental load. As mentioned in Section

5.5, the shear failure is brittle in nature, hence shear force due to blast are calculated

based on elastic analysis using MDOF system modelling. At the same time, the

flexural failure is ductile in nature, hence the dynamic bending moment is calculated

considering nonlinear elasto-plastic analysis using SDOF system (SDOF system

modelling yields the satisfactory results for moments) and the results are presented in

tables 5.8 and 5.9 with the calculations for one row of the table presented in

Appendix A3.4 for example purposes. The columns are assumed to be fixed at both

ends in the analysis because of (i) continuity on either sides of the column; and (ii)

presence of floor beams. The failure due to blast is shown in Fig 5.26 which resulted

in collapse of half of the floor area as shown in Fig. 5.27.
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Fig. 5. 25 Blast Loadings on Columns

Table 5. 8 Blast loading and its effect on the columns (case 1)

Column
No

Standoff
Distance

(m)

Blast
Pressure

(kN/m1)

Duration of
Blast Shear Force

Loading
(mSec) (kN)

Bending
Moment

(kN-m)

Shear Capacity Moment Capacity
Shear Force Bending Moment Comments

G28
G24
G16
G12

22.86
11.28
15.24
27.13

1286
10023
4354
769

4.31
1.80
2.73
4.57

1896
11550
6294
1293

737
3214
2140
603

1.05
0.16
0.30
1.46

1.90
0.75
1.13
4.01

Survived
Failed
Failed

Survived

Table 5. 9 Blast loading and its effect on the columns (case 2)

Column
No

Stand off
Distance

(m)

Blast
Pressure

(kN/m2)

Duration of
Blast Shear Force

Loading
(mSec) (kN)

Bending
Moment

(kN-m)

Shear Capacity Moment Capacity
Shear Force Bending Moment

Comments

G28
G26

G24

G18

G16

G14

G12

22.71
16.76

10.97

9.45

14.94

21.03

26.82

1312
3287

10759

15576

4539

1684

789

3.39
2.59

1.43

1.06

2.30

3.18

3.80

. 923
1902

3725

4025

2388

1127

721

335
676

1335

1435

853

406

215

1.17
0.56
0.30
0.28
0.47
1.01
1.54

2.71
1.34
0.68
0.63
1.06
2.23
4.21

Survived
Failed
Failed
Failed
Failed

Survived
Survived
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(a) Case 1

(b) Case 2

X — Shear or Flexural Failures O — Failure due to brisance effect

Fig. 5. 26 Failure due to direct blast effect

(a) Case 1
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(b) Case 2

Fig. 5. 27 Failure of the Murrah Building

As the explosive is exploded in close proximity (2.1 m) to the building, most of the

columns were removed by direct blast wave. In case 1, the column G20 failed by

brisance and the columns G16 and G24 failed by shear. In case 2, the columns G22

and G20 were failed by brisance and the columns G26, G24, G18 and G16 failed by

shear. There is little change in the subsequent failure patterns between cases 1 and 2;

hence the transfer girder is not a main reason for the progressive collapse. To protect

the building from a terrorist attack, the safe stand off distance for different threats

such as truck, large to small vehicle, briefcase bombs needs to be maintained by

providing check points.

5.9. Conclusions

Protective design against disproportionate collapse can be carried by several methods

namely safe standoff distance approach, outrigger truss, double span, key element,

specific local resistance and indirect design methods. The cons and pros of these

methods were compared and it was concluded that design based on the safe stand off

distance has probably the highest level of protection. This protective design of

column against blast mainly consists of three phases: (i) estimation of blast load; (ii)

dynamic analysis of column and (iii) design for the maximum shear and flexural

responses.

A method to estimate blast load on columns was proposed. The load was represented

in the form of a pressure-time history which includes two profiles, one represents the
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load on front face and other represents the load on rear face. This complex blast

profile results in complex dynamic analysis for the column. Hence, it was converted

into a simple triangular impulse of equivalent area. To study the inaccuracy resulting

from this simplification, a parametric study was carried out. This showed that the

response is conservative and the error in column response for the triangular impulse

is less than ten percent. Since, the column is subjected to high strain rates, therefore

the dynamic strength.of concrete and steel (adopted in TM 5-1300) was used in the

analysis. The partial material safety factors for concrete and steel in the design of the

column were not included, as the occurrence of the events has very low probability.

The flexural design charts for columns were based on British Standards, without

considering any partial material safety factors. Subsequently, the shear strength of

column was discussed. Its estimation is highly empirical in nature; hence the

exactness of the shear strength, obtained from different countries, was studied by

comparing with experimental results. The study concluded that the strength obtained

using BS 8110-1:1997 provides a sensible margin of safety, however CSA and ACI

underestimated the shear strength for few samples. Anyway, this underestimation

can be managed by introducing the factor of safety. The charts (Fig. 5.21) were

developed to estimate the cracked moment of inertia of column considering the

effect of axial compression and percentage of reinforcement.

Subsequently, a case study of the Murrah building was carried out. In the case study

the building was considered with and without considering the use of the transfer

girder. In both cases, columns failed by either brisance or shear, due to the blasts of

blast pressure. Consequently, this local failure led to the disproportionate collapse in

which half of the floor area of the building destroyed. The results of case 1 state that

the predicted behaviour corresponded well to that determined from the forensic

investigation namely, two columns failed by shear and one by brisance as predicted

from McVay. The results of case 2 show that the provision of the transfer girder is

not a primary reason for the progressive collapse. Even if the building were designed

as per GSA guidelines, it could not have survived.



Chapter 6.

Protective Design for RC Framed

Structures: The Safe Stand off

Distance Approach

6.1. Introduction

In the safe stand off distance (SSD) approach, safety against blast is ensured by

providing sufficient distance between potential devices and the structure to avoid

failure. In the case of buildings in which ground floor columns are exposed to the

outside environment the reflected pressure on the front face 'clears' quickly;

subsequently the blast wave reaches the rear face and the pressure on the rear face

rises to the incident pressure, as explained in chapter 5. This phenomenon is termed

as 'clearing'. In the case of columns whose space between is infilled with load

bearing elements, such as brick and sandwich panels, the blast wave takes time to

breach the infilled wall; in that case the clearing of reflected pressure will not occur

quickly enough and the reflected pressure takes time tr to decay to zero. This

condition is termed as 'no clearing' and it represents the worst case scenario. The

typical pressure-time histories for clearing and no clearing are shown in Fig. 6.1. In

this chapter, the method to estimate the safe scaled distance is proposed considering

both clearing and no clearing and corresponding design charts are developed.
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Clearing No Clearing

ur
e

en
<D

Time Time

Column Wall Panel

Fig. 6. 1 Typical Pressure time histories for clearing and non clearing

6.2. Calculation of Blast Load

In the calculation of safe stand off distance, the duration of blast load is an important

parameter. The blast load profile for clearing is complex; hence it is simplified in the

present analysis into a triangular impulse by adopting the same reflected pressure

and with the time duration adjusted to give an equivalent impulse, as explained in

chapter 5.

The blast load profile, shown in Fig 5.5 has many variables consisting of (i) the blast

wave parameters (such as reflected and incident pressures, the duration of incident

pressure and wave front velocity) at both the front and rear faces and (ii) the column

dimension such as breadth and depth. These variables make the calculation of safe

stand off distance complex. This was acceptable for assessing the behaviour of a

single structure such as the Murrah Building. However, for development of SSD

design charts covering a very wide range of variables a more simplified blast

pressure time history is required for the clearing case. In view of this two

simplifications to the full pressure-time profile are investigated herein, with their

impulses compared with those of the full (unsimplified) pressure-time history

profile.
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Simplified Pressure Time Profile - 1

Assumption: the effect of static overpressure on the front face is assumed to be fully

nullified by that on the rear face. This leaves only the drag pressure remaining up

until time t& static over pressure is ignored. The simplified profile is shown Fig. 6.2.

B

Fig. 6. 2 Pressure Time Profile - 1

Simplified Pressure Time Profile - 2

Assumption: as with the simplified profile 1 we assume the static overpressures are

equal on both the front and rear faces. The difference in the approach is that the time

for the rear face over pressure to rise is included. Based on this assumption, the

complex pressure-time history is converted into the profile shown in Fig. 6.3.
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B

Fig. 6. 3 Pressure Time Profile - 2

The parametric study presented in section 5.2.1 is extended to check the degree of

inaccuracy inherent in these two approaches. The simplified pressure-time histories

for the typical columns are shown in Tables 6.1 and 6.2. The impulses of these

profiles are compared with those of the complex profile (Table. 5. 3). The impulse of

profile 1 differs by 4 to 9 percent and the profile-2 differs by less than 2 percent (Fig.

6.4), hence profile 2 is used in developing the SSD design charts in the case of

clearing.
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10

0)

2 2
UJ

^ • 1 Pressure Time Profile - 1 |
I I Pressure Time Profile - 2j

n n

1 2 3 4 5 6 7 8 9

Column ID
Fig. 6. 4 Percentage error in the impulses of different pressure-time profiles
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Table 6. lPressure Time Profile - 1

Column ID

1

2

3

4

5

6

7

8

9

Charge
Weight

(kg)

230

230

230

1000

1000

1000

1800

1800

. 1800

Breadth

(mm)

300

450

600

300

450

600

300

450

600

Depth

(mm)

300

300

450

300

300

450

300

300

450

Stand off
distance

(m)

12

12

6

30

21

16

73

73

36

Scaled
distance

(m/kg1/3)

1.96

1.96

0.98

3.00

2.10

1.60

6.00

6.00

2.96

Front face loading

Pressure

Pr

(kN/m2)

1125.09

1125.09

8608.66

. 330.74

912.59

2080.56

71.29

. 71.29

342.95

PS(tc)

(kN/m2)

193.07

179.27

1541.95

38.97

150.09

391.58

3.18

3.13

39.47

Time

(mSec)

0.71

1.06

0.74

0.94

1.12

1.19

1.17

1.76

1.87

td

(mSec)

5.65

5.65

2.06

16.03

10.12

7.02

38.54

38.54

19.19

I

(kN/m2-mSec)

942.35

1102.07

4762.12

467.94

1269.58

2607.70

102.96

122.88

699.11

Duration of
Blast Load

tdi

(mSec)

1.68

1.96

1.11

2.83

2.78

2.51

2.89

3.45

4.08

% error in
estimation of
Impulse or
duration of
blast load

4.98

5.52

3.15

5.10

4.53

4.50

7.47

8.44

6.25

Table 6. 2 Pressure Time Profile - 2
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Column ID

1

• 2

3

4

5

6

7

g

9

Charge
Weight

(kg)

230

230

230

1000

1000

1000

1800

1800

1800

Breadth

(mm)

300

450

600

300

450

600

300

450

600

Depth

(mm)

300

300

450

300

300

450

300

300

450

Stand off
distance

(m)

12

12

6

30

21

16

73

73

36

Scaled
distance

(nVkg1'3)

1.96

1.96

0.98

3.00

2.10

1.60

6.00

6.00

2.96

Front face loading

Pressure.

Pr

(kN/m2)

1125.09

1125.09

8608.66

330.74

912.59

2080.56

71.29

71.29

342.95

P.(W

(kN/m2)

453.54

421.10

2450.11

147.88

375.83

786.19

33.93

33.40

146.88

Time

(mSec)

0.71

1.06

0.74

0.94

1.12

1.19

1.17

1.76

1.87

td

(mSec)

5.65

5.65

2.06

16.03

10.12

7.02

38.54

38.54

19.19

Rear face loading

Pressure

P,(tr)

(kN/m2)

247.07

221.75

689.40

106.59

216.00

365.22

30.43

29.79

103.45

Time

t.

(mSec)

0.96

1.44

1.06

1.26

1.51

1.62

1.56

2.34

2.51

td

(mSec)

5.65

5.65

2.06

16.03

10.12

7.02

38.54

38.54

19.19

Net Impulse

I

(kN/m2-mSec)

980.14

1158.75

4986.94

' • 486.54

1318.82

2710.82

109.15

132.17

737.12

Duration of
Blast Load

tdi

(mSec)

1.74

2.06

1.16

2.94

2.89

2.61

3.06

3.71

4.30

% error in
estimation of
Impulse or
duration of
blast load

1.17

0.66

-1.42

1.33

0.82

0.73

1.90

1.51

. 1.15



The net impulse acting on the column is equal to the net area under the pressure-time

history, shown in Fig 6.2 and is calculated using Eq. 6.1.

]_

•21
/ ——
appmx. o | J*s

The duration of the blast is assumed to be equal to the minimum of the fictitious

duration, obtained using Eq. 6.2 or the duration obtained based on Eq. 6.3. The Eq.

6.2 yields a minimum value where the reflected pressure takes more time to clear,

i.e., the width of the column is large. Similarly, Eq. 6.3 yields a minimum value

where the reflected pressure takes much less time to clear, i.e., the width of the

column is very small. <

4 = ̂  ' (6-2)

/ , = 1/<wm- (6.3)
Pr

This equation can be simplified to,

f V ] (6-4)
Where,

£ - Width of the face which experience the blast pressure

Ir - Reflected impulse

Il^m - Area under the pressure-time history of Fig. 6.2

Pr - Reflected pressure on the front face

Ps - Incident pressure on the front face

qA - Dynamic pressure on the front face;

td - Duration of blast load

/^ - Duration of incident pressure on the front face

Uj - Blast wave front velocity for the front face

136
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6.3. Calculation of SSD

The safe scaled distance is calculated considering both shear and flexural failure,

with the minimum of these values taken as the safe scaled distance. As discussed in

chapter 4, an elastic MDOF analysis is carried out for estimating the dynamic shear

forces with the uncracked transformed section moment of inertia is used in the

calculation of the natural time period {/#+ f^, where ^-is the gross moment of inertia

and vjis the second moment of transformed area of steel about the CG of the section.

This is because shear failures are associated with small displacements. In this

situation it is also possible but less accurate to use just the gross moment of inertia

for the concrete section, which is typically 20% lower than the transformed section

value. Including the contribution of the rebars, it yields a conservative result as the

increased moment of inertia reduces the natural time period of the column, resulting

in greater dynamic shear force.

Analysing flexural we use a SDOF analysis because Chapter 4 demonstrated this to

be within a reasonable degree of accuracy. Since flexural failure is ductile elasto-

plastic behaviour of the column is assumed when selecting the equivalent stiffness

factors for use in the solution of the equation of motion. In accordance with TM 5-

1300 standard practice the moment of inertia was taken as the average of moment of

inertia for the uncracked concrete section and the cracked section, {/g + £)/2, where

7C is the cracked moment of inertia in which the concrete in compression zone and

the transformed area of steel are considered.

6.3.1 SSD considering shear failure

The estimation of a SSD for a given column and charge weight is by a trial and error

procedure. Initially, a close range is assumed and the blast wave parameters for the

charge weight estimated. From these parameters, the blast load on the column is

assessed and the dynamic analysis performed to estimate the shear force. If the

dynamic shear force is greater than the shear strength then the column is not safe

against blast and the stand off distance increased. This procedure is repeated until the

strength of the column is exactly equal to the dynamic shear force. As described in

Chapter 5 the shear capacity is in fact taken as a dynamic shear capacity, using
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dynamic strength enhancement factors for both rebar and concrete strengths, with

safety factors on material properties removed. However, the conventional design

shear strength can also be used and this will yield a larger SSD.

It is assumed that the column survives only if the shear capacity is greater than the

dynamic shear force (at the support). The dynamic shear force due to blast load is

calculated based on the methods, presented in chapter 4. Mathematically, the failure

of the column by shear can be expressed as follows.

a, ^ • . ^ Shear capacity
S/iear coefficient, a < — —

M s To tat toad

(6.5)

rotaitoad,fF=prBl (6.6)

This relationship is explained graphically in Fig 6.5. The dynamic shear force and

shear capacity are made non dimensional by dividing by the total load. The total load

depends on charge weight and stand off distance., The charge weight is held as a

constant, hence the stand off distance is varied arid its corresponding total load, shear

force and t,/tn are estimated. The normalised dynamic shear force and shear capacity

are plotted against t</t& The column is considered to be failed when the normalised

shear force is less than the normalised shear capacity. The corresponding tytn value

provides the SSD since 4 is constant.

Unsafe Safe

Fig. 6. 5 Safe stand off distance considering shear failure
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The method of estimating the SSD is explained step by step as follows:

Step: 1 Calculate the natural time period (4) for the column, duration of blast load

(4) and 4 / 4 for a range of different stand off distances (SD).

Step: 2 Calculate the total load (W) using Eq. 6.6, the shear capacity (/£) of column

section and F/fPMJ.

Step: 3 Calculate shear coefficients (a,) for different 4*4 based on dynamic analysis.

Step: 4 Plot the curves (i) Os Vs t/tn (ii) F/(PMJVs 4 / 4 and (iii) SD Vs 4 /4 .

Step: 5 Obtain the intersecting point of the curves: asVs 4 / 4 and Fc/WNs 4 / 4

Step: 6 Finally, obtain the stand off distance corresponding to the intersecting point.

6.3.2 SSD consideringflexuralfailure

Mathematically the failure of the column by flexure can be expressed as follows:

Dynamic bending moment < Moment capacity

Bending moment coefficient • [Total load- Span\< Moment capacity

Moment capacity
Bending moment coefficient < (6.7)

Total load x Span

Eq. 6.7 is explained graphically in Fig 6.6." The dynamic bending moment and

moment capacity are non-dimensionalised by dividing though by total load x length.

The total load depends on a charge weight and stand off distance. For different stand

off distances the total load, bending moment and 4*4 are estimated. The normalised

dynamic bending moment and moment capacity are plotted against t/t^ The SSD is

determined thereafter in the same manner as for shear.

Unsafe

[ £)ynamic Sending moment\

Safe

Fig. 6. 6 Safe stand off distance considering flexural failure
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The method of estimating the SSD is explained step by step as follows:

Step: 1 Calculate the natural time period (4) for the column, duration of blast load

(4) and tftn for different stand off distance (SD).

Step: 2 Calculate the total load x span {Pr61?), the moment capacity (Afy of column

section and Mt/iPrblf).

Step: 3 Calculate bending moment coefficients (a^) for different tftn based on

dynamic analysis.

Step: 4 Plot the curves (i) am Vs 4^4 (ii) MoiPrdl2) Vs 4 ^ and (iii) SD Vs 4*^

Step: 5 Obtain the intersecting point of the curves: am Vs 4 / 4 and McA^Pr 6Z?) Vs

Step: 6 Obtain the SSD corresponding to the intersecting point.

6.4. A case study on the Murrah Building

At this stage it is worth reviewing the Murrah Building using this method. The blast

load (PP) and its duration (4) are estimated for varies stand off distances (3 to 50 m)

and a charge weight of 1800 kg. From the column dimensions and the reinforcement

details, the natural time period (4) and the shear strength of the column (/Q are

estimated. Based on the dynamic analysis, the shear coefficient of the column is

estimated for different (4^,) ratio. The curves, similar to Fig 6.6 are plotted and

shown in Fig. 6.7 (a). The intersecting point yields the safe stand off distance (Fig.

6.7(b)) of 23.75 m. The forensic investigation showed column G16 was 15.24 m

away from the blast and failed in shear, whereas the next closest column (G12) was

27.13 m away and survived. The SSD charts demonstrated that shear was critical,

with the SSD of 23.75m, lying as would be expected between G12 and 16. Thus the

expected response corresponds with that observed.

For case 2 the SSD was reduced to 21.8m. This figure remains high because

4 reduces due to the shortened length. This creates a lower 4*4 value, thus attracting

higher dynamic shear forces to the column. This and the reduced shear strength

offsets the advantages of lower load due to reduced length and width. Therefore the

SSD remains largely unchanged. The result is that the columns introduced into G14

would survive, although columns G16 to 26 would all fail. This would result in only

a slight reduction in the extent of the progressive collapse.
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It is of interest to consider the probable response of this building to a range of bomb

sizes. Using this approach safe stand off distances of 33.5, 23.75, 11.64 and 5.15 m

should be maintained for the case 1 building to protect it from the threat of truck,

large and small vehicles, and briefcase bombs respectively, see Tables 6.3. Similarly,

safe stand off distances of 29.0, 20.80, 9.80 and 4.30 m should be maintained for

case 2 to protect from truck, large and small vehicles, and briefcase bombs

respectively. The safe stand off distance increases gradually with increase in charge

weight (Figs. 6.8).

The safe scaled distance provides a quick and simple means for developing a SSD.

The US DoD (DoD, 2005) provides a range of safe scaled distances for different

types of structure and recommends a safe scaled distance of 4.36 m/kg1/3 (11 ft/lb1/3)

for unstrengthed framed structures. This US DoD value is obtained from the

observations in field blast tests on structural models and low rise structures

irrespective of the type of structure, the configurations, and the behaviour of

structural elements. Recent work finite element modelling using LS DYNA3D by

Wu and Hao (2007) has indicated that this value may be conservative, with a safe

scaled distance of 1.8 m/kg1/3 where column axial forces are low and 1.18 m/kgi;3

where column axial forces are high. The reason for the different scaled distance is,

the axial compression enhances the shear strength of the column section

considerably and this enhancement leads to a reduced safe stand off distance.

Under accidental limit state load (1.0 DL + 1/3 of EL) the axial compression in the

columns is of the 10 to .25 % of 4gfc. Hence the scaled distance of 1.8 m/kg1/3 is

considered for the comparison. Fig 6.9 shows that the safe scaled distances are

nearly same (2.0 m/kg1/3 ) for all the charge weights, even for the truck bomb. The

scaled distance of 2.0 m/kg1/3 is considered as a safe scaled distance for the Murrah

building and it compares with that from Wu and Hao.
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0.00 0.05 0.10 0.15 0.20

(a) as Vs j y Tn and V,/W Vs

0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14 0.16 0.18

(b) Stand off distance Vs T/ Tn

Fig. 6. 7 Safe Stand off Distance for the Murrah building in case of vehicle (van)
bomb considering shear failure of the column



143 chapter 6 Protective Design for RC Framed Structures: Safe Standoff Distance for Columns

Table 6. 3 Safe scaled distance considering shear failure of columns

Safe Stand off Distance (m)
Safe Scaled Stand off

Distance (m/kg1/3)

Truck Bomb - 4500

Vehicle Bomb (van-US) - 1800

Vehicle Bomb (van-UK) - 1800

Vehicle Bomb (car-UK) - 1800

Vehicle Bomb (car-US) - 230

Briefcase Bomb - 25

case 1

33.50

23.75

19.50

15.40

11.64

5.15

case 2

29.00

20.80

16.80

13.00

9.80

4.30

case 1

2.03

1.95

1.95

1.94

1.90

1.76

case 2

1.76

1.71

1.68

1.64

1.60

1.47
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Fig. 6. 8 Safe stand of distance for the Murrah building
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Fig. 6. 9 Safe scaled distance for the Murrah building
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6.5. Development of Design Charts
->

We have a system for calculating SSD for a given set of parameters. The analysis is

complex and therefore to create a usable approach for use by engineers, it is

necessary to create a set of design charts for used by hand or interpolation functions

that can be programmed into a spread sheet. This section describes how these design

aids are developed using the method described in section 6.3. Because these

functions and charts are sensitive in nature they are contained in an accompanying

document called "Charts for estimating safe stand off distances". These charts fall

into the following broad categories: those with and without clearing, and those for

shear and those for flexure. Within these categories the end conditions create

additional subcategories.

The creation of these charts is not as simple as fixing all parameters (e.g. charge

weight, concrete grade, etc) and adjusting only a single parameter to create a

relationship between lets say the D/£ratio with SSD. This is because the safe stand

off distance may not be a linear function. The first step in developing an expression

for SSD is to identify the influencing parameters. This is achieved through the

following mathematical models.
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6.5.1 Identifying the influencing parameters of SSD

The dynamic shear force can be mathematically represented as follows (the

derivation of these equations is given in Appendix A.4.1),

(Clearing) (6.8)

/y,fci,SZ>\ (Non clearing) (6.9)

Where It is the second moment of area for the transformed section. For simplicity

this is not broken down into sub parameters such as area of compression steel, cover

thickness etc. Instead a chart is developed; see Fig. 5.21, in which the effect of axial

compression and the reinforcements on cracking is included. In accordance with

previous analysis, this was created using /# + fs where Zg is the gross moment of

inertia and Is is the second moment of area of steel reinforcement about the CG of

the section.

The explanation for the decision to divide £ by Z and Z) by Z in this list of

influencing parameters was that it reduces the size of the number range to 0.05 to 0.3

for typical column sizes. This had numerical advantage in speed of calculation.

The shear strength is normalised by dividing by y[/^6Z? to create the shear strength

factor that can be represented by Eq. 6.10.

Or K =

This can be represented as

Since,

Dynamic s/iear force, F < Shear capacity, Fu
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To solve this equation, the curves, /^zrA y£ are plotted against stand off distance,

hence the variables ffr,-yr,^y.r,^J',,/cl andXsare constant. Then, the intersection

point, SD is obtained. SD is called as safe stand off distance against shear. The safe

stand off distance is mathematically represented as follows:

forclearing (6.12)

for non clearing (6.13)

From Eqs 6.12 and 6.13, it is identified that the SSD considering shear failure mainly

depends on charge weight, concrete strength, £/£, D/L, Z, 7/ and A^. We now use a

regression analysis to create the functions relating these parameters to the SSD.

Using the above method, the data base for safe stand off distance charts for shear and

flexure are generated for the following range of variables: .

= charge weight {230, 500, 1000, 1500, 1800, 4500}

= (y^) r a n g m g from 20 to 40 N/mm2

= breadth to length ratio [yA ranging from 0.05 to 0.3

= depth to length ratio (^yA ranging from 0.05 to 0.3,

= length ranging from 2.5 to 6 m,
= shear strength factor (^s) ranging from 0.1 to 0.8

- flexural strength factor ranging from 0.1 to 0.8.

Using DO loops this created an array of approximately 300,000 data points upon

which the regression analysis could be based.

Development of SSD estimation functions

The first step is to develop regression analysis functions and this is done through the

parametric study in which one variable is kept as independent variable and rest

remain constant. From this study, the approximate relationship between the

independent variable and the safe stand off distance is established. Finally, the

regression functions which take many forms are developed using the unknown
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parameters. For example, to study the influence of B/L the safe stand off distances

are estimated by considering shear failure; set of characteristic strength of concrete,

depth to length ratio, length and shear strength factor as constants and breadth to

length ratio as a variable. For each data group, the curve, SSZ? ws. 3/Zis plotted and

fitted with different functions such as cubic, quadratic, linear, power, exponential

and inverse etc. For each fit, the coefficient of determination {jf) is estimated and

ranked. The R2 value provides a quantitative measure of how well the fitted model

predicts the dependent variable. The values of R squared that are close to 1 imply

that most of the variability in y is explained by the regression model (Montgomery,

2003). The fundamentals of linear and nonlinear regression analysis are explained in

Appendix 4.2. Table 6.5 shows the best three fits and their ranks. This table helps to

identify the relationship between safe stand off distance and breadth to length ratio.

The R-squared values are very close to 1, hence the polynomial and power {y= a/)

functions can be used to correlate the variables.

Table 6. 4 Influence of B/L on Safe Scaled Distance

1000

1000

1000

1000

1000

1000

1000

1000

1000

fck

20

20

20

25

25

25

30

30

30

D/L

0.1

0.2

0.3

0.1

0.2

0.3

0.1

0.2

0.3

L
v/

3

4

5

3

4

5

3

4

5

0.2

0.4

0.6

0.2

0.4

0.6

0.2

0.4

0.6

Best Fits in
Order (Higher

to Lower)

C, Q, L

C, Q, L

C, Q, P

C, Q, L

C, Q, L

C, Q, P

C, Q, L

C, Q, L

C,Q,P

respective R2

1.000, 0.994, 0.994

0.999, 0.998, 0.994

0.998, 0.998, 0.987

0.998, 0.995, 0.994

0.999, 0.998, 0.994

0.998, 0.998, 0.989

0.999, 0.997, 0.994

0.998, 0.998, 0.993

0.998, 0.997, 0.990

Note: C - Cubic function; Q — Quadratic function; L Linear function and P - Power function.

A similar study was carried out to find out the correlation function for other

variables, such as W, /cA Z)/Z, Z, 7t and £s. From the study, the many possible

empirical equations, shown in Appendix 4.3, were developed with the unknown
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coefficients. The following three forms were considered here and these are shown

with their corresponding R2 value.

The first one was the power function:

^ R2 = 0.999

The second one was the polynomial function:

The third one was the inverse function:

R2 = 0.998

R2 = 0.997

Where A, to K are constants that are determined using the software package,

Statistical Package for Social Science (SPSS) that is specifically designed for this

type of problem. The SPSS also gives the R2 value for the model. Using R2, the best

solution was selected among the possible solutions. Finally, the regression analysis

demonstrated that the functions of the form (Eqs. 6.21 and 6.22 ) below was the most

accurate and also the simplest of the tried. In fact the accuracy was consistently

shown to be greater than 0.99 when using the R2 test.

( X ( )A^\ (^XjfA^(j-) for clearing (6.21)

for no clearing (6.22)

The corresponding process to identify the influencing parameters for flexure is

essentially the same as this. For simplicity the full details are located in Appendix

A4.4. Similar to the estimation of SSD of shear failure, the empirical equations,

given in Appendix A4.4 were developed based on the parametric study with the

unknown coefficients. These coefficients were calculated for each empirical equation
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through nonlinear regression analysis and the hypotheses were compared with R-

squared values. Eqs. 6.23 and 6.24 yield maximum R-squared values of 0.996, 0.994

to estimate the SSD of a column for clearing and no clearing respectively.

(6.23)

Z

— +
(6.24)

I

• Breadth of section

Depth of section

• Characteristic compressive strength of concrete in MPa

• Gross moment of inertia

• Effective Moment of inertia

• Moment of inertia of transformed section

Flexural strength factor

Shear strength factor

Length of column

Development of the design charts

Whilst the functions presented in the previous chapter are ideally suited to

programming into a spreadsheet, it is also useful to create design charts from which

the SSD can be estimated without use of a computer. Using Eq. 6.21, the design

charts (Fig 6.10) are developed. For security reason the x and y axis labels are

removed from the charts and these charts are provided in full in the supplementary

document to this thesis. Fig 6.10 was prepared for the charge weight {W] of 1000 kg,

concrete strength (/£/) of 25 N/mm2, length of 3 m, gross moment of inertia and the

shear strength factor (A^) of 0.4. For other JV,fcn, Z,A^and moment of inertia of

transformed section, the safe stand off should be modified by multiplying with

modification factors for charge weight (or,,), concrete strength (a x ) , length (az)
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and moment of inertia (af) and as given in Eq. 6.25. The method of obtaining safe

stand off distance for a column using these charts was explained with an example in

the supplementary.

SSD=SSDekatfiLjzJaJapLt (6.25)

SSDcJiarr- Safe stand off distance of a column considering length of 3 m,

concrete strength of 25 N/mm2, shear strength factor of 0.4 gross

moment of inertia and a charge weight of 1000 kg

a/ - Modification factor for concrete strength (obtained from Fig. 6.12)

a/ - - Modification factor for moment of inertia (obtained from Fig.

6.14)

az - - Modification factor for length of the column (obtained from Fig.

6.13)

as - - Modification factor for shear strength (obtained from Fig. 6.15)

aw - Modification factor for charge weight (obtained from Fig. 6.11)

Similarly, Using Eq. 6.23, the design charts (Fig 6.16) are developed for SSD

considering flexural failure. They are prepared for the charge weight (IF) of 1000 kg

of TNT, concrete strength (/&) of 25 N/mm2, length of 3 m, gross moment of inertia

and the flexural strength factor (JCm) of 0.2. For other W,/^ Z,Jfmand effective

moment of inertia, the safe stand off should be modified using Eq. 6.26. The method

of obtaining the safe stand off distance for a column using these charts explained

with an example in the supplementary. The chart results are compared with that of

expression. The comparison showed that these charts provide an exact correlation

with the functions.

SS£>= SSD^jxjx/xi^^+<X*} for clearing (6.26)
{ cc2+a4 ) .

Where,

SSD - Safe stand off distance for a column
SSDchart- Safe stand off distance of a column considering length of 3 m,

concrete strength of 25 N/mm2, flexural strength factor of 0.2, gross

moment of inertia and a charge weight of 1000 kg
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<z,,a2,a3 and a4 -Modification factor for charge weight (From Figs 6.20 to

6.22)

ctf - Modification factor for concrete strength (From Fig. 6.18)

am - - Modification factor for flexural strength (From Fig. 6.19)

aw - Modification factor for charge weight (From Fig 6.17)

Similarly, the charts and expressions for safe stand off distance for a column (fixed

at both ends, fixed at one end and pinned at other end, and pinned at both ends)

considering (i) both flexural and shear failures and (ii) with and without clearing are

developed and presented in the supplementary.
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b/L

Fig. 6. 10 Safe stand off distance for a column considering its shear failure and
clearing
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Fig. 6.13 Column length modification factor considering shear failure and
clearing
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Fig. 6.14 Moment of inertia modification factor considering shear failure and
clearing
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Fig. 6.15 Shear strength modification factor considering shear failure and
clearing
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bit
Fig. 6.16 Safe stand off distance for a column, fixed at both ends considering its

flexural failure and clearing
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Fig. 6.18 Concrete strength modification factor considering flexural failure and
clearing
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6.6. Comparison between the chart predictions and those from

WACOLUMMN

The charts were checked against results (called WACOLUMN), obtained from

Weidlinger Associates (WA) proprietary code called FLEX, which is an explicit,

nonlinear, large deformation transient analysis finite element code, developed in

house. Using this it is possible to model RC members in detail, including cover and

rebars (both compression and shear) explicitly for air blast and ground shock

loading. WA provided the SSD for 16 columns considering different charge weights,

column sizes, axial compressions, longitudinal and lateral (shear link)

reinforcements. These are obtained from the detailed finite element modelling which

considers all the parameters such as shear reinforcement, axial compression and the

effect of high strain rate etc. Fig 6.23 shows the finite element modelling of a

WACOLUMN.

W«ldllng*r Associates WA Fl«x version 2.0

Fig. 6. 23 Column modelling in FLEX (Source:Weidlinger Associates)

These types of models are the computationally demanding and take considerable

time to obtain solutions. Under typical working loads, columns can be expected to

experience an axial compression of 10 to 25 % of Agf'c. A total of 8 columns were

reviewed, each with axial loads of 10 % of Agfc and 25 % ofAgfc. These axial loads

were selected because they correspond to those values that a column would be likely
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to be loaded under typical working conditions. This axial load is important, as it

enhances the shear strength of column considerably, leading to shorter SSD's. Also,

the dynamic strength enhancement (due to the effect of high strain rate) for both

rebar and concrete are included and the partial safety factors are removed. The shear

and flexural strengths of the column sections were estimated based on BS 8110 and

these are presented in Tables 6.5 and 6.7. Finally, the SSD, considering both shear

and flexural failures of column were estimated using the design charts (presented in

the supplementary) and presented in Table 6.6 and 6.8. The maximum of these is

considered as the safe stand off distance and it also shows mode of column failure.

All the eight columns failed by shear. Table 6.9 is the main output from this analysis

and includes the comparison between these chart predictions and the results of

WACOLUMN. These column results are compared with WACOLUMN and this

shows that the safe stand off distance approach has good correlation with

WACOLUMN and it is conservative. The presence of axial compression enhances

the shear strength of the column and leads to a reduced SSD, for example column 1

requires a safe stand off distances of 23.08 and 19.60 for the axial compression of 10

% and 25 % of Jg/Crespectively, see Table 6.9.

Table 6. 5 Dynamic shear strength of column

Column

ID (l\

1

2

3

4

5

6

7

8

fed

I/mm2)

33

33

33

< 33

33

33

33

52.8

(N/mm2)

455.4

455.4

455:4

455.4

455.4

455.4

455.4

455.4

b (mm)

406.4

406.4

457.2

609.6

609.6

304.8

812.8

355.6

d(mm)

406.4

406.4

457.2

609.6

609.6

304.8

812.8

355.6

Pi (%) I

0.62

0.71

0.41

0.64

0.64

1.09

0.68

0.80

0.25

0.25

0.55

0.31

0.42

0.42

0.31

0.28

P(kN)

494

1235

494

1235

627

1568

1117

2793

1117

2793

280

700

1979

4948

609

1523

vc

(N/mm!)

0.75

0.75

0.79

0.79

0.64

0.64

0.75

0.75

0.75

0.75

0.99

0.99

0.76

0.76

1.00

1.00

(N/mm2)

1.78

3.32

1.81

3.35

1.80

3.54

2.29

4.61

2.29

4.61

1.59

2.49

2.36

4.76

2.27

4.19

Vc(kN)

266

497

271

502

345

677

798

1606

798

1606

129

94

1485

2994

257

,473

V.(kN)

170

170

170

170

480

480

492

492

666

666

155

155

889

889

144

144

Vu(kN)

437

667

442

672

825

1157

1290

2098

1465

2273

285

250

2374

3883

401

617

0.46

0.70

0.47

0.71

0.69

' 0.96

0.60

0.98

0.69

1.06

0.53

0.47

0.63

1.02

0.44

0.67



162 chapter 6 Protective Design for RC Framed Structures: Safe Stand off Distance for Columns

Table 6. 6 Safe stand off distance of columns, fixed at both ends considering

shear failure and clearing

Column ID -

1

2

3-

4

5

6

7

8

Charge Weight

(kg)

998

1814

1814

454

454

408

1814

998

(Ib)

2200

4000

4000

1000

1000

900

4000

2200

'.a

(N/mm2)

33

33

33

33

33

33

33

52.8

b/L

0.10

0.10

0.11

0.14

0.14

0.06

0.15

0.07

on.

0.10

0.10

0.11

0.14

0.14

0.06

0.15

0.07

L

(m)

4.27

4.27

4.27

4.27

4.27

5.49

5.49

4.83

shear
strength
factor, K,

0.46

0.70

0.47

0.71

0.69

0.96

0.60

0.98

0.69

• 1.06

0.53

0.47

0.63

1.02

0.44

0.67

1 J\

1.23

1.23

1.27

1.27

1.16

1.16

1.26

1.26

1.26

1.26

1.38

1.38

1.29

1.29

1.23

1.23

Safe Stand off Distance

(m)

23.08

19.60

28.61

26.33

24.08

23.13

14.89

12.35

14.18

11.97

19.64

17.44

23.67

19.58

22.39

18.95

(ft)

75.71

64.30

93.87

86.39

78.99

75.89

48.87

40.51

46.53

39.28

64.39

67.22

77.66

64.23

73.45

62.18

Table 6. 7 Dynamic flexural strength of column

Column ID
I

1

2

3

N 4

5

6

7

8

(N/mm2)

36.9

36.9

36.9

36.9

36.9

; 36.9

36.9

59.04

'yd

(N/mm2)

517.5

517.5

517.5

517.5

517.5

517.5

517.5

517.5

b(mm)

406.4

406.4

457.2

609.6

609.6

304.8

812.8

355.6

D (mm)

406.4

406.4

457.2

609.6

609.6

304.8

812.8

355.6

1.23

1.88

1.09

1.70

1.70

2.18

1.55

1.60

PflcN)

494

1235

494

1235

627

1568

1117

2793

1117

2793

280

700

1979

4948

609

1523

P/bD
(N/mm2)

3.00

7.50

3.00

7.50

3.00

7.50

3.00

7.50

3.00

7.50

3.00

7.50

3.00

7.50

4.82

12.04

(N/mm2)

3.81

5.13

4.96

5.70

3.45

4.41

4.62

5.41

4.62

5.41

5.74

7.08

4.34

5.16

4.69

7.46

l u (kN-m)

256

344

333

383

330

422

1047

1225

1047

1225

162

200

2328

2773

211

335

"A

0.30

0.30

0.36

0.37

0.23

0.24

0.34

0.34

0.33

0.34

0.48

0.48

0.31

0.32

0.30

0.31

0.65

0.65

0.68

0.68

0.62

0.62

.0.67

0.67

0.67

0.67

0.74

0.74 '

0.65

0.66

0.65

0.66

0.10

0.15

0.13

0.17

0.09

0.13

0.13

0.16

0.13

0.16

0.16

0.21

0.12

0.15

0.08

0.14
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Table 6. 8 Safe stand off distance of columns, fixed at both ends considering

flexural failure and clearing

Column ID

1

2

3

4

5

6

7

8

Charge

0<g)

998

1814

1814

454

454

408

1814

998

Weight

(Ib)

2200

4000

4000

1000

1000

900

4000

2200

f -

(N/mm2)

• 36.9

36.9

36.9

36.9

36.9

36.9

36.9

59.04

b/L

0.10

0.10

0.11

0.14

0.14

0.06

0.15

0.07

D/L

0.10

0.10

0.11 .

0.14

0.14

0.06

0.15

0.07

L

(m)

4.27

4.27

4.27

4.27

4.27

5.49

5.49

4.83

Flexural
strength

factor, Km

0.10

0.15

0.13

0.17

. 0.09

0.13

' 0.13

0.16

0.13

0.16

0.16

0.21

0.12

0.15

0.08

0.14

0.65

0.67

0.68

0.71

0.62

0.63

0.67

0.69

0.67

0.69

0.74

0.78

0.65

0.68

0.65

0.72

Safe Stand off Distance

(m)

15.66

10.74

17.71

13.05

19.74

14.40

8.53

5.86

8.52

5.86

10.91

7.27

14.43

9.93

16.04

9.83

(ft)

51.37

35.23

58.12

42.82

64.78

47.24

27.98

19.24

27.96

19.24

35.80

23.85

47.35

32.57

52.62

32.24

Table 6. 9 Comparison of WACOLUMN and the safe stand off distance

approach

Column ID
Charge

Weight, W

Collapse

Prevention Stand

off

(WACOLUMN),

SSD based on SSD based on

Shear, SSD, Flexure, SSD,
SSD

Scaled

Distance

(estimated)

1

2

3

4

5

6

7

8

(kg)

998

1814

1814

454

454

408

1814

998

(m)

18.6

18.0

28.7

26.8

23.8

20.4

10.1

10.1

9.8

8.5

21.4

15.3

19.2

18.0

20.7

19.2

(m)

23.08

19.60

28.61

26.33

24.08

23.13

14.89

12.35

14.18

11.97

19.64

17.44

23.67

19.58

22.39

18.95

(m)

15.66

10.74

17.71

13.05

19.74

14.40

8.53

5.86

8.52

5.86

10.91

7.27

14.43

9.93

16.04

9.83

(m)

23.08

19.60

28.61

26.33

24.08

23.13

14.89

12.35

14.18

11.97

19.64

17.44

23.67

19.58

22.39

18.95

1.24

1.09

1.00

0.98

1.01

1.13

1.48

1.23

1.45

1.40

0.92

1.14

1.23

1.09

1.08

0.99

m/ka1/3

2.31

1.96

2.35

2.16

1.97

1.90

1.94

1.61

1.85

1.56

2.65

2.35

1.94

1.61

2.24

1.90

The safe scaled distance of columns (Table 6.9) showed that it varies significantly

from 1.60 to 2.65 depending on W, b/L, D/L, L, Ks and £„. The safe scaled distance

of Wu and Hao (2007), 1.8 m/kg1/3 lies within the above mentioned range. It also

showed good agreement between the present work and their work. Interestingly, the

recommendation suggested by US DoD (4.36 m/kg1/3) is much higher than the value

indicated by this research.
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6.7. Parametric Study on Safe Scaled Distance

The previous section showed good agreement between the safe stand off distance

approach and WACOLUMN. Subsequently, a parametric study was carried out to

explore the range of the safe scaled distance for columns adopted in practice. The

following parameters (used in the practise) are considered for this study:

D Breadth of the column {300, 450, 600}

D Depth of the column {300, 450, 600}

D Length of the column {3, 4, 5, 6}

D Diameter of main reinforcement {20, 25, 32}

D Number of main reinforcement {4, 8}

D 2 and 4 legged ties-with 12 mm rebars

D Spacing of ties {150, 200, 250}

D Axial compression of 10, 20 and 30 % of Jg/C

From these parameters, 396 columns are developed and shown in Appendix A4. 4.

The shear and flexural strength of these columns are estimated using BS 8110

without any material safety factor. Using the SSD equations the safe scaled distances

are estimated for these columns (fixed at both ends) considering clearing and

presented in Table A4.3. Fig 6.24 shows the range of scaled distances. The scaled

distance varies from 1.31 m/kg1/3 to 2.63 m/kg1/3 with the mean and standard

deviation of 1.84 m/kg'/3 and 0.28 m/kg1/3 respectively and the 95% confidence level

of 2.3 m/kg1/3 was estimated from this sample. This is very close with that of the

Murrah building. Though it is crude, the scaled distance of 2.3 m/kg1/3 can be used

approximately to evaluate the safety of unstrengthened buildings against blast. Figs

6.25 to 6.29 show the variation of safe scaled distance against b/Z, D/Z, Z, Ks and

Km. There are no trends in the curves, it is difficult to say exactly how these factors

affect the safe scaled distance, i.e., the parameters are not separable. We can see a

small trend in Ks curve (Fig. 6.28) and it shows that safe scaled distance decreases

with increasing shear strength. Considering the partial safety factor underestimates

the shear strength (safe in design), resulting in greater safe stand off distance. This

leads to conservative design.
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These calculations considered the case with clearing. However, columns without

clearing presents the worst case scenario. Therefore safe scaled distances were

estimated for the otherwise identical 396 columns. These scaled distances varied

from 1.44 m/kg1/3 to 3.30 m/kg1/3 with the mean and standard deviation of 2.20

m/kg1/3 and 0.42 m/kg1/3 respectively and a 95% confidence level of 2.9 m/kg1/3.

This represents a 25% increase.
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6.8. Conclusions

The methodology to estimate safe stand off distance was developed and tested using

the results from the Murrah building. The forensic investigation showed column G16

was 15.24 m away from the detonation arid failed in shear. This was the furthest

column away from the charge. The SSD charts also demonstrated that shear was

critical for this column and provided a SSD of 23.75 m, thus they confirm the

findings from the forensic investigation. The method also confirmed that the next

closest column (G12) should have survived intact. A safe scaled distance of 2.0

m/kg1/3 was estimated for the Murrah Building and this compared well with the

recent work by Wu and Hao (2007). Using the proposed method, a data base of safe

stand off distances was generated for different influencing parameters, such as

charge weight, compressive strength of the concrete, column breadth to length ratio,

depth to length ratio, length, shear strength factor and flexural strength factor. The

interpolation functions were derived to estimate the SSD for idealized columns by

performing a regression analysis on the database. Design charts were also developed

which provided SSD output that corresponded exactly with the output from the

interpolation functions. These charts were checked against results from Weidlinger

Associates proprietary code called FLEX (named WACOLUMN), which is an

explicit, nonlinear, large deformation transient analysis finite element code,

developed in house. The comparison showed a good agreement between the

methods, with the charts most frequently providing conservative stand off distances.

The safe scaled distance varies significantly from 1.6 to 2.8 depending on FT, 6/Z,

Z>/Z, Z, As and A^. Interestingly, the recommendation suggested by US DoD (4.36

m/kg1/3) is much higher than the value indicated by this research. One can get the

safe stand off distance for a particular charge weight and column using these design

charts. A parametric study was then carried out considering 396 practical columns

with and without clearing, in order to established the range of safe scaled distances.

The study showed that for columns with clearing the mean value for safe scaled

distance was 1.8m/kg1/3 with a 95% confidence level of 2.3 m/kg1/3. Without clearing

this increased to 2.2 m/kg1/3 and 2.9 m/kg1/3 for mean and 95% confidence limit

respectively. Though it is crude, the scaled distances of 2.3 and 2.9 m/kg13 can be

used to evaluate the safety of the building approximately against blast. x



Chapter 7.

Conclusions

An extensive literature review has been undertaken (i) to explore the previous

incidents such as the Ronan Point, the Khobar Tower and the Murrah Building

incidents; (ii) to examine current design guidelines and codal provisions adopted in

the different countries namely USA, UK, Europe and Canada and (iii) to investigate

available protective design methods for steel and RC framed structures. In the course

of this review it was realized that most of the codes, such as British Standards and

European Union regulations, suggest the tying approach to ensure adequate

robustness against disproportionate collapse of steel framed building. This approach

did not have any clear scientific base; hence research was carried out to quantify the

strength of the steel frame against disproportionate collapse.

In the UK the general view amongst practitioners has been that compliance with

the tying force method provides an alternative load path for damaged columns via

the catenary action mechanism. The design tying capacity of the connection should

be at least equal to the ULS shear force. It is very simple to comply with this

requirement in practice and most of the industrial connections meet this requirement

without costly modifications. Importantly, the tying force method sets no

requirements for a minimum joint ductility. During this load redistribution the

accidental load is assumed to be equal to 1.05 of the dead load plus l/3rd of the

imposed load. Since the design tying capacity is equal to only the ULS shear force,

substantial beam end rotation is required to redistribute column loads using catenary

action, hi addition, the accidental loads should also include a dynamic amplification

factor to account for effects due to the sudden removal of column support, as could

be the case if damage were to occur due to a blast. To transfer the accidental load,

the beam-column joints need to have sufficient rotation capacity. This can be

problematic because most high rise buildings built in the UK are designed with low

cost nominally pinned joints. Since the beams would remain elastic during the

169
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catenary action, all rotation demands would be placed on these simple connections

which have limited ductility before prying action leads to fracture.

With an apparent potential for catenary action to exceed both the strength and

ductility of many commonly occurring steelwork joints, it was decided to estimate

the factor of safety against (FoS) collapse. The FoS was defined as equal to the ratio

between the tying capacity of the joint and the tying force acting in the joint at the

point when the rotation limit was reached. At this instance the connections are

assumed to remain nominally pinned and to be resisting a catenary force limited to

the design tying force. Beyond this rotation and force combination the joints are

assumed to have failed. This assumption of failure was justified because analysis

demonstrated that the moment capacity of the connections when subjected to large

rotations was only approximately 1/10* of that needed to redistribute loads by

vierendeel action. Given the assumption that joints remain pinned and that columns

remain in line because of lateral restraint from floor slabs, this catenary mechanism

was analysed as an inverted three hinged arch. In this analysis, the loads supported

by catenary action in the slab were accounted for. However, due to lack of

confidence in the ability of the slab to maintain a tensile load at large deflection the

FoS was estimated with and without the load carrying contribution of slab.

Complexity in quantifying the energy dissipation mechanisms such as, cracking

in the concrete and yielding steelwork and reinforcement makes the estimation of the

dynamic amplification factor (DAF) impractical without experimental testing.

Hence, the FoS was estimated for three scenarios: (i) the best case scenario in which

the full strength of the slab was considered to be mobilised and the dynamic effect

ignored (i.e., DAF is equal to 1.0); (ii) the worst case scenario in which the tensile

strength of slab was ignored and the likely maximum undamped factor of 2.0 was

assumed; and (iii) a best guess scenario in which the catenary action in slab was

included and damping reduced the DAF to 1.50. The investigation considered a

medium rise office building as a case study comprising a 9m by 12 m column grid

and 4 m storey height. The frame was designed with a range of industry standard

simple connections, which included fin plate connections, as well as flexible end

plate and double angle web cleat connections.

The results were startling and showed that the relatively simplistic analysis was

sufficient to confirm the doubts concerning the ability of the tying force method to
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successfully redistribute column loads. The frame with fin plate connections proved

the least able to redistribute column loads, with the FoS estimated at ranging from

0.08 to 0.19. Insufficient ductility is the primary reason for the low FoS, although

this analysis assumed the maximum limiting rotation of 4° was possible, whereas the

predictions based on the Liu et al (2004) model predicted a rotation limit of just over

2 degrees. When the joint reaches its rotation capacity, the bottom flange of the beam

touches the column. Thereafter, a prying action develops, leading to reduction in

tying capacity of joint and leading ultimately to fracture of the joint. This study

indicates that connection would need to rotate by the order of 24 degrees to the

horizontal in order to support the damaged column by catenary action alone,

involving a central deflection nearly equal to the storey height.

To study the response of other simple connections, the fin plate joints were

replaced with flexible end plate and double angle web cleat connections. Using the

component method, the limiting rotation of 4.3° and 2.5° were estimated for flexible

end plate and double angle web cleat connections respectively. The factor of safety

for these connections was estimated and it was again found to be less than 0.2.

Since these factors of safety are significantly less than unity it is unlikely that a

more advanced method of analysis would have altered the main conclusion, namely

that the tying force method is unable to guarantee robustness of steel framed

buildings. Given this firm conclusion the focus of the research was transferred to

investigating the vulnerability of concrete framed buildings to blast loads.

Protective design against disproportionate collapse can be carried out using

several methods, such as the safe standoff distance approach, the provision of

alternative load paths such as outrigger trusses, the double span method, through

specific local resistance and indirect design methods such as the tying force

approach. The pros and cons of these methods were compared and it was concluded

that design based on safe stand off distances provides the highest level of protection.

Since it is column failure that generally triggers progressive collapses, it was decided

to investigate the vulnerability of RC columns to blast and thereafter to investigate a

means for estimating the safe stand-off distance for columns.

The subsequent analysis involved three separate phases: (i) estimation of the

loads, (ii) the dynamic analysis and (iii) the comparison between the dynamic shear



172 Chapter 7 Conclusions

forces and moments with the static strengths, in order to determine if failure is or is

not likely. The maximum response of the column occurs after the load diminishes

therefore a dynamic analysis is essential. In RC columns, shear or compression

dominated failures lead to brittle modes of failure and the flexural failure leads to a

ductile failure mode. For this reason linear dynamic analysis was carried out

examine shear failure, whereas the nonlinear dynamic analysis was carried out to

predict flexural failure.

Columns were idealised as beams with a range of end support conditions,

namely (i) pinned at both ends, (ii) fixed at both ends (iii) pinned at one end and

fixed at another, and (iv) fixed at one end and free at the other (i.e. cantilever). As

the column has an infinite number of dynamic degrees of freedom, a differential

element of the column was considered. Using the force equilibrium, (in which inertia

force was also included) a partial differential equation was formulated and solved

using modal superposition theory. This distributed mass system is converted into a

SDOF system by equating respective energy such as kinetic energy, potential energy

and work done by the load. In the SDOF system models, the contributions from the

higher modes of vibration are neglected. In the case of columns pinned at supports

there is no redistribution of the mid span moment; hence the elastic analysis was

used in the estimation of safe stand off distance. In the case of columns fixed at both

ends, and fixed at one end and pinned at other end, the detailed elasto-plastic

analysis was carried out as the fixed end moment can be redistributed to the mid

span region.

The investigation compared the predictions of deflection, moment and shear

using both single degree of freedom (SDOF) and multi-degrees of freedom (MDOF)

system models. This showed that when the ratio between the duration of blast load

(To) to the natural vibration period (7̂ ,) is greater than 0.1, the contribution from the

higher modes can be neglected to simplify the analysis, hence SDOF models are

sufficiently accurate. However, when TJTn is less than 0.1, the SDOF systems were

shown to underestimate shear force by approximately 50%. For most practical

columns when blast occurs at a distance close to that required for shear failure, T/Tn

will be in the 0.05 to 0.15 region. For. example TyTn for the columns that failed in

shear in the Murrah Building (columns G16 and G24), T/Tn was approximately 0.11
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and 0.07 respectively. Therefore, this lack of conservation inherent in SDOF analysis

does have design implications, with most of the design guidelines such as TM 5-

1300 based on SDOF system analysis. Therefore one might consider increasing

shear force by 50% to account for the higher modes if analysis is based on SDoF

system models. This approximation is crude but likely to be safe.

A method to simplify the blast on columns with clearing was proposed. When

the shock front strikes the front face of a column the pressure immediately rises from

zero to the reflected pressure. The reflected pressure clears in the clearing time and

reaches the stagnation pressure which is equal to the sum of incident over pressure

and the drag pressure. The sum of incident and drag pressures decays to atmospheric

pressure after the duration of the incident pressure. At the same time, the pressure

wave reaches the rear side and suddenly rises from zero to the incident pressure and

then decays to zero within the duration of the incident pressure. This blast load on

the column was represented in the form of a pressure-time history which includes

two profiles, one on the front face and the other on the rear face. This creates a

complex load profile, resulting in problems in the dynamic analysis. This was

overcome by simplifying the pressure time history to form an equivalent triangular

impulse with the same reflected pressure, but with the duration adjusted to provide

an identical impulse. Inaccuracy caused by this simplification was studied through a

parametric study and was found to be conservative by less than 10%. Hence the

columns were thereafter analyzed for clearing using this triangular impulse

simplification.

Using the method, the Murrah building was analysed and the results

corresponded closely with the failure pattern observed during the forensic analysis of

the collapse. Both columns G16 and G24 were shown to have failed in shear (as was

found in the forensic investigation) and column G20 was expected to have failed in

brisance when assessed using a reinforced concrete panel design chart developed by

McVay.

The design of the Murrah Building has been criticised because of the use of

transfer girders. The building was therefore reanalysed by replacing these with a

more conventional arrangement of beams and columns. The reanalysis showed that

the girder was not a primary reason for the progressive collapse, with extensive shear

failures of columns still resulting in a progressive collapse that would have
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consumed approximately 40% of the building floor area. Therefore, even if the

building had have designed as per GSA guidelines, it may not have survived, as the

guidelines consider the removal of only one column at any one time.

Shear strength is one of the most important parameters in the calculation of SSD

and its estimation is empirical in nature. Hence, the exactness of the methods

adopted in different countries to estimate shear strength was studied by comparing

predictions with experimental data. The study revealed that strength obtained using

BS 8110-1:1997 is conservative but safe. However, lack of conservatism was

observed for some tests in both the ACI and CSA methods. The Eurocode was found

to have similar reliability to the British Standard although the British Standard was

found to be the most reliable of the four codes and was therefore used for the

analysis. Another important parameter is the selection of the moment of inertia of the

column in the dynamic analysis because it affects Tj and therefore the T/Tn ratio.

Charts were developed to estimate the cracked moment of inertia of columns

considering the effects of axial compression and percentage of reinforcement, as

codes provide no equivalent design resource.

A regression analysis was carried out and the influencing parameters for SSD

were identified as: charge weight, compressive strength of the concrete, column

breadth to length ratio, depth to length ratio, length, shear strength factor and flexural

strength factor. Using the proposed method, a data base of safe stand off distances

was generated for the following these parameters within the following ranges:

D charge weights of 230, 500, 1000, 1500 and 1800 kg of TNT

D compressive strength of concrete ranging from 20 to 40 N/mm2

D breadth to length ratio ranging from 0.05 to 0.3

D depth to span ratio ranging from 0.05 to 0.3

• span ranging from 2.5 to 6 m

D shear capacity factor ranging from 0.1 to 0.8

• flexural strength factor ranging from 0.1 to 0.6.

By performing a regression analysis on the database, interpolation functions were

derived to estimate the SSD for idealized columns. Design charts were also

developed which provided SSD output that corresponded exactly with the output

from the interpolation functions.
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These charts were checked against results from Weidlinger Associates proprietary

code called FLEX (named WACOLUMN), which is an explicit, nonlinear, large

deformation transient analysis finite element code, developed in house. In the FLEX

code, the blast effect on whole building or individual members can be modelled and

the shear and compression reinforcement is modelled explicitly. In the validation, the

columns with axial compression of 10 and 25% of ^y^were considered. The shear

and flexural strengths of column sections were estimated in the SSD approach using

dynamic strength enhancement factors for both rebar and concrete and all the

material safety factors were removed. Finally, the safe stand off distance was

estimated using the design charts. The comparison showed a good agreement

between the methods, with the charts most frequently providing conservative stand

off distances. A safe scaled distance of 2.0 m/kg1/3 was estimated for the Murrah

Building and this compared well with the recent work by Wu and Hao (2007).

Finally in order to define a suitable design value for the safe scaled distance, a

parametric study was carried out considering 396 practical columns.with and without

clearing. The study showed that for columns with clearing the mean value for safe

scaled distance was 1.8m/kg1/3 with the 95% confidence level was 2.3 m/kg1/3.

Without clearing this increased to 2.2 m/kg1/3 and 2.9 m/kg1/3 for mean and 95%

confidence limit respectively. These values provide an alternative to the US DoD

safe scaled distances, which may be conservative.
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Recommendation for future work

During the course of this research, the following future works have been identified:

1. In the case of steel framed buildings with rigid connections, the accidental

load from a damaged column is transferred through either beam or catenary

actions or in a combination of these. The methodology, presented in this

research can be extended to quantify strength against disproportionate

collapse of this form of building.

2. Steel framed buildings with simple connection can be strengthened by

providing emergence bracing systems, or by strengthening connections. The

feasibility of these retrofitting techniques can be explored.

3. The feasibility of arching action in transferring accidental loads from

damaged columns requires further study.

4. The feasibility of load redistribution via catenary action in the concrete

framed buildings merits further study.

5. The safe stand off distance approach would benefit from validation with field

tests.

6. The safe stand off distance approach can be extended for steel columns and

brick masonry.
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APPENDIX

A. 1 DIRECT DESIGN METHODS: PROTECTIVE DESIGN FOR

STEEL FRAMED STRUCTURES

A. 1.1. STRENGTH AND STIFFNESS OF THE JOINT COMPONENTS

Table Al. 1 Strength and stiffness of the joint components

Components Strength Stiffness

Column web in shear
0.

jr J y.CH^VC

Column web in
compression

= Crashing

failure

Where,

P =

cwc'' \ A { X

Buckling

failure

Where,

A = , H L -

—

Column web in
tension d...

cwcJlJ

Beam flange and
web in compression

Beam web in tension

Where,

184
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,1/4

^ m i n ^ v -L-°"*-•"•—-->- •"-'-^-1

Avc - Shear area of the column web

^ - Throat thickness of the weld between beam flange and the end plate

iej-mc- Effective width of column web in compression for strength

calculation

bef.c*/' Effective width of column web in tension for strength calculation

^ej-.cwc' Effective width of column web in compression for stiffness

calculation

' Effective width of column web in tension for stiffness calculation

S - Effective width of column web in compression considering buckling

failure

6/c - Width of column flanges

a^. - Clear depth of the column web

dA - Washer diameter

£ - Young's modulus of steel

Fcr - Elastic critical load of the column web in compression

FiwtJ!d - Resistance of the beam web in tension

Fytju - Resistance of the beam flange and web in compression

F^w - Resistance of the column web in compression (crushing failure)

FcttcXl/ - Resistance of the column web in compression (buckling failure)

/ - Yield stress of the column web

fy.t/* -Yie ld stress of the beam

h - Column length or inter storey height
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4 - Beam height

4 - Lever arm, approximately equal to the distance between extreme

bolts

Xcwc - Stiffness of the spring element, modelling the column web in

compression

ICCWS - Stiffness of the spring element, modelling the column web in shear

Kcw/ - Stiffness of the spring element, modelling the column web in tension

m - Distance between the bolt axis and the face of the web

p - Pitch of the bolt row

rc - Radius of fillet of the web to flange connection of the column

tfi - Thickness of beam flanges

t/c - Thickness of column flanges

tw - Thickness of column web

twd - Thickness of beam web

^CWCM ' Resistance of the column web in shear

Zd - Plastic modulus of beam section

P - Coefficient related to the panel zone internal action, which is equal

p - Coefficient for shear compression interaction in the column web in

compression

X - Nondimensional slenderness

v - Poisson's ratio
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A. 1.2. FORCE-DEFORMATION RELATIONSHIP FOR T-STUB

Table Al. 2 Force deformation relationship for T Stub

Mechanism

Typel
(Flange yielding)

l + 2(/)

Type 2
(Flange yielding
with bolt failure)

Characteristic
Points

First Yielding

Beginning of strain
hardening

Maximum load

Fracture Point

First Yielding

Beginning of strain
hardening

Maximum load

Fracture Point

Force

F^agtMj,

Fm = a£Jfy

K = a£My

^ = oc2My

F^a^y >

Displacements

h AT 2/f
 h

F nt
m £ 2/y

 m

* K 2tf

s * - , ) , Ac* , i \ + 4^ J' w/iere$ -&

^ " / )i ̂ /r \̂C>» , 1 V + K ^ J' ̂ W £ ~^3

8A = ̂ -+— C
* £ It,
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Type 3
(Bolt failure)

& > 2

Case 1: T-stub flange in elastic region: ( £ < £ , ) * .

T-stub flange in
elastic region A
Case 2: T-stub flange in yielding plateau: (^ < B, < £2)

First yielding point

Yielding plateau
region

F
 1My

A tf

Case 3: T-stub flange in strain hardening region: (£, < £ < £3)

First yielding point

Beginning of strain
hardening

Strain hardening
region

jr 1M'
y m

m

4 = 2*.

s-F>

A ff

A tf •

Case 4: T-stub flange in softening region: (£ > £3)

First yielding point

Beginning of strain
hardening

f

Maximum load

jr 1M>
y m

m

m

5 F>
' X

X / /

A tf
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Softening region
A tf •



Where,

M

(32*-2Q
(A, —

Bm

f o r T y p e 2 f a i l u r e

2
£ = — for Type 3 failure

CA - 0.0012 and 0.0015 for S275 and S355 respectively

Cm - 0 . 0 1 5 5 and 0.0148 for S275 and S355 respectively

C - 0.1951 and 0.3315 for S275 and S355 respectively

C\E\ - Coefficient provides displacement corresponding to section

moment, which is obtained from Fig. Al.l

m - Distance between the bolt axis and the face of the web

n <• Distance between the bolt axis and the prying force (or flange edge)

S, -Coefficient providing the bending moment in a section where

ultimate conditions are not reached

& - 1.50

%m - 1.95 and 1.84 for S275 and S355 respectively

4 - 3.18 and 3.29 for S275 and S3 5 5 respectively
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Fig. Al. 1 C[£] for different £
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A. 1.3. ROTATION CAPACITY OF FLEXIBLE END PLATE

CONNECTIONS

Bending of End Plate:
Thickness of flange, t/= 12 mm

Weld size, s= 6 mm
(140-9.6)

m= ± ^ -0 .8 -1 .414- 6 = 58.41 mm
2

n = 30 mm
D6 = 20 mm
£>/, = 22 mm
Dw = 30 mm

6effj= Z^ +2/9/ = 138.82 mm

be&2= pitch (j?=70 mm) = 70 mm

4*= ^£+m = 10441 mm
22 2

Bence, beJp= 70 mm
For bolt grade 8.8,y£* = 800 N/mm2

= 251.28 kN

/ > 0.462 kN-m

= \.50Afy= 0.691 kN-m

= 1.95J/^= 0.900 kN-m

= 3.18^=1.469 kN-m

= ^ = 0 . 5 1 4

^ 1 + 2A
PU<P/, Hence Angle fails by 1st mechanisms

' F= 0.07918^/
>^= 0.07918J^= 36.58 kN

y^= 0.07918J/,= 54.721 kN

/ ^ = 0.0791 %Mm= 71.23 kN
/i= 0.0791 %MU= 116.33 kN
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m
= 63733.74 kN/m

$y= -^=0.574 mm

= -^-=0.8585 mm

;= 0.0012

n?
,= C =0.1705 mm

2tf *
5i= s^ + S^= 1.029 mm

5em= ^ - = 1 . 1 1 7 6 mm

= 0.0148

m1

C_ =2.1038 mm

, + <5^= 3.2215 mm

.= -*-= 1.825 mm

C= 0.1951

m1

20
C = 27.73 mm

= 29.56 mm
Bending of Column F/ange:

Thickness of web, /„ = 18.4 mm
Thickness of flange, t/= 30.2 mm

Root radius, rc= 15.2 mm
(140-18.4

2
n= 127.4 mm

Effective Width, begr= Pitch,/? = 70 mm

-0.8- 15.2 = 48.64 mm

= 1.50J/;=5.65kN-m

Mu= 3.18J/= 12.01 kN-m

91

By= =0.839
H 1 + 2A
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ndHence Column flange fails by 2nd mechanisms

—^ = 0.3143

= 0.6122

Cm= 0.0148

F= — (! + £)= 0.0416 M
m

Jy= 0.0416 J £ = l 57.26 kN
/^= 0.0416^ = 235.06 kN
7^,= 0.0416 J 4 = 306.00 kN
/i= 0.0416^=499.811^^

O.SFdJ,
Z= ^ = 1759250 kN/m

<5,= -^=0.089 mm

e ,,= ,m . <ri= i.9i x io'3
^ / ( i # ) "

^ = 0.1336 mm
K

&M* C1 + ̂ ) m~ e
PuXm= 0.33.60 mm

f= 0.4696 mm

C= 23.54 xlO'3

7 = 0 - 1 7 3 9 m m

{ X = 4.1437 mm

7= 0.310

0

—=0.2841 mm

^) « ~ < ^ ^ = 54.62 mm

= 54.9 mm
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ShearDeformationof~Co/umn Wed:

i/c =

/*=

rc=

300xl02mm2

394.8 mm

30.2 mm

18.4 mm

15.2 mm

1-0

mm2

= 7571mm2

0.38X44,,

W

cws\

0.38- 2.1- 10-- 7571
(528.3-90-13.2/2)

0-38- 2.1- Itf- 7571
(430-90)

^ - ^ 1 =1.12mm

9

Bo/tDeformation:

S , =
orsl

S ,
orsl

=0.88 mm

/>

30.2 mm

10.0 mm

/ ^ = 3.0 mm

/^= 13.9 mm

4 = 16.0 mm

For bolt grade 8.8, fu = 800 N/mm2, y^ = 640 N/mm2

^ - = 63.15 mm

'3e,= ^ = 3.047 xlO

^ = 7^= 0.1924 mm

Table Al. 3 Deformation of flexible end plate joint components
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Description
Bending of End Bending of

Plate Column Flange

Shear
Deformation of
Column Web

Deformation of
Bolt

F(kN) Fh

Fm

Fu

36.58

54.72

71.23

116.33

157.26

235.06

306.00

499.80

1563.40 402.05

5 (mm)

0.57

1.03

3.22

29.55

0.09

0.47

4.32

54.90

1.12 0.19

, = 29.55 mm

&„= ^ = 4.33°

The rotation capacity of flexible end plate connection is 4.33 degree.
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A. 1.4. ROTATION CAPACITY OF DOUBLE ANGLE WEB CLEAT

CONNECTIONS

Bending o/Ang/e. •
Effective Width, beff= Pitch,/? = 70 mm

Thickness of flange, t/= 10 mm
Distance between plastic hinges in a thin

flange of a bolted T-stubs, m= 50-10-0.8x11 = 31.2 mm
Distance between the bolt axis and the

prying force, n = 40 mm
Bolt diameter, Di, = 20 mm

Washer diameter, £>w = 30 mm
Bolt shank area, A/, = njf /

For bolt grade 8.8,y^ = 800N/mm2

Ultimate axial resistance of bolts, Bu = /u6Ai = 251.28 kN

Bending moment corresponding to first £ # / / . . . , , , .. T
yielding, My= - f ^ > 0.414 kN-m

Bending moment corresponding to the
beginning of strain-hardening, Mh =

 l -4948^,= 0.619 kN-m
Bending moment corresponding to the

maximum load point, Mm = 1-8447^= 0.764 kN-m
Ultimate bending moment, Mu= 12%19M= 1.361 kN-m

Parameter governing the plastic
mechanism typology of a bolted T-stubs ^^fu _
with reference to ultimate conditions, flu

X= V =1.282

fij= ^ - = 0 . 7 1 9 4

Pu<PA Hence Angle fails by 1st mechanisms

32/7-
F= M

F= 0.15545 M

First yielding lateral force, Fy= 0 .15545^= 64.38 kN

Force corresponding to the beginning of
strain hardening, / J = 0-15545J<,= 96.24 kN

Force corresponding to the attainment of
the ultimate true stress (/Q,SM= °-15545J/OT= 118.77 kN

Ultimate Resistance, Fu= 0A5545Mu= 211.68 kN

=. 0.5^- = 242004.56 kN/m

F
First yielding displacement, 8 = ~JL= Q.266 mm
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8ei= ^ = 0.398 mm

Q= 0.0015
2

8M = — Ct = 0.073 mm

Displacement corresponding to the

beginning of strain hardening, St = 8eA + 8pi = 0.471 mm

5^= - ^=0 .491 mm

Cm= 0.0148
2

8pm = —Cm= 0.720 mm

Displacement corresponding to the
attainment of the ultimate true stress (X),

<? = <5« + £ =1.211 mm

= ^ = 0 . 8 7 5 mm

= 0.3315

= —C= 16.134 mm
2

Ultimate Displacement, 8U- 8^ + 8pu- 17.0 mm

Bending o/Co/umn Flange. •
Thickness of web,/„,= 18.4 mm

Thickness of flange, //= 30.2 mm
Root radius, rc = 15.2 mm

(100-18.4)
m= ^ ^-0 .8- 15.2= 28.64 mm

2
n= 147.4 mm

= Pitch,p= 70 mm

= 1.4959-^= 5.65 kN-m

,= 1.9473J^=7.36kN-m

•= 3.1807J^= 12.01 kN-m

X= "/ =5.1466

7.2
Bj= —=̂ — =0.91145
^ 1 + 2/1



200 - JSPENDUf

?, Hence Column flange fails by 3rd mechanisms
Coefficient providing the bending

moment in a section where ultimate - Q 6
conditions are not reached, E, = (3U

M
t= —^=0.3143

M.

A = ^ = 0.6122
?2 K

. Cm = 0.0148

Ultimate plastic rotation, 6p = ^" "' Cm = 0.0863

6y m=2Al\mm

= 263.78 kN
m

4LL = 8617655 kN/m
m

F
8= -^.= 0.031 mm

= 394.59 kN
m

5ei= £•= 0.0458 mm

= ° - 0 2 0 4
2tf

8t= ^ + ̂ = 0 . 0 6 6 mm

Sa= ^ ^ = 0 . 0 5 8 3 mm

Shear Deformation of Co/umn Web:

4 = 300 x 102 mm2

b/c = 394.8 mm

t/c - 30.2 mm

twc= 18.4 mm

rc= 15.2 mm

ymo= 1.0

shear resistant area of the column, Jvc= Jc- 2bfl//c + {twc + 2^.)/^.=7628 mm2

Design resistance of the column web in f Avr • , „
. T. —^—^ = 1563.4 kN

shear, FLeM= Jx y

Avcli= 7571mm2

vcli
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vdi

0.38- 2.1- 103- 7571ii IJ\< / . i • I I

Ji. , =

n"a

(528.3-90-13.2/2)

0.38- 2.1- 10-- 7571
(360-90)

5 , = ^ ^ =1.12 mm5 ,

5 , = ^ ^ = 0.70 mm
Acv*s2

Bolt Deformation;
Upper flange thickness, tJjl= 30.2 mm

Lower flange thickness, /^ = 10.0 mm

Washer thickness, twh= 3.0 mm

Bolt head thickness, th= 13.9 mm

Bolt nut thickness, tn = 16.0 mm

For bolt grade 8.8, fm = 800 N/mm2, fy = 640 N/mm2

Conventional bolt length, lb = /# + /# + 2/wi + ——- =61.15 mm

£,= £-= 3.047 xlO'3

Sy= /sy= 0.186 mm

Table Al. 4 Deformation of double angle web cleat joint components

Description ' Bending of Angle Bending of ^ J ^ „ , Deformation of
Sect.on Column Flange C o l u m n W e b Bolt

Fy 64.58 263.78 1563.40 402.05

F(kN) F" 9 6 2 4 3 9 4 5 9

Fm 118.77 - - -

F;; 211.68 502.56 - -_

o, 0.27 0.03 1.12 0.19

_ . . 6h 0.47 0.07
6 (mm)

5 m 1.21
6;; 17.00 2 ^ ; -_

Su//= 17.00 mm

6,= -^ = 2.5°

- 4
The rotation capacity of double angle web cleat connection is 2.5 degree.
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A. 1.5. CASE STUDY ON CATENARY ACTION IN SIMPLE CONNECTION

FRAMES

Calculation of maximum joint ductility and tensile strength

It has been assumed that rotation occurs about the CG of the bolt group, with a total

plastic deformation of the upper bolt hole in the fin-plate of 10mm (corresponding to

half a bolt diameter).

Rotation capacity = 10/140 = 0.0714 rad or 4°

Tension capacity of fin plate = KePy Anet

K e = l . l ; Anet = A - n Dh t = 3 6 0 x 1 0 - 5 x 2 2 x 9 . 6 = 2544 mm2

Tension capacity of fin plate = 1.1 x 355 x 2544 x 10"3= 993.43 kN

Bearing capacity of fin plate =1.5n d tfpbs < 0.5n e2 tf Pbs

0.5n e2 tf pbs = 0.5 x 5 x 50 x 10 x 550 x 10"3 = 687.5 kN

1.5n d tfPbs = 1.5 x 5 x 20 x 10 x 550 x 10-3= 825 kN

Hence, Bearing capacity of fin plate = 687.5 kN

Tension capacity of beam web at the connection = Le tw py

Le = 2 ee + (n-1) pe - n ph = 2 x 40 + (5-1) x 70 - 5 x 22 = 250 mm

Tension capacity of beam web at the connection = 250 x 9.6 x 355 x 10"3= 852 kN

Bearing capacity of beam web at the connection =1.5n d twpbS < 0.5n e3 tw pbs

0.5n e3 tw Pbs = 0.5 x 5 x 40 x 9.6 x 550 x 10"3 = 528 kN

1.5n d twpbs = 1.5 x 5 x 20 x 9.6 x 550 x 10"3= 792 kN

Hence, Bearing capacity of supported beam web at the connection = 528 kN

Tying capacity of the connection, the minimum of above values is 528 kN

Calculation of slab tensile strength

Tying capacity of reinforcement mesh per metre = 142x 460x10"3 = 65.32 kN

Tying capacity of profiled sheet per metre = 40xl.2xl9x550xl0"3/12 = 41.8 kN

Fig. Al. 2 Deflected shape of beam at maximum rotation capacity of 4 '
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Calculation of factor of safety against collapse

To explain the calculation, a one metre strip XZY (Fig. A. 8), located 6m from beam

'AiCiBi' is taken. This strip is idealised as beam, having pinned support at X and Y,

and internal hinge at Z since there is no top reinforcement to resist hogging moment.

The average rotation at X is 2.17° and the tying capacity of slab is 107 kN (Fig. A.

8). This rotation and tying capacity of slab causes the upward force of 8.10 kN on the

beam CCi at Z that will be helpful in resisting downward accidental load. The

loading on main beam CCi is shown in Fig. A. 9. There will not be any reduction in

the accidental load on the secondary beam as no change in angles of tying force

occurs on either side. The reactions from this beam and secondary beams are

calculated and transferred on the main beam as shown in Fig. A. 10. To understand

the influence of steel reinforcement, profile sheet and steel beam on catenary action,

the analysis is carried out with and without considering the tying capacity of slab.

For these cases, the slopes of the inverted three hinged arch at 'A and B' are

considered to be the rotation capacity. In addition, the analysis for each case is

carried out with and without dynamic amplification factor (DAF). Consequently, the

maximum tying force acting on this beam and the factor of safety for the joint which

is defined as the ratio between the tying capacity and the tying force acting on the

beam are calculated.

\ T«.t" Tst * Tsheet= 107 kN T-Dt= T, + T»j= 107 kN

i 2.17-/ "" zK """

X
~ Internal Hinge

Fig. Al. 3 Tying force carried by beam 'XZY'
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I - - 1 1 II II 1 1 •1.

22.44 kNrni
/

" 1 1 1

APPENDIX

,_I .11

12 m

7/7///

c,

(a) Accidental load

, * • • • t t t t t t t t f i 14.95 kN

12 m

(b) Resisting force by catenary action

Fig. Al. 4 Load on main beam 'CCV

122.65 kN 122.65 kN 67.54 kN 122.65 kN 122.65 kN

I i i i I i i i I i i i I i i i I i r̂

A

Jf— 3m

_ -
Q ^*"^- Internal Hinge

9m

Fig. Al. 5 Accidental load on main beam 'ACB'

t «•
Inlemal Hinge

Fig. Al. 6 Tying force carried by main beam 'ACB'

Case 1: Without dynamic amplification

Tying capacity of reinforcement mesh per metre = 65.32 kN

Tying capacity of profiled sheet per metre — 41.8 kN

Tying capacity of slab per metre, T = 65.32 + 41.8 = 107.12 kN

Upward reactive force resulting from slab tying capacity per metre = 2 / 'sin 6

Upward reactive force caused by 1 m strip located 6 m from A1C1B1 = 2 x 107.12 x

sin 2J7=8JOJtN

Reaction at C due to accidental load acting on beam CCi =0.5 x 12 x 20.44 = 122.65

kN .

Reaction at C due to the upward reactive force acting on beam CCl = 0.5 x 14.95 x

12 x (2/3) = 59.8 kN
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Force transferred on the main beam ACB from the secondary beam SSi = 0.5 x 12 x

20.44 = 122.65 kN

(a) if the contribution o/s/a6 is considered in resisting accidenta/ load

Force transferred on the main beam ACB from beam CCi = 122.65 - 59.8 = 62.85

kN

•>2

Horizontal thrust at A, HA = 1 67.54*9 4.24.t9"
122.65,t9+ + =2509.8 kN

9 tan 4'

Vertical reaction at A, VA= 0.5 x [4 x 122.65 + 67.54 + 2 x 9 x 4.24] = 317.23 kN

Resultant force (Tying force) = ^//J + VJ = V2509.82 +317.232 =2530 kN

_ . _ r. ^ . ,, . . . Tying capacity of the joint 528
Factor of safety for the joint = —-—-—- —: = =0.21

Tying force acting in the joint 2530

fbj if the contribution o/s/ab is neglected in resisting accidental load

Force transferred on the main beam ACB from beam CCi = 122.65 kN

Horizontal thrust at A, HA =
1

122.65J9 +
127.25^9 4.24^92

=2936.7 kN
9 tan 4'

Vertical reaction at A, VA= 0.5 x [4 x 122.65 + 127.25 + 2 x 9 x 4.24] = 347.10 kN

Resultant force (Tying force) = A/2936.72 +347.102 = 2957 kN

528
Factor of safety for the joint = =0.18

2957

Case 2: With dynamic amplification of 1.5

Reaction at C due to accidental load acting on beam CCi = 1.5 x 0.5 x 12 x 20.44 =

184 kN

Reaction at C due to the upward reactive force acting on beam CCI = 0.5 x 14.95 x

12 x (2/3) = 59.8 kN

Force transferred on the main beam ACB from the secondary beam SSi = 1.5 x 0.5 x

12 x 20.44= 184 kN

(a) if the contribution qfs/ab is considered in resisting accidental /oad

Force transferred on the main beam ACB from beam CCi = 184 - 59.8 = 124.2 kN
Horizontal thrust at A, HA = 1 1 8 4^+rn^+ =3979 kN

9 tan 4'

Vertical reaction at A, VA= 0.5 x [4 x 184 + 131.2 + 2 x 9 x 6.36] = 490.8 kN

Resultant force (Tying force) = V39792 + 490.82 = 4009 kN
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Factor of safety for the joint = 528
4009

=0.13

(bj if the contribution o/slab is neglected in resisting accidental load

Force transferred on the main beam ACB from beam CCi, if the contribution of slab

is neglected in resisting accidental load = 184 kN

Horizontal thrust at A, HA = 1

9 tan 4'

,_„ n 19Lr9
184^9 + + =4406 kN

Vertical reaction at A, VA= 0.5 x [4 x 184 + 191 + 2 x 9 x 6.36] = 521 kN

Resultant force (Tying force) = V44062 + 5212 = 4437 kN

Factor of safety for the joint = 528
4437

=0.12

At rotation capacity of joints, the tying force on the connection is much higher than

that of the tying capacity. At the same time, bottom flange of beam touches the

flange of the column at joints 'A & B' (Fig. A. 12). Due to insufficient joint

ductility, couple can develop between beam flange and column. The resulting prying

action causes early joint fracture and subsequent failure of catenary action as shown

in Fig. A. 13.

(a) Joint (b) Joint

Fig. Al. 7 Beam-column joint when it reaches maximum rotation capacity



207

(?L\ Joint 'A' (b) Joint

Fig. Al. 8 Failure of beam-column joint

Calculation of displacement required to achieve equilibrium

To obtain the required rotation capacity, the equation is formed through the analysis,

considering the rotation as a variable. This equation is solved by trial and error

procedure.

Case J. • Without dynamic amplification

(aj //the contribution of slab is considered in resisting accidental load

The trial rotation is assumed as 13.1°.

Upward reactive force at C resulting from slab tying capacity per metre = 2 7'sin 6 =

2 x 107.12 x sin 13.1° = 48.56 kN

Reaction at C due to the upward reactive force acting on beam CCi = 0.5x48.56x

12 x (2/3)= 194.24 kN

Force transferred on the main beam ACB from beam CCi = 122.65 - 194.24 = -71.6

kN

Horizontal thrust at A, HA~- 1

9tanl3.r
122.65^9 +

(-67)^9 4.24^92

=465 kN

Vertical reaction at A, VA= 0.5 x [4 x 122.65 - 67 + 2 x 9 x 4.24] = 250 kN

Resultant force (Tying force) = V4652+2502 = 528 kN

Factor of safety for the joint =
528
528

=1

Hence, the required rotation capacity is 13.1° which is calculated considering the

contribution of slab and neglecting dynamic effects.

(bj if the contribution o/s/ab is neglected in resisting accidental load

The trial rotation is assumed as 27.3°.
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Force transferred on the main beam ACB from beam CCi = 122.65 kN

Horizontal thrust at A, HA = 122.65^9 + 127-25-*9 + 4 - 2 4 ^ 2 -398 kN
9tan27.3"L 2 2 J

Vertical reaction at A, VA= 0.5 x [4 x 122.65 + 127.25 + 2 x 9 x 4.24] = 347 kN

Resultant force (Tying force) = V3982 + 3472 = 528 kN

528
Factor of safety for the joint = =1.0

Hence, the required rotation capacity is 27.3° which is calculated neglecting both the

contribution of slab and dynamic effects.

Case 2. With dynamic amplification o/J. 5

(aj if the contribution ofs/ab is considered in resisting accidental toad

The trial rotation is assumed as 21.4°.

Upward reactive force at C resulting from slab tying capacity per metre = 2 /'sin 6 =

2 x 107.12 x sin 21.4° = 78.2 kN

Reaction at C due to the upward reactive force acting on beam CCi = 0.5 x 78.2 x 12

x (2/3) = 312.8 kN

Force transferred on the main beam ACB from beam CQ = 184 - 312.8 = -128.8 kN

Horizontal thrust at A, HA = 1
184^9 +

(-124.2)^9 6.36^92

9tan21.4'

Vertical reaction at A, VA = 0.5 x [4 x 184 -124.2 + 2 x 9 x 6.36] = 363 kN

=384 kN

Resultant force (Tying force) = V3842+363T= 528 kN

528
Factor of safety for the joint = =1

528

Hence, the required rotation capacity is 21.4° which is calculated considering both

the contribution of slab and dynamic effects.

(bj if the contribution o/s/ab is neglected in resisting accidental load

Vertical reaction at A, VA = 0.5 x [4 x 184 + 191 + 2 x 9 x 6.36] = 521 kN

As the vertical reaction is nearly equal to the tying capacity of the connections, the

connections need huge rotation capacity (more than 45°) to sustain this accidental

load.
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A. 2 DYNAMIC ANALYSIS FOR COLUMNS SUBJECTED TO

BLAST LOAD

A. 2.1. MATHEMATICA PROGRAMMES FOR DYNAMIC ANALYSIS OF

COLUMNS

A. 2.1.1. RESPONSE OF A COLUMN, PINNED AT BOTH ENDS

CLear[L, n, MI, EL, x, kn, u, ul, qn, on, MaxOefCoeff, DefCoeff, td, tn, Disl, Dis2];

ML = m;

M2 = fLm*(u[x])2dlx;
Jo

Ma = MUM2;
Kl = EL* MI;

K2 = \\\yC\ *D[D[u[x], {x, 2} ] , {x, 2}] dx;
Jo

Ki = KL*K2;
fL

fti = u[x] dx;
Jo

ModalEq = D[qn[t], {t, 2}] + an2*qn[t] == P[t] * Pn*am2* 384/(5*K2* L4) ;
Sail = DSolve[{MbdalEq, qn[0] == 0, qn' [0] == 0} , qn[t] , t] ;
Shapel[tj =Sol l [ [ l , 1, 2 ] ] ; ,
Disl[x_, t j = (u[x] *Shapel[t]) ;
DeriDis[tJ = D[Shapel[t] , {t , 1}] ;
uattd= Shapel[td];
Deriuattd = DeriDis[td] ;

Deriuattd
Shaf)e2 [ t j = uattd*Q3s[a)n* ( t - td) ] + *Sin[ain* ( t - td) ] ;

ojn

Dis2[x_, t j = (u[x]
Mcral[x_, t j = (5/384) *L2 *D[Disl[x, t ] , {x, 2}] ;
Man2[x_, t_] = (5/384) *L2*D[Dis2[x, t ] , {x, 2}] ;
Shearl[x_, t j = (5/384) *L3*D[Disl[x, t ] , {x, 3}] ;
Shear2[x_, t j = (5/384) *L3*D[Dis2[x, t ] , {x, 3}] ;
tn = 0.01;
CJI = 2 * 7r / tn;
un = n *<ul;
BatioFile = QseriWrite["D:\SpecdficResistanceMathodNBeapcnse Sinoply Svpported\Batio.txt"] ;
DefFile = OpetSba.te["D:\SpecificResistanoeMsthod\Reapcrse Sinply S\^ported\Def .txt"] ;
EMElle = qaerijfcite [ "D: \SpecLf iCResistanoetfetfaod\Reaponse Simply SvFported\EM.txt"] ;
SFFile = CJseri(fcite["D:\Specif^icttesistanoe*fethod\Reqx3nse Sinply SvFparted\SF.txt"];
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Do[{

MaxDefCoeff = 0.0;
DefCoeff = 0;
JtetitoaCoeff = 0.0;
MnrToeff = 0;
ttucShearCoeff = 0.0;
ShearCoeff = 0;
td = tn/ (10* j ) ;
DO[{

tixne= i/10000.0 ;
If [times td,

20
{DefCoeff = Y, (Disl[L/2, tiite]) ;

MaiCoeff = ^ (Manl[L/2, time]) ;
n=l

20
ShearCoeff = ̂  (Shearl[L, time]) ;

n=l

20
{DefCoeff = ^ (Dis2[L/2, time]) ;

n=l
20

MsnCoeff= Y (Mfcni2[L/2, time]) ;

ShearCoeff = 2 , (Shear2[L, time]) ;

If [JfaadJefCoeff <= Abs[DefCoeff], {MacDefCoeff = Abs[DefCoeff]}, { } ] ;
If [Jfa^fcnCoeff <= Abs[MsnCoeff], {IfescMaiCoeff = Abs[Ma«Coeff]}, { } ] ;
If [MaxShearCoeff <= abs [ShearCoeff], {MaxShearCopff = gbs [ SheaxCoeff]}, { } ] ;

{± ,1 ,10000,1}] ;

PutJ^pend[td/ tn, RatioFile] ;
, DefFile] ;
, EMFile] ;

Put^pend[lfe3cSheazCoeff, SEFile]

{ j , l , 5, 1}] ;
Close[RatioFile] ;
Close[DefFile] ;
Close[EMElle] ;
Close[SFFile];



211 APPENDIX

A. 2.1.2. RESPONSE OF A COLUMN, FIXED AT BOTH ENDS

ClearAllfL, n, MI, EL, x, kn, u, u l , <yi, am, MaxDefCoeff, DefOoeff, td, tn , Dis l , Dis2,
Mcml, MCRI2, Sheaxl, Shear2, MaxMuMcnCoeff, MidfcnCoeff, MaxEncKfcnCoeff,
EndMonCceff, MaxShearCoeff, ShearCoeff, /3n, P, K2, KL, Pn, L, j ] ;

u[x_] = (Cos[/3n*x] -Cosh[/3n*x]) -kn* (Sin[/3n*x] -Sinh[/3n*x]) ;

Ma = f m* (u[x])2dx;
Jo

KL = EL*ME;

K2 = fLu[x] *D[D[u[x] , {x, 2}] , {x, 2}] dx;
Jo

Kh = KL*K2;

En = u[x] dx;
Jo
7r*(2*n+l)

kn = (Cos[/3n*L] -Cosh[/3n*L]) / (Sin[jSn*L] - Sinh[/3n*L]) ;
Modal Eg = D[qn[t] , {t, 2}] +&>n2*qi[t] = P[t] * Pn*un2* 384/ (1*K2*L4) ;

Soll= DSolve[{ModalEq, <yi[O] = 0, cyi1 [0] = 0} , <5i[t] , t] ;
Shapel[tJ = S o l l [ [ l , l , 2 ] ] ;
Disl[x_, t_J = (u[x] *Shapel[t]) ;
DeriDis[tJ = D[Shapel[t], {t, 1}] ;
uattd = Sh^)el[td] ;
Deriuattd = DeriDis[td];

£3iape2 [ t ] =viattd*Cos[6)n* ( t - td) ] + *Sin[a)n* ( t - t d ) ] ;
oin

Dis2 [x_, t j = (u[x] * Shape2 [t]) ;
Moml[x_, t_] = (1/384) *L2*D[Disl[x, t ] , {x, 2}] ;
Mcm2[x_, t j = (1/384) *L2*D[Dis2[x, t ] , {x, 2}] ;
Shearl[x_, t_J = (1/384) *L3*D[Disl[x, t ] , {x, 3}] ;
Shsar2[x_, t_] = (1/384) *L3*D[Dis2[x, t ] , {x, 3}] ;
tn = 0.01;
ail = 2*7r/tn;

(2*n+l)2

am = *o)l;
9

BatioFile = CperiWrite["C:N^aeci ficResistano^fethod\Respanse Fixed\Katio.txt"];
DefFile = CpenSfcite["C:\SpecificKesistanoeMethod\Respanse Fixed\Def.txt"];
MidEMFile = CpenWcite [ "C: \Speci f i<3tesistanoeMsthod\Response Fixed\MidEM.txt"] ;
EndBdFile = CperiHrite [ "C: \Speci ficResistano^fethod\Besponse Fixed\EndEM.txt"] ;
SFFile = CpenWrite["C:\SpecificResistanoeMethod\Respanse Fixed\SF.txt"];
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j } 100;
DO[{

JfexDefCoeff } 0.0;
DefCoeff } 0;
MaxMLdManCoeff } 0.0;
MuifcnCoeff } 0;
MaxEhoMarCoeff } 0.0;
EndfcmCoeff } 0;
MaxShearCoeff } 0.0;
ShearCoeff } 0;
td } tn*0.005*j;

Do[{'

time } i /10000.0;
If [times td,

{DefCoeff} V (N[Disl[L/2, time]]) ;
njl

MioMarCoeff } V (N[Mxnl[L/2, time]]);
njl

EnbMatCoeff } V (N[Manl[0, time] ]) ;
nfl

20
ShearCoeff } Y (N[Shearl[0, time] ]) ;

njl

{DefCoeff } V (N[Dis2[L/2, time]]);

MLbMaiCoeff} V (N[Man2[L/2, time]]);

20
EnoMaiCoeff } V (N[Man2[0, t ime]]);

ShearCoeff } V (N[Shear2[0, time] ] ) ;

If[MaxDefCoeff }} Abs[DefCoeff], {l>fe3£tefCoeff} Abs[DefCoeff]}, { } ] ;
} Abs[Mio>fcxrCoeff], }

} flbs[EnttfcnCoeff], {JfexESxMatCoeff } itos[Eii6M3iCoeff]},
If [MaxShearCoeff }} Abs [ShearCoeff], {MaxShearCoeff } Abs [ShearCoeff]}, { } ] ;



213

{1,1,10000,1}];

Putafpendttd/tn, RatioFile] ;

PutaFpendfMaxDefCoeff, DefFile] ;
, MidEMFile]
, EndEMElle]

PutSfpendflfexaiearCoeff, SFFile] ;

{ j , l , 100, 1} ] ;
Close [RatioFile] ;
d o s e [DefFile] ;
Close [KLdEMFLle] ;
Close [EndBdFile] ;
d o s e [SFFile];
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A. 2.1.3. RESPONSE OF A COLUMN, FIXED AT ONE END AND PINNED AT OTHER

END

ClearAll[L, n, MI, EL, x , kn, u, u l , qn, am, Maa&e£Coef£, DefCoeff, td , tn , D i s l ,
Dis2, Mcnl, Man2, Shear 1, Shear2, JfexMi<*fcnCoeff, MLcMxnCoeff, MaxEncfcfcnCoeff,
EndtfanCoeff, MaxShearlCoeff, ShearlCoeff, MaxShear2Coeff,
Shear2Coeff, /3n, P, K2, KL, Pn, L] ;

(Cos[/3n*x] -Cosh[/3n*x]) +kn* (Sinh[/3n*x] -Sin[/3n*x]) ;
fL 2

Mh = m* (u[x]rdx;
Jo

KL = EL*MI;
K2 = fL(u[x] *D[D[u[x], {x, 2} ] , {x, 2}]) dx;

Jo
rL

Pn = u[x] dx;
. Jo

7r* (4*n+ 1)4*L
L] -Cosh[/3n*L]kn =

Sin[/3n* L] - Sinh[y3n* L]
MadalEq = D[«ji[t], {t, 2}] +un2*qi[t] = P[t] * Pn*ain2* 185/(1*K2*L4) ;
Soll= DSolve[{MadalEq, <ji[O] = 0, <ji'[0] =0} , <ja[t], t] ;
Shapel[t_] = Soll[[l , 1, 2 ] ] ;
Disl[x_, t_] = (u[x] *Shapel[t]) ;
DeriDis[t_] = D[Shapel[t], {t, 1}] ;
uatbd = Shapel[fcd] ;
Deriuattd = DeriDis[td] ;

Deriuattd
Shape2 [t_] = uattd*Cos[6in* ( t - td)] + *Sin[wn* ( t - td)] ;

Dis2[x_, t j = (u[x] *Shape2[t]) ;
M3nl[x_, t j = (1/185) *L2*D[Disl[x, t ] , {x, 2}] ;
Man2[x_, t j = (1/185) *L2*D[Dis2[x, t ] , {x, 2}] ;
Shearl[x_, t j = (1/185) *L3*D[Disl[x, t ] , {x, 3}].;
Sheaz2[x_, t j = (1/185) *L3*D[Dis2[x, t ] , {x, 3}] ;

tn = 0.01;
OJI = 2* 7r / tn;
un = (4*n + l) *ul/25;

RatioFile = C^eriWritef''C:\SpecificResistanodfethod\Respcffise ProFped\Batio.txt"];
DefFlle = Cjaeriifcite [ "C: \£^ec.i ficResistano^fethodNReaponse Prcpped\Def.txt"] ;
EndHdFile = C êriWrite[ "C:\Specif icResistanod4ethod\Reqwnse ProFped\EndBM.txt"];
MidEMFile = CperBb±te [ "C: \Specif icResistanc^fethod\Respanse Propped\MidB4.txt"];
SFlFile = CperJfcAte["C:\Sper.ificResistano^fethodNRespanse PrcFped\SEl.txt"];
SF2File = C^erifcite["C:\Spec.ifidtesistanadfethod\Iteqxanse Prcpped\SE2.txt"];
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Do[{

MaxDefCoeff = 0.0;
DefCoeff = 0;
MaaMuMarCoeff = 0.0;
MiiManCoeff = 0;

-F-F = 0.0;

EnoManCoeff = 0;
MaxShearlCoeff = 0.0;
M-ucShear2Coeff = 0.0;
ShearlCoeff = 0.0;
Shear2Coeff = 0.0;
td = tn*0.005* j ;
i = l ;
Do[{

tine= i/10000.0;
If [time <. td,

{DefCoeff = 2^ (N[Disl[0.581*L, time]]) ;

n=X

M i < * f c n C b e f f = ^ ( N [ M a n l [ 0 . 6 1 6 7 * L , t i m e ] ] ) ;
20

E«»43iCoeff = ^ (N[Manl[0, time] ]) ;

ShearlCoeff = ^ (NfShearl[0, time] ]) ;

Shear2Coeff = ^ (N[Shearl[L, time] ]) ;

{DefCoeff = 2 ] (N[Dis2[0.581*L, time]]) ;
Itel

20

MixMaiCoeff = ^ (N[Man2[0.6167* L, time]]) ;
n=l

EneMaiCoeff = 2_, (N[Mom2[O, time] ]) ;
n=l

ShearlCoeff = J] (N[Shear2[0, time] ]) ;
n=l

Shear2Coeff = ̂  (N[Shear2[L, time]]);

If[lfe3dDefCoeff <= Abs[DefCoeff] , {ifeadDefCoeff = Abs[DefCoeff]}, {}] ;
I f [MaaMic*txrCoeff <= Abs[Mic*fcnCoeff] /{ifeaifijoMaiCoeff = Abs[MidManCoeff] } , {}] ;
I f [MaxEndMorCoeff <= Abs[EncfcfcnCoeff] ,. {ifexEncMaiCoeff = Abs[Erx*txnCoeff] } , {}] ;
If[JfexShearlCoeff <= Abs [ShearlCoeff], {MaxShearlCoeff =s Abs[ ShearlCoeff]}, {}] ;
If[MaxShear2Coeff <= Abs[Shear2Coeff], {lfexShear2Coeff = Abs[Shear2Coeff]} , { } ] ;
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{ i , 1,10000, 1}]; .

PuttFpend[td/ tn, RatiofiJLe] ;
Pati^pend[Jfe3dtefCoeff, DefFile] ;

, MidEMFile]
, EndEMFile]

Put^pend[tfexShearlCoeff, SFlFile] ;
, SF2File] ;

{ j , l , 100, 1}];
Close[RatioFile];
dose [DefFile] ;
Close[MidEMFile] ;
CLose[EkidEMFile] ;
dose[SFlFile] ;
Close[SF2File];
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A. 2.2. RESPONSE CHARTS FOR COLUMN FIXED AT BOTH ENDS

0.1 0.2 0.3 0.4

(a) Deflection

0.10

0.1 0.2 0.3 0.4 0.5

(b) Support moment

(c) Bending moment at mid span (d) Shear force at support
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A. 2.3. RESPONSE CHARTS FOR COLUMN FIXED AT ONE END AND

PINNED AT OTHER END

Td /Tn

(a) Deflection at 0.62L from fixed end

(c) Bending moment at 0.62L

(b) Support moment

(d) Shear force at fixed support

(d) Shear force at pinned support
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A. 3 PROTECTIVE DESIGN FOR RC FRAMED STRUCTURES

WITH A CASE STUDY OF THE MURRAH BUILDING

A. 3.1. FLOW CHART TO ESTIMATE COLUMN RESPONSE FOR

COMPLEX PRESSURE TIME HISTORY PROFILE

( Start j

Initialise
-OJ -*SG ->sn tl tcf tn

" /4

4*-

4b)

r

4b 4c i
) (4-4,) (
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'+(« + /, /*))"

4b) ~4r I

(4-4.)(
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a)

h//))

C-l

Fig. A3.1 Flow chart to estimate the column response for complex pressure
time history
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Fig. A3.1 Flow chart to estimate the column response for complex pressure
time history (cont...)
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C-2

1

1

Fig. A3.1 Flow chart to estimate the column response for complex pressure
time history (cont...)
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C-4 C-3 C-5

Def- #,(/)

Def-u,(/)

Def- u5 (/)

TRUE

TRUE

TRUE

^ ^

^— /̂< / + / ^^

j^ALSE

/ \

JTFALSE

•

Fig.A3.1 Flow chart to estimate the column response for complex pressure time
history (cont...)
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A. 3.2. DESIGN CHARTS FOR FLEXURAL STRENGTH OF COLUMNS

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14

MJbh2 (N/mm2)

Fig. A3. 2 Design chart for C20 concrete column with reinforcement on two
opposite faces

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14

MJbh2 (N/mm2)

Fig. A3. 3 Design chart for C25 concrete column with reinforcement on two
opposite faces
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I

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15

M./&/I2 (N/mm2)

Fig. A3. 4 Design chart for C30 concrete column with reinforcement on two
opposite faces

M

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15

MJbh2 (N/mm2)

Fig. A3. 5 Design chart for C35 concrete column with reinforcement on two
opposite faces
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Nijbb2 (N/mm2)

Fig. A3. 6 Design chart for C20 concrete column with reinforcement on two side
faces

MJbh2 (N/mm2)

Fig. A3. 7 Design chart for C25 concrete column with reinforcement on two side
faces
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50

MJbh2 (N/mm2)

Fig. A3. 8 Design chart for C30 concrete column with reinforcement on two side
faces

0 1 2 3 4 5 6 7 8

MJbh2 (N/mm2)

Fig. A3. 9 Design chart for C35 concrete column with reinforcement on two side
faces
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E

2 3 4 5 7 8 9 10 11

MJbh2 (N/mm2)

Fig. A3.10 Design chart for C20 concrete column with reinforcement,
distributed equally on all faces

£

10 11

MJbh2 (N/mm2)

Fig. A3.11 Design chart for C25 concrete column with reinforcement,
distributed equally on all faces .
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A. 3.3. CRACKED MOMENT OF INERTIA FOR RC COLUMN

2.2

2.0

1.8

1.6

1.4

1.2

1.0

0.8

0.6

0.4

0.2

0.0

Ag/bh
;_ — '

'~-- '

3 - ^

_——-
—-"

1

r
 4A

/

^=
= 20 N/r

460 N/i

;

:

;

:

i
;

;

nm2 :

nmz :

10 15 35 40 45 SO20 25 30

N/bh (N/mmJ)

Fig. A3.14 Cracked moment of inertia for C20 concrete column with
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Fig. A3.15 Cracked moment of inertia for C25 concrete column with
reinforcement on two opposite faces
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Fig. A3. 22 Cracked moment of inertia for C20 concrete column with
reinforcement, distributed equally on all faces
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Fig. A3. 23 Cracked moment of inertia for C25 concrete column with
reinforcement, distributed equally on all faces
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N/bh (N/mm2)

Fig. A3. 24 Cracked moment of inertia for C30 concrete column with
reinforcement, distributed equally on all faces
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A. 3.4. CALCULATION OF BLAST PRESSURE ON COLUMNS OF

MURRAH BUILDING

Breadth, d= 914.4 mm or 36 in.

Depth, D= 508 mm or 20 in

Stand off Distance, SD= 15.24 m or 50 ft

Charge Weight, W = 1800 kg or 4000 lbs.

Scaled Stand off Distance, SSD= SD/

SSD= 1.25 m/kg1^ or 3.15 ft/lbs1/3

Blast wave parameters such as reflected pressure (/^), static over pressure (/$, blast

wave front velocity {&), static impulse (vQ, reflected impulse (/) and time of arrival

(4) of blast wave are obtained for a particular charge and scaled distance from Fig.

A3.26.

Blast Wave Parameters at Point, A:

Static over pressure, POA = 120 psi or 830 kN/m2

Reflected pressure, / ^ = 630 psi or 4350 kN/m2

Blast wave front velocity, [fj = 3.15 ft/mSec or 0.96 m/mSec

^ / j / 3 = 23 psi-mSec/lbs1/3

Ir/jpn = 73 psi-mSec/lbs1/3

/yCi/3 = 0.56 mSec/lbs1/3

Incident impulse, 1^= 365 psi-mSec or 2530 kPa-mSec

Reflected impulse, Irj= 1165 psi-mSec or 8030 kPa-

mSec

Time of arrival for blast wave , 4^= 8.9 mSec

Duration of blast pressure from incident impulse, 7 / / •
yP

 = 2 6 - 8 5 m S e c

Dynamic Pressure, ^ = fa-lj,^)/ = 1 1 2 0 k P a

Blast Wave Parameters at Point, B:



lib

Static over pressure, POB= 112.4 psi or 775 kN/m2

Blast wave front velocity, UB= 3.05 ft/mSec or 0.93 m/mSec

/yLui= 22.7 psi-mSec/lbs1/3 1

Incident impulse, fS£ = 360 psi-mSec or 2470 kPa-mSec

Duration of blast pressure from incident impulse, y/ /
/P = 6A m S e c

Blast Loading:

Clearing time for reflected pressure on front o r /
/V7 = 0-94 mSec

face of column, fc= ' A

Stagnation pressure on front face at (P, + a\ . .

clearing, 7^.= 4^

Time for blast wave to reach point, B from n / ^ ,_ _,
-^C, = 0.53 mSec

front face,//= ' A

Rising time for pressure on rear face of A C/ . _„ ~r / / / = ^ -29 mSec
column, /,-= / -*

Stagnation pressure on rear face after rising PoS . >_
V ~ C) ~ 620 kFa

Impulse on front face, 77= , ^

= 7058.25 kPa-mSec

:= 1/Impulse on rear face, I2= y2 Pj*, = 1967.76 kPa-mSec

Net Impulse, 7= 5090.5 kPa-mSec

Duration of blast load, /y= 2 ^ o =2-34 mSec

Finally, the profile of the blast load on column, G16 is shown in Fig. A3.27.
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A. 4 PROTECTIVE DESIGN FOR RC FRAMED STRUCTURES:

THE SAFE STAND OFF DISTANCE APPROACH

A. 4.1. MATHEMATICAL MODELS FOR DYNAMIC SHEAR FORCE AND

BENDING MOMENT

Safe stand off distance based on shear failure:

For linear dynamic analysis, the natural time period for the column, fixed at both

ends is calculated using the following equation:

9i&

Where, m=-l—BD (A4.2)
9.81

* 12

£& 4490, [7\ (A4.4)

y - Unit weight of concrete (kN/m3)

B - Breadth of column (m)

D - Depth of column (m)

m - Mass of column per metre (kg)

fci - Characteristic compressive strength of concrete (N/mm2)

£ - Modulus of elasticity of concrete (N/mm2)

Iejr - Effective moment of inertia (mm3)

Ig - Gross moment of inertia (mm3)

F, - Ratio of Iejr to Ig

By substituting Eq. A4.2, A4.3 and A4.4 into Eq. A4.1, the system's natural time

period is simplified into Eq. A4.5.

The ratio of the duration of the blast load to the natural time period is calculated

using Eqs. 6.2, 6.4 and A4.5 and shown in Eq. A4.6 and A4.7.



/ 4U

55 ̂ A M M ^J uju
- for clearing (A4.6)

- for non clearing (A4.7)

The dynamic shear force is the function of T^,Tn,fFssvdSD. It is mathematically

represented as follows,

y=f\w,#/££/z,l,Fc,fci,SD\ (Clearing) (A4.8)

F=f\fr,£)/rl,Fc,fci,SD\ (Non clearing) (A4.9)

Safe stand off distance based on flexural failure:

The mathematical formulation for the estimation of safe stand off distance

considering the flexural failure of column is same as that of shear failure and

explained below.

For nonlinear dynamic analysis, the natural time period for the column, fixed at both

ends is calculated using the following equation:

By substituting Eq. A4.2, A4.3 and A4.4 into Eq. A4.10, the system's natural time

period is simplified into Eq. A4.11.

71 = 54(^ / i ) I — (A4.ll)

The ratio of the duration of the blast load to the natural time period is calculated

using Eqs. 6.2, 6.4 and A4.11 and shown in Eq. A4.12 and A4.13.

6 3 . ^ h h K ^
-for clearing (A4.12)
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T /
^ ^ - for non clearing (A4.13)

The dynamic bending moment is the function of7^,7^,/F and SZ?. It is

mathematically represented as follows,

M=gx\w,fz,£>/z,£,Fc,fc/t,S£>\ forclearing (A4.14)

M=g\fF,£>/z,l,Fc,fci,SjD\ for non clearing (A4.15)
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A. 4.2. LINEAR AND NONLINEAR REGRESSION MODELS

Regression analysis is a statistical technique for investigating and modelling the

relationship between one or more independent variables and a continuous dependent

variable. When the response (dependent) variable is related to the predictors

(independent variables) through a nonlinear function, it leads to nonlinear regression

model. In common practise, the residual sum of squares is minimized by an iterative

procedure, when the method of least squares is applied (Montgomery et al., 2003).

The linear regression model includes not only the first order relationships (Eq.

A4.16), but also polynomial and other complex relationships (Eq. A4.17).

Where xt

y

£

«• (A4.16)

j32z2+j33z3 + + j3^ + £ (A4.17)

- Independent variables

- Independent variables

- Any function of the original regressor xl,x2,x3 xt including

transformations such as f1' ,y[x~/, and sin(jr/) .

- Error

- Unknown parameters

The linear regression model can be written in general form as

(A4.18)

where

"A"
A
A

A

"V

; and [./"] = [^ x2



In nonlinear problems, when the iterative method is used, the estimation of

parameters may or may not work satisfactorily, depending on the form of the

equation. Therefore, the parameter estimates are obtained by using several routine

computer programmes. Some of the methods implemented are (Draper and Smith,

1966):

i) Linearization (or Taylor Series)

ii) Sequential Quadratic Programming

iii) Steepest Descent and

iv) Levenberg - Merquardt Compromise

The Statistical Package for Social Science (SPSS) provides two algorithms for

analysis: i) Levenberg - Merquardt algorithm (ii) sequential quadratic programming

algorithm. The Levenberg - Merquardt algorithm analyses unconstrained models

where as sequential quadratic programming algorithm does not, instead they demand

to specify the constraints on parametric estimates and they requires the user to

specify the loss function.

Levenberg - Merquardt algorithm represents a compromise between the linearization

(or Taylor series) and steepest descent methods. It also combines the best features of

these methods to avoid serious limitations. It always converges but does not slow

down as in two methods. The early iteration works well on linear descent method but

when it goes close to the best fit value it works slowly. On the other hand, the Gauss-

Newton method works badly in early iteration but for later iteration it works well.

Therefore these two methods are combined as Levenberg - Merquardt method. The

early iteration uses the linear descent method and then switches to Gauss-Newton

approach.

Test for Hypotheses:

An overall summary of the results of any regression analysis can be provided by a

table called an analysis of variance (ANOVA) table. ANOVA tables contain the sum

of squares which is obtained from the source of regression, residual, total

uncorrected and total corrected. In addition to this, they contain the mean squares of

the above source. The corrected regression sum of squares ^SSRcmTa;tJ) is the sum of

A _

the squares of deviations of the fitted regression line (F) from the mean (F). The
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unconnected regression sum of squares (SSRuncomc/J) is the sum of the squares of the

A

fitted regression line {F). The residual sum of squares is the sum of the squares of
A

deviations of the observed Y's from the fitted regression line (F). The total sum of

squares is the sum of the sum of squares of regression and the sum of squares of

residuals. The sum of squares are calculated using the following equations:

Regression sum of squares (corrected), SSHcomcted = X ^T^\ (A^-19)
i v y

n A

Regression sum of squares (uncorrected), SSHuncorrec/ed = X ^ (A4.20)
i

" ( A V
Residual sum of squares, SS£= £ \%- %\ (A4.21)

1 V /

Total sum of squares (uncorrected), SSFuacomc/a/ = ̂ J* (A4.22)

Total sum of squares (corrected), SSrrametH/ = Y\fr~A (A4.23)

The F static is obtained by dividing the regression mean square by the residual mean

square.

Regression Mean Square
Residual Mean Square

The coefficient of determination {jf) provides a quantitative measure of how well

the fitted model predicts the dependent variable and is calculated using the following

equation:

^ = 1 ^ — (A4.25)
nrry

'-''-'•Icorrected

In regression analysis, the model needs to be tested for adequacy and certain tests of

hypotheses such as F-test, partial F-test, t-test and coefficient of determination (J?),

are available. The linear model is tested using F-test and R2. For a nonlinear model,

the tests used for linear models are not appropriate. In this situation, the residual



mean square is not an unbiased estimate of the error variance, even if the model is

correct. For practical purposes, the residual variance is still compared with an

estimate of the total variance, but the usual F statistic cannot be used for testing

hypotheses. R squared may be interpreted as the proportion of the total variation of

the dependent variable around its mean that is explained by the fitted model

(Norusis, 2005). The values of R squared that are close to 1 imply that most of the

variability in y is explained by the regression model (Montgomery, 2003).
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A. 4.3. REGRESSION MODELS FOR SSD

Table A4.1 Nonlinear empirical equations governs safe stand off distance based

on shear failure of column and clearing

Empirical Equations
R-

squared
value

0.999

0.998

*+ 0.997

r 0.997
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Table A4. 2 Nonlinear empirical equations governs safe stand off distance based

on flexural failure of column and clearing

Empirical Equations

CCV7— JVt^ /M /^ &**\ eJ7/
Jet — — m / /

c*cr7~y d M/ -f^ I I I I 1 1 _i_ 1 if̂ ^ 1 €$" y 1
LJkJ^.*/ ^— V3 / A _/^.A 1 | I -*• ̂ ^ ^"^ I J*- jjf | / 7" |

i 11 l/y ^ _/j_ rr / z. 1 1 1 I

(\ffY
c\z)

/ / N / \ \
/ £? \ I /) \

yzj yzj

+JV\n(Z)+O\n(ATm) + ZJln\ ̂ A. ]

R-squared
value

0.983

0.986

0.990

0.990

0.994

0.994

0.995

0.996



248

A. 4.4. SAFE SCALED DISTANCE FOR THE PRACTICAL COLUMNS

Table A4. 3 Safe scaled distance for the practical columns

Column
ID

1

2

3
4

5

6
7

8
9

10
11

12

13

14

15

16

17

18
19

20

21

22

23

24

25

26
27

28

29

30

31

32

33

34

35

36

37

38

39

40

41

42

43

44

45

46
47

48

49

50

51

52

53

54

55

56
57

58

59

60

Colun

Breadth,
b

(mm)

300

300

300

300

300

300

300

300

300
300

300

300

300

300.

300

300

300

300

300

300

300

300

300

300

300

300
300

300

300

300

300

300

300

300

300

300

300

300

300 '

300

300

300

300

300

300

300

300

300

300

300

300

300
300

300

300

300

300

300

300

300

in Dimensions

Depth,
D

(mm)

300

300

300

300

300

300

300

300

300
300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300 ,

300

300

300

300

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450
450

450

450

450

450

450

450

450

Length, 2.

(m)

3

3

3
3

3

3

3

3

3
3

3

3

3

3

3

3

3

3
4

4

4

4

4

4

4

4
4

4

. 4

4

4

4

4

4

4

4

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

4

4

4

4

4

4

Main rebar details

•la of
rebars

(m)

20

20

20

25

25

25'

20

20

20

. 2S

25

25

20

20

20

25

25

25

20

20

20

25

25

25

20

20

20

25

25

25

20

20

20

25

25

25

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

. 32

32

32

No of
rebars

(m)

4
4

4

4

4

4

4

4

4
4

4
4

4

4

4
4

4

4

4

4

4

4

4

4

4

4
4

4

4

4

4

4
4

4

4

4

4

4

4

4

4

4

4

4

4

4
4

4

4

4

4
4

4
4

4

4

4
4

4

4

Rebai
arrangn

R1
R1

R1

R1

R1

R1

R1

R1

R1
R1

R1

R1

R1

R1

R1

R1

R1-

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

•R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

lateral ties
rs
nent

(mm)

150

200

250

150

200

250

150

200

250
150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150
200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

Shear
strength,

v»

(kN)

377

330

302

389

342

314

494
447

419

506

459
431

610

564

536

622

575

547

348
301

273

360

313

285

435

389
361

447

400

372

523

476

448

535

488

460

644
574

532

662

592

550
907

836

794

925

855

812

1040

970

928
1040

970

928

579

508

. 466

597

526

484

Flexural
strength,

«„

(kN)

114
114

114

152

152

152

145

145

145
184

184

184

158

' 158

158

198

198

198

114

114

114

152

' 152

152

145

145

145

184

184

184

158

158

158

198

198

198

263

263

263

365

365

365

333
333

333

436

436

436

363

363

363

467

467

467

263

263

263

365

365

365

SSD
distance
based on
shear

(m)

19.97

21.02

21.76

19.90

20.91

21.61

18.00

18.71

19.18
17.98

18.67

19.13

16.59

17.10

17.45

16.60

17.10

17.44

20.75

21.94

22.79

20.65

21.79

22.60

19.03

19.89
20.47

18.99

19.32

20.38

17.73

18.39

18.82

17.72

18.36

18.79

17.48
18.27

18.82

17.45

18.22

18.75

15.32

15.80

16.12

15.34

15.82

16.13

14.53

14.92

15.18

14.66

15.06

15.32

18.35

19.29

19.94

18.30

19.21

19.84

S S D
distance
based on
flexure

(m)

15.85

15.85

15.85

14.03

14.03

14.03

14.08

14.08

14.08
12.67

12.67

12.67

13.54

13.54

13.54

12.23

12.23

12.23

16.97

16.97

16.97

15.01

15.01

15.01

15.06

15.06
15.06

13.54

13.54

13.54

14.48

14.48

14.48

13.07

13.07

. 13.07

12.05

12.05

12.05

10.20

10.20

10.20

10.48

10.48

10.48

9.03

9.03

9.03

10.00

10.00

io:oo

8.65

8.65
8.65

12.89

12.39

12.89

10.89

10.89

10.89

SSD

(m)

19.97

21.02

21.76

19.90

20.91

21.61

18.00

18.71

19.18

17.98

18.67

19.13

16.59

17.10

17.45

16.60

17.10

17.44

20.75

21.94

22.79

20.65

21.79

22.80

19.03

19.89
20.47

18,99

19.82

20.38

17.73

18.39

18.82

17.72

18.36

18.79

17.48

18.27

18.82

17.45

18.22

18.75

15.32

15.80

16.12

15.34

15.82

16.13

14.53

14.92

15.18

14.66

15.06

15.32

18.35

19.29

19.94

18.30

19.21

19.84

Safe
Scaled
Distance

(m/kg1*)

2.00

2.10

2.18

1.99

2.09

2.16

1.80
1.87

1.92

1.80

1.87

1.91

1.66
1.71

1.74

1.66

1.71

1.74

2.08

2.19

2.28
2.07

2.18

2.26

1.90

1.99
2.05

1.90

1.98

2.04'

1.77

1.84

1.88
1.77

1.84

1.88

1.75

1.83

1.88

1.75

1.82

1.88

1.53
1.58

1.61

1.53

1.58

1.61

1.45

1.49

1.52

1.47

1.51

1.53

1.83

1.93

1.99

1.83

1.92

1.98

Note: Rl indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column

ID

61

62

63

64

65

66

67

68

69

70
71

72

73

74

75

76

77

78

79

80

81

82

83

84

85

86

87

88

89

90

91

92

93

94

95

96
97

98

99

100

101

102

103

104

105

106

107

108

109

110

111

112

113

114

115

116

117

118

119

120

Column Dimensions

Breadth,

b

(mm)

300

300 .

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300
300

300

300

300

450

450

450

450

450
450

450

450

450

450

450

450

Depth,

O

(mm)

450

450

450

450

450

450

450

450

450

450

450

450

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

300

300

300

300

300

300

300

300

300
300

300

300

Length, L

(m)

4

4

4

4

4

4

4

4

4

4

4

4

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

3

3

3

3

3
3

3

3

3

3

3

3

Dlaof

rebars

(m)

25

25

25

32

32

32

25

25

25

32

32

32

32

32

32

25

25

25

32

32

32
25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

25

25

25

32

32
32

25

25

25

32

32

32

Main rebar details

No of

rebars

(m)

4

4

4

4

4

4

4

4

4
4

4

4
4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8
4

4

4

8

8

8

4

4

4

a
8

a
4

4

4

4

4

4

4

4

4

4

4

4

Rebars

arrangment

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R 1 •

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

Spacing of

lateral ties

(mm)

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

Shear
strength,

V.

(kN)

775

705

663

794

723

681

972

902

860

990

920

878

985

892

835

1168

1028

944
1387

1293

1237

1574

1434

1350

1387

1293

1237

1574

1434

1350

869

775

719

1052

911

827

1219

1125

1069

1402

1261

1177

1387

1293

1237

1574

1434

1350

474

427

399

494
447

419

649

602

574

668

622

594

Flexural

strength,

«„

(kN)

333

333

333

436

436

436

363

363

363
467

467

467

532

532

532

589

589

589

658

658

658

650

650

650

712

712

712

682

682

682

532

532

532

589

589

589

658

658

658

650

650

650

712

712

712

682

682

682

175

175

175

243

243
243

222

222

222

291

291

291

SSD

distance

based on

shear

(m)

16.39

17.00

17.41

16.39

16.99

17.39

15.02

15.46

15.75

15.05

15.48

• 15.77

15.67

16.29

16.70

14.65

15.39

15.91

13.73

14.11

14.35

13.06

13.54

13.86

13.73

14.11

14.35

13.06

13.54

13.86

16.57

17.32

17.83

15.37

16.24

16.86

14.54

15.00

15.30

13.76

14.33

14.72

13.83

14.21

14.46

13.15

13.64

13.96

22.17

23 08

23.70

22.03

22.89

23.47

19.64

20.22

20.59

19.59

20.15

20.51

SSD

distance

based on

flexure

(m)

11.19

11.19

11.19

9.62

9.62

9.62

10.67

10.67

10.67

9.21

9.21

9.21

9.08

9.08

9.08

8.44

8.44

8.44

7.77

7.77

7.77

7.84

7.84

7.84

7.36

7.36

7.36

7.61

7.61

7.61

9.68

9.68

9.68

9.00

9.00

9.00

8.27

8.27

8.27

8.35

8.35

8.35

7.83

7.83

7.83

8.10

8.10

8.10

16.76

16.76

16.76

14.75

14.75

14.75

15.06

15.06

15.06

13.48

. 13.48

13.48

SSD

(m)

16.39

17.00

17.41

16.39

16.99

17.39

15.02

15.46

15.75

15.05

15.48

15.77

15.67

16.29

16.70

14.65

15.39

15.91

13.73

14.11

14.35

13.06

13.54

13.86

13.73

14.11

14.35

13.06

13.54

13.86

16.57

17.32

17.83

15.37

16.24

16.86

14.54

15.00

15.30

13.76

14.33

14.72

13.83

14.21

14.46

13.15

13.64

13.96

22.17

23.08

23.70

22.03

22.89

23.47

19.64

20.22

20.59

19.59

20.15

20.51

Safe

Sealed

Distance

(m/kg"3)

1.64

1.70

1.74

1.64

1.70

1.74

1.50

1.55

1.57

1.51

1.55

1.58

1.57

1.63

1.67

1.47

1.54

1.59

1.37

1.41

1.44

1.31

1.35

1.39

1.37

1.41

1.44

. 1.31

1.35

1.39

1.66

1.73

1.78

1.54

1.62

1.69

1.45

1.50

1.53

1.38

1.43

1.47

1.38

1.42

1.45

1.32

1.36

1.40

2.22

2.31

2.37

2.20

2.29

2.35

1.96

2.02

2.06

1.96

2.01

2.05

Note: Rl indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces



250

Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column
ID

121

122

123

124

125

126

127

128

129

130

131

132

133

134

135

136

137

138

139

140

141

142

143

144

145

146

147

148

149

150

151

152

153

154

155

156

157

158

159

160

161

162

163

164

165

166

167

168

169

170

171

172

173

174

175

176

177

178

179

180

Column Dimensions

Breadth,
b

(mm)

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

Depth,
D

(mm)

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

Length, L

(m)

3

3

3

3

3

3

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

3

3

3

3

3

3

3

3

3

4

4

4

4

4

4

4

4

4

5

5

5

5

5

5

5

5

5

6

6

6

6

6

6

6

6

6

Main rebar details

Dlaof
rebars

(m)

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

No of
rebars

<m)

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

Rebars
arrangment

R1

R1

R1

R1"

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

R1

Spacing of
lateral ties

(mm)

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

Shear
strength.

(kN)

824

777

749

843

797

769

430

333

355

450

403

375

561

514

486

581

534

506

692

645

617

712

665

637

830

760

718

1224

1154

1112

1420

1350

1308

732

662

620

1027

957

915

1323

1252

1210

673

603

561

909

839

797

1145

1075

1033

634

563

521

830

760

718

1027

957

915

Flexural
strength,

«„

(kN)

242

242

242

311

311

311

175

175

175

243

243

243

222

222

222

291

291

291

242

242

242

311

311

311

416

416

416

522

522

522

567

567

567

416

416

416

522

522

522

567

567

567

416

416

416

522

522

522

567

567

567

416

416

416

522

522

522

567

567

567

SSD
distance
based on

shear

(m)

17.91

18.32

18.5S

1.7.91

18.31

18.57

23.19

24.24

24.96

23.00

23.99

24.67

20.92

21.64

22.11

20.83

21.52

21.97

19.29

19.82

20.16

19.26

19.77

20.10

19.22

19.89

20.33

16.55

16.93

17.18

15.63

15.94

16.13

20.33

21.13

21.68

17.84

18.33

18.65

16.1S

16.52

16.74

21.12

22.03

22.86

18.80

19.39

19.78

17.20

17.62

17.90

21.71

22.72

23.41

19.56

20.24

20.69

18.02

18.52

18.84

sso
distance
based on

flexure

(m)

14.53

14.53

14.53

13.07

13.07

13.07

17.96

17.96

17.96

15.79

15.79

15.79

16.12

16.12

16.12

14.42

14.42

14.42

15.56

15.56

15.56

13.98

13.98

13.98

12.78

12.78

12.78

11.31

11.31

11.31

10.85

10.85

10.85

13.68

13.68

13.68

12.09

12.09

12.09

11.59

11.59

11.59

14.41

14.41

14.41

12.72

12.72

12.72

12.20

12.20

12.20

15.04

15.04

15.04

13.27

13.27

13.27

12.72

12.72

12.72

SSD

(m)

17.91

18.32

18.58

17.91

18.31

18.57

23.19

24.24

24.96

23.00

23.99

24.67

20.92

21.64

22.11

20.83

21.52

21.97

19.29

19.82

20.16

19.26

19.77

20.10

19.22

19.89

20.33

16.55

16.93

17.18

15.63

15.94

16.13

20.33

21.13

21.68

17.84

18.33

18.65

16.18

16.52

16.74

21.12

22.03^

22.66

18.80

19.39

19.78

17.20

17.62

.17.90

21.71

22.72

23.41

19.56

20.24

20.69

18.02

18.52

18 84

Safe
Scaled

Distance

(m/kg1")

1.79

1.83

1.86

1.79

1.83

1.86

2.32

2.42

2.50

2.30

2.40

2.47

2.09

2.16

2.21

2.08

2.15

2.20

1.93

1.9S

2.02

1.93

1.98

2.01

1.92

1.99

2.03

1.65

1.69

1.72

1.56

1.59

1.61

2.03

2.11

2.17

1.78

1.83

1.87

1.62

1.65

1.67

2.11

2/20

2.27

1.88

1.94

1.98

1.72

1.76

1.79

2.17

2.27

2.34

1.96

2.02

2.07

1.80

1.85

1.88

Note: Rl indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column
10

181

182

183

184

185

186

187

188

189

190

191

192

193

194

195

196

197

198

199

200

201

202

203

204

205

206

207

208

209

210

211

212

213

214

215

216

217

218

219

220

221

222

223

224

225

226

227

228

229

230

231

232

233

234

235

236

237

238

239

240

Colun

Breadth,
b

(mm)

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

in Dlmeri

Depth,
O

(mm)

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

. 600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

isions

Length, L

(m)

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4
4

4

4

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

5

6

6

6

6

6 .

6

Main rebar details

Dlaof
rebars

(m)

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

No of
rebars

(m)

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

Rebars
arrangment

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

Spacing of
lateral ties

(mm)

150

200

250

150

200

250

150

200

250

150

200

250

150

200

260

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

Shear
strength.

(KN)

1263

1170

1113

1478

1337

1253

1893

1800

1743

2081

1940

1856

1893

1800

1743

2081

1940

1856

1088

995

938

1303

1162

1078

1613

1520

1463

1828

1687

1603

1893

1800

1743

2081

1940

1856

983

890

834

1198

1057

973

1403

1310

1253

1618

1477

1393

1823

1730

1673

2038

1897

1813

913

820

764

1128

987

903

Fleniral
strength,

l».

(kN)

623

623

623

939

939

939

809

809

809

1022

1022

1022

890

890

890

1067

1067

1067

623

623

623

939

939

939

809

809

809

1022

1022

1022

890

890

890

1067

1067

1067

623

623

623

939

939

939

809

809

809

1022

1022

1022

890

890

890

1067

1067

1067

623

623

623

939

939

939

SSD
distance
based on

shear

(m)

17.14

17.66

18.00

16.23

16.87

17.30

14.66

14.95

15.14

14.23

14.62

14.87

14.66

14.95

15.14

14.23

14.62

14.87

18.29

18.93

19.36

17.17

17.94

18.47

15.71

16.08

16.31

15.06

15.54

15.85

14.77

15.06

15.25

14.33

14.72

14.98

19.12

19.88

20.38

17.83

18.71

19.32

16.67

17.12

17.41

15.88

16.45

16.82

15.07

15.38

15.58

14.53

14.93

15.20

19.77

20.61

21.18

18.33

19.30

19.98

SSD
distance
based on
flexure

(m)

11.40

11.40

11.40

9.16

9.16

9.16

9.80

9.80

9.80

8.66

8.66

8.66

9.32

9.32

9.32

8.44

8.44

8.44

12.19

12.19

12.19

9.77

9.77

9.77

10.47

10.47

10.47

9.23

9.23

9.23

9.95

9.95

.9.95

9.00 .

9.00

9.00

12.84

12.84

12.84

10.28

10.28

10.28

11.01

11.01

11.01

9.70

9.70

9.70

10.46

10.46

10.46

9.46

9.46

9.46

13.40

13.40

13.40

10.71

10.71

10.71

SSD

(m)

17.14

17.66

18.00

16.23

16.87

17.30

14.66

14.95

15.14

14.23

14.62

14.87

14.66

14.95

15.14

14.23

14.62

14.87

18.29

18.93

19.36

17.17

17.94

18.47

15.71

16.08

16.31

15.06

15.54

15.85

14.77

15.06

15.25

14.33

14.72

14.98

19.12

19.88

20.38

17.83

18.71

19.32

16.67

17.12

17.41

15.88

16.45

16.82

15.07

15.38

15.58

14.53

14.93

15.20

19.77

20.61

21.18

18.33

19.30

19.98

Safe
Scaled

Distance

<m/kg1n)

1.71

1.77

1.80

1.62

1.69

1.73

1.47

1.50

1.51

1.42

1.46

1.49

1.47

1.50

1.51

1.42

1.46

1.49

1.83

1.89

1.94

1.72

1.79

1.85

1.57

1.61

1.63

1.51

1.55

1.58

1.48

1.51

1.52

1.43

1.47

1.50

1.91

1.99

2.04

1.78

1.87

1.93

1.67

1.71

1.74

1.59

1.64

1.68

1.51

1.54

1.56

1.45

1.49

1.52

1.98

2.06

2.12

1.83

1.93

2.00

Note: Rl indicates the arrangement of reinforcement, placed On two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column
ID

241

242

243

244

245

246

247

248

249

250

251

252

253

254

255

256

257

258

259

260

261

262

263

264

265

266

267

268

269

270

271

272

273

274

275

276

277

278

279

280

281

282

263

284

265

286

287

288

289

290

291

292

293

294

295

296

297

298

299

300

Column Dlmem

Breadth,
b

(mm)

450

450

450

450

450

450

450

450

450

450

450

450

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600 .

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

Depth,
D

(mm)

600

600

600

600

600

600

600

600

600

600

600

600

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

300

450

450

450

450

450

450

450

450

450

450

450

460

iioris

Length, L

(m)

6

6

6

6

6

6

6

6

6

6

6

6

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

3

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

3

3

3

3

3

3

3

3

3

3

3

3

Mi

Dlaof
rebars

(m)

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

25

25

25

32

32

32

32

32

32

32

32

32

32

32

32

iln rebar details

No of
rebars

(m)

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

Rebars
arrangment

R1

R1

R1-

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

Spacing of
lateral ties

(mm)

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

Shear
strength,

V,

(kN)

1263

1170

1113

1478

1337

1253

1613

1520

1463

1828

1687

1603

580

533

505

669

598

556

813

766

738

902

832

790

1046

999

971

1135

"° 1065

1023

521

474

446

610

540

498

696

649

621

785

715

673

871

824

796

960

890

S48

995

924

682

1162

1057

994

1520

1449

1407

1687

1562

1519

Flexural
strength,

(kN)

809

809

809

1022

1022

1022

890

890

890

1067

1067

1067

266

266

266

295

295

295

329

329

329

325

325

325

356

356

356

341

341

341

266

266

266

295

295

295

329

329

329

325

325

325

356

356

356

341

341

341

468

468

468

704

704

704

607

607

607

766

766

766

SSD
distance
based on

shear

(m)

17.44

17.97

18.31

16.52

17.17

17.60

15.87

16.24

16.48

15.22

15.69

16.01

23.58

24.36

24.88

22.28

23.26

23.92

20.70

21.17

21.48

19.85

20.48

20.90

18.77

19.11

19.32

18.16

18.62

18.91

24.74

25.66

26.27

23.25

24.37

25.15

22.13

22.73

23.12

21.09

21.87

22.39

20.29

20.73

21.01

19.52

20.10

20.48

20.46

21.04

21.43

19.38

20.11

20.59

17.37

17.69

17.89

16.79

17.21

17.48

SSD
distance
based on

flexure

(m)

11.48

11.48

11.48

10.10

10.10

10.10

10.90

10.90

10.90

9.85

9.85

9.85

16.68

16.68

16.68

15.96

15.96

15.96

15.19

15.19

15.19

15.27

15.27

15.27

14.72

14.72

14.72

15.00

15.00

15.00

17.88

17.88

17.88

17.10

17.10

17.10

16.26

16.26

16.26

16.35

16.35

16.35

15.76

15.76

15.76

16.06

16.06

16.06

14.45

14.45

14.45

12.07

12.07

12.07

12.76

12.76

12.76

11.54

11.54

11.54

SSD

(m)

17.44

17.97

18.31 .

16.52

17.17

17.60

15.87

16.24

16.48

15.22

15.69

16.01

23.58

24.36

24.88

22.26

23.26

23.92

20.70

21.17

21.48

19.85

20.48

20.90

18.77

19.11

19.32

18.16

18.62

18.91

24.74

25.66

26.27

23.25

24.37

25.15

22.13

22.73

23.12

21.09

21.87

22.39

20.29

20.73

21.01

19.52

20.10

20.48

20.46

21.04

21.43

19.38

20.11

20.59

17.37

17.69

17.89

16.79

17.21

17.48

Safe
Scaled

Distance

(m/kfl"1)

1.74

1.80

1.83

• 1.65

1.72

1.76

1.59

1.62

1.65

1.52

1.57

1.60

2.36

2.44

2.49

2.23

2.33

2.39

2.07

2.12

2.15

1.99

2.05

2.09

1.88

1.91

1.93

1.82

1.86

1.89

2.47

2.57

2.63

2.32

2.44

2.51

2.21

2.27

2.31

2.11

2.19

2.24

2.03

2.07

2.10

1.95

2.01

2.05

2.05

2.10

2.14

1.94

2.01

2.06

1.74

1.77

1.79

1.68

1.72

1.75

Note: Rl indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column
ID

301

302

303

304

305

308

307

308

309

310

311

312

313

314

315

316

317

318

319

320

321

322

323

324

325

326

327

328

329

330

331

332

333

334

335

336

337

338

339

340

341

342

343

i344

345

346

347

348

349

350

Column Dimensions

Breadth,
b

(mm)

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

Depth,
O

(mm)

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

450

Length, L

(m)

3

3

3

3

3

3

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

4

5

5

5

5 .

5

5

5

5

5

5

5

5

5

- 5

5

5

5

5

6

6

6

6

6

6

6

6

Dlaof
rebars

(m)

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

Main rebar details

No of
rebars

(m)

4

4

4

8

8

8 .

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

4

8

8

8

4

4

Rebars
arrangment

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R1

R1

Spacing of
lateral ties

(mm)

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

Shear
strength,

Vu

(kN)

1800

1729

1687

1940

1835

1772

863

793

751

1031

926

863

1257

1187

1145

1425

1320

1256

1651

1561

1538

1819

1713

1650

785

715

672

953

847

784

1100

1029

987

1267

1162

1099

1415

1344

1302

1582

1477

1414

732

662

620

900

795

731

995

924

Flexilral
strength,

«„

(kN)

667

667

667

801

801

801

468

468

468

704

704

704

607

607

607

766

766

766

667

667

667

801

801

801

468

468

468

704

704

704

607

607

607

766

766

766

667

667

667

801

801

801

468

468

468

704

704

704

607

607

SSD
distance
based on

shear

(m)

16.27

16.52

16.68

15.91

16.25

16.47

21.76

22.49

22.96

20.45

21.32

21.90

18.82

19.25

19.52

18.05

18.59

18.95

16.95

17.23

17.41

16.43

16.81

17.05

22.71

23.54

24.10

21.20

22.18

22.86

19.93

20.45

20.78

18.99

19.63

20.06

18.09

18.45

18.67

17.43

17.90

18.20

23.43

24.36

24.98

21.77

22.84

23.58

20.81

21.41

SSD
distance
based on
flexure

(m)

12.25

12.25

12.25

11.32

11.32

11.32

15.47

15.47

15.47

12.91

12.91

12.91

13.65

13.65

13.65

12.34

12.34

12.34

13.10

13.10

13.10

12.10

12.10

12.10

16.32

16.32

16.32

13.61

13.61

13.61

14.39

14.39

14.39

12.99

12.99

12.99

13.80

13.80

13.80

12.74

12.74

12.74

17.05

17.05

17.05

14.20

14.20

14.20

15.02

15.02

SSD

(m)

16.27

16.52

16.68

15.91

16.25

16.47

21.76

22.49

22.96

20.45

21.32

21.90

18.82

19.25

19.52

18.05

18.59

18.95

16.95

17.23

17.41

16.43

16.81

17.05

22.71

23.54

24.10

21.20

22.18

22.86

19.93

20.45

20.78

18.99

19.63

20.06

18.09

18.45

18.67

17.43

17.90

18.20

23.43

24.36

24.98

21.77'

22.84

23.58

20.81

21.41

Safe
Scaled

Distance

(m/kg"5)

1.63

1.65

1.67

1.59

1.63

1.65

2.18

2.25

2.30

2.04

2.13

2.19

1.88

1.92

1.95

1 80

1.86

1.89

1.69

1.72

1.74

1.64

1.68

1.71

2.27

2.35

2.41

2.12

2.22

2.29

1.99

2.04

2.08

1.90

.' 1.96

2.01

1.81

1.84

1.87

1.74

1.79

1.82

2.34

2.44

2.50

2.18

2.28

2 36

2.08

2.14

Note: Rl indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces



Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column
ID

351

352

353
354

355

356

357

358

359

360

361

362

363

364

365

366

367

366

369

370

371

372

373

374

375

376

377

378

379

380

381

382

383

384

385

386

387

388

389

390

391

392

393

394

395

396

Colun

Breadth,
b

(mm)

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600*

600

600

600

600,

600

600

600

600

600

600

600

600

in Dimensions

Depth,
•

(mm)

450

450

450

450

450

450

450

450

450

450

600

600

600

600

600

600

600

600

600

600

600
600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

600

Length, L

(m)

6

6

6

6

6

6

6

6

6

6'

3

3

3

3

3

3

3

3

3

4

4
4

4

4

4

4

4

4

5

5

5

5

5

5

5

5

5

6

6

6

6

6

6

6

6

6

Main rebar details

•la of
rebars

(m)

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

32

No of
rebars

(m)

4

8

8

a
4

4
4

8

8

8

8

8

8

8

a
a
a
a
a
a
a
8

a
a
a
a
8

8

8

8

8

8

8
8

8

a
8

a
a
8

8

8

8

8

8

8

Rebars
arrangment

R1

R2

R2

R2

R1

R1

R1

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

R2

' Spacing of
lateral ties

(mm)

250

150
200

250

"150
200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250
150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

150

200

250

Shear
strength,

V.

(kN)

882

1162

1057

994

1257

1187

1145

1425

1320

1256

1757

1616

1532

2587

2446

2362

2587

2446

2362

1524

1383

1299

2223

2083

1999

2587

2446

2362

1384

1243

1159

1943

1803

1719

2503

2363

2279

1290

1150

1066

1757

1616

1532

2223

2083

1999

Flexural

strength]

(kN)

607

766

766

766
667

667

667

801

' 801

801

1033

1033

1033

1178

1178

1178

1246

1246

1246

1033

1033

1033

1178

1178

1178

1246

1246

1246

1033

1033

1033

1178

1178

1178

1246

1246

1246

1033

1033

1033

1178

1178

1178

1246

1246

1246

SSD
distance
based on
shear

(m)

21.80

19.72

20.46

20.95

19.02

19.44

19.72

18.23

18.78

19.14

17.32

17.89

18.26

14.92

15.24

15.45

14.92

15.24

15.45

18.43

19.13

19.60
15.93

16.33

16.60

15.02

15.35

15.56

19.24

20.05

20.60

16.87

17.37

17.69

15.30

15.65
15.87

19.65

20.76

21.37

17.62
18.20

18.58

16.09

16.50

16.77

SSD

distance

based on

flexure

<">)

15.02

13.55

13.55

13.55

14.40

14.40

14.40

13.29

13.29

13.29

10.87

10.87

10.87

10.08

10.08

10.08

9.81
9.81

9.81

11.62

11.62

11.62

10.77

10.77

10.77

10.48

10.48

10.48

12.23

12.23

12.23

11.34

11.34

1134

11.03

11.03

11.03

12.76

12.76

12.76

11.82
11.82

11.82

11.50

11.50

11.50

SSD

(m)

21.80

19.72

20.46

20.95

19.02

19.44

19.72

18.23

18.78

19.14

17.32

17.89

18.26

14.92

15.24

15.45

14.92

15.24

15.45

18.43

19.13

19.60

15.93

16.33

16.60.

15.02

15.35

15.56

19.24

20.05

20.60

16.87

17.37

17.69

15.30

15.65

15.87

19.85

20.76

21.37

17.62
18.20

18.58

16.09

16.50

16.77

Safe
Scaled
Distance

(m/kg113)

2.18

1.97

2.05

2.10

1.90

1.94

1.97

1.82

1.86

1.91
1.73

1.79

1.83

1.49

1.52

1.54

1.49

1.52

1.54

1.84

1.91
1.96

1.59

1.63

1.66

1.50

1.54

1.56

1.92

2.00

2.06

1.69

1.74

1.77

1.53

1.56

1.59

1.99

2.08

2.14

1.76
1.82

1.86

1.61
1.65

1.68

Note: Rl indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces


