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ABSTRACT

To avoid disproportionate collapses in steel framed buildings the British standards provide the
tying force method. This work investigates the reliability of this method for redistributihg loads
| away from damaged columns and the results indicate that the factor of safety against collapse is
less than 0.2 if low ductility nominally pinned connections are used. This is shown to be as a
result of industry standard nominally pinned joints possessing the ductility required to redistribute
column loads using catenary action. A simple method has been used to estimate this factor of
safety; it is unlikely that a more complex analysis would change the overall conclusion. This work -
then move on to estimate the likelihood of column fracture due to blast loading from high
explosives. The column response to this loading is then analysed using both single degree of
freedom (SDOF) and multi-degree of freedom solutions to the equations of motion. Response
charfs were developed considering both systems and then compared. The deflection and bending
moment obtained using SDOF system are comparable with those from MDOF models. However,
the SDOF system is shown to sig11iﬁcan§ly underestimate shear force when the ratio of the
duration of blast load to the natural vibration period is less than 0.1 (T/7,<0.1). It is concluded
that the design shear force should be increased by 50% if SDOF system predictions of behaviour
are used. A method for simplifying the blast loading on columns with clearing is developed. The
method provides a simplification of the complex blast load profile in case of clearing whereby the
same reflected pressure is adopted but the time duration load is adjusted to give an equivhalent
impulse. The simplification is assessed using a parametric study which showed that the results
provide a conservatism of less than 10%. This technique for estimating column response to blast
loading is compared against the real life behaviour as observed from the forensic investigation of
the Murrah Building. The blast analysis predicts two columns to fail in shear and an existing
method presented by McVay predicts a third column failure in brisance. This failure modes
’ corréspond to those found in the forensic investigétion. The Murrah building was sub,sequenﬂy
reahalysed by replacing the transfer girders with a conventional beam column arrangerrient and
the blast analysis suggests that a substantial progressive failure would still have occurred because
of widespread column shear and brisance failures. Thus is was concluded that even if the Murrah
Building had been as per GSA guidelines for federal buildings which were revised following the
Murrah event, it could not have survived. Subsequently, the methodology to. estimate the safe
stand off distance for a particular RC column and a charge weight is proposed and the design
charts are prepared through nonlinear regression analysis. The safe scaled distance of 2.0 m/kg"”
is estimated for the Murrah Building. The recommendation suggested by US DoD (4.46 m/kg"?)

is much higher than the actual value.
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Chapter 1

Introduction

1.1. Introduction

In recent years commercial and government office bu’ildings have an increased risk
of experiencing abnormal loads from blast or impact. Large amount of explosives
can be exploded at close range, sometimes with the use of suicide bombers. As a
result the building can be subjected to huge pressures, which leads to the possible
failure of one or more primary load bearing elements. The Toss of the elements can
cause either major structural insta;b.ility and/or over load the adjacent members,
resulting in a chain reaction of failure of building members to an extent
disproportionate to the ofiginél localized damage. This is called as disproportionate
collapse. Unlike other abnormal .loads, such as earthquake loads which can lead to
the global failure of the building, the blast load causes localized damage as the blast

pressure attenuates with the cube root of the distance.

This chapter reviews some relevant historical cases studies of disproportionate
collapses and moves on to introduce the main design methods available to mitigate -

the effects of localised damage. Finally, the aims and objectives of this dissertation

are presented.

1.2. Disproportionate collapse

In the UK high-rise steel framed buildings are designe.d, with low-cost simple
joints such as fin plate, flexible end plate and double angle web cleat connections, as
the country is subjected to neither extreme wind loads nor seismic activity. However,

these structures can be relatively fragile, compared with those designed to survive-
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exfreme loads such -as typhoons and earthquakes. This fragility waé famously 7
demonstrated at Ronan Point, when a domestic gas explosion knocked out load
bearing pre-cé’st concrete panels near the corner of the 18™ floor of the tower block,
leading to the now famous collapse. During the subsequent forensic investigation it
| ~was estimated that the peak over pressure from the gas éxplosion was 34kN/m> and
this led to the requirement for all members key to. stability to resist this statically
applied load. The post Ronan Point revision to the Building Regulations also
required all floor members to be .effectively tied together in order to enhance
robustness. In practice this means providing beam connections with a tensile strength
at least equal to the design shear strength — a method known as the tie force method
- for ensuring robustness. ,

The Murrah Federal Office Building in Oklahoma City was damaged By a
bomb in April 1995. In this incideﬁt the direct blast pressure destroyed one column
by brisance and another two by shear. The loss of these three columns led to a
collapse that consumed %: of the floor area of this nine storey building. This
apparently strong building typifies modern office developments, in that it was glazed
and used open plan-architecture. Although it was correctly designed to the code
requirements of that time it was unable to redistribute the column loads. Lacking the
strong internal partition walls or cladding, the building had no emergency means for

redistributing loads.

More recently were the attacks on the World Trade Centre. Both towers
remained globally stable immediately after the impacts, despite the sevefihg of up to
36 perimeter columns in the face of each tower. The towers were highly redundant,
comprising a rigid perimeter frame and a gravity load bearing central core, together
with a system of deep outrigger (hat) trusses installed between the 106™ and 110%™
floors. The gravity loads from the damaged perimeter columns were partially
transferred to adjacent undamaged columns via vierendeel action, see Fig. 1.1. In
addition, perimeter columns were aléo believed to have become suspended from
these outrigger trusses. Fire damage eventually led to the complete collapse of both

towers.
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1.3. Design methodologies

The risk of progressﬁ/e collapse can be reduced in three ways: the safe ‘stand off
distance approach, indirect design, and direct design.' In safe stand off distance
approach, the structure is designed to resist a give'n threat for a given stand off
distance. In case of indirect design, the load, carried by the removed load bearing
elements' are redistributed through the structure ithrough minimum | strength,
continuity and ductility. In direct désign, the safety of the building is ensured by two
methods: the specific local resistance method and the alternate load path method.
The alternate load paths could be achieved for example through: arching, beam and
catenary actions in the frame system and out-trigger trusses installed in higher floors.
During arching .acti'on, the accidental load from the removed column is
transferred to the adjacent columns through compression struts which may b-e formed
in the beam webs either side of the damaged column; see Fig. 1.2(a). Such a
mechanism is possible but only for very short span beams. In the case of infilled
steel frames, load can be ‘transferred by a compression strut formed in the masonry
inﬁlll as shown in Fig. 1.2(b). This approach .is restricted by US practise (DoD;
2005), because if the inﬁll walls do not fully connect the frame members, diagohal
compression strut action will not develop. Furthermore, the debris created by these
infilled walls can endénger lives, for example in the Oklahoma City bombing several
persons lost their lives after being stfuck by structural debris generated by infill walls
of a concrete frame building in the Water Resources Building across the street from
the Murrah building (FEMA 427, 2003). US practice recommends double span beam
action in which the load is transferred through bending as shown in Fig. 1.2(c). It
also suggests an accidental load of dead load plus 25% of imposed load, with a
dynamic amplification factor of 2 (GSA, 2003). This method can be ekpensive as
full moment joints are required.
The catenary action mechanism upon Which“the tying méthod relies (indirect design) -
is illustrated in Fig. 1.2(d). This method was introduced into the UK regulations after
the Ronan Point collapsé and it has subsequent'lyvbéen incorporated in a modified
form into the Eurdcdde_s. In this approach, all ﬂéor members are required to be
effectively tied together. The tying force approach assumes the accidental load, at the
time of damage, is equal to 1/3 of the impoéed'load plus 1.05 of the dead load.
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When sﬁpport to a column is removed, adjacent beams on either s‘ide'support the

accidental load through catenary action.

“In case of the removal of internal columns, the force equilibrium can be maintained
by the radial tensile and compressive forces, created as a result of the dishing action,

and compressive hoop stress as shown in Fig 1.2(¢).
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Fig. 1. 1 Example of an alternative load path route in WTC1
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(c) Double span beam action

N R O IR 0 2 2 2 2

(d) Catenary action

(e) Diaphragm action

Fig. 1.2 Mechdnisni of transferring the accidental load

1.4. Obsewatiohs of the behaviour of damaged structures

During WWII, the general purpose bombs, typically weighing between 50 and 250
kg were dropped on London (weights inclusive of shell casing). These charge sizes
are smaller thén those often by terrorist organisation with the ‘vehicle borne
improvised explosive device. Such device can deliver a charge equivalent ranging

from 100 kg up to over 2000 kg of TNT using home made explosives. Despite this,

" the behaviour of multi-storey buildings subjected to blast during that time is of
interest because such a large number of events were documented and available for
inspection in archives such as the Wailey Collection, which is housed in the archive

section of the Institution of Civil Engineers Library.
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‘t" Unsupported columns <~ _,

-

*.—

Fig. 1. 4 Building illustrating the failure of catenary action in resisting the load
following a bomb attack together with column ductility and connection failure,
(Gibbons, 2003)

Unsdbparted columns

Fig. 1. 5 Bracing from panel walling (Baker, 1948)
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The behaviour of building shown in Fig. 1.4 seems to indicate tying mechanism in
which the accidental load is transferred through catenary action, but the inspection of
records has not revealed any possibility of catenary action as the fracture can be seen
“at the joint. However, the bollapé_e was prevented by massive deformation of the-
column. Another interesting response of the building during that time is shown in
Fig. 1.3 (Baker, 1948), in which an entire perimeter wall remains apparently
unsupported due to the unseating of the main girder. Another good example of the
behaviour of buildings. is shown in Fig. 1.5 (Baker, 1948). This shows a 10 storey
building which seems to have no difficulty in redistributing loads from two damaged

corner columns.

Progressive collapsé in these buildings was prevented by the shear strength of the 4%,
inch and 9 inch thick masonry walling and cladding. Investigators concluded that
these panels were primarJin responsible for preventing progr_es_sivé collapses during
that time, V_J .F. Baker (1948). Importantly, glass cladding modern 6fﬁce buildings
lack these alternative load paths, and it is perhaps for this reason that the Murrah
Building collapsed with the loss of 168 lives. This apparently strong building typifies
modern office developments in that it was glazed and used open plan architecture.
Although it was correctly désigned to the requirements of that time, it lacked strong
internal partition walls and it was fully glazed along the front facé. Unlike the WWII
buildings described, it possessed no emergency means for redistributing loads and
lost half of the floor area _of the building following damage to three perimeter

columns.

Many buildings in ‘the UK lack both of these emergency load paths. Vierendeel
action cannot be expected to play a significant stabilising role because beam-column
connections are usually nominally pinned, with the low cost fin-plate connection
proving particularly popular. Outrigger trusses are also not incorporated and market
considerations in office buildings require that the number of columns be kept to a
minimum. In these conditions heavy reliance is pléced on catenary action to support

widely spaced columns.
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1.5. Aim, objective and scope of this réséarch

Aim:
1. To study the feasibility of tying approach in the preventive design of steel

frame building against disproportionate collapse.

2. To develop response charts for a column, subjected to blast ’ldad, based on
single degree of freedom (SDOF) and multi dégree of freedom (MDOF)
systems and exploré the exactness of the SDOF system response, aé the
higher modes significantly contribute in the shear response (because of the

short duration of blast load).

3. To estimate blast load oh the column and carry out the case study on the

Murrah building incidents, considering with and without transfer girder.

4. To develop design charts for preventive design of RC framed building

~ against blast using a safe stand off distance approach.

In this research, multi-storey commercial or office buildings with glass cladding and
open plan architect are considered. This form of building is considered because
alternative load paths from masonry walls and or cladding are not évailable. '
. Therefore emergency load paths in the frame must be utilised to prevent collapse of
the floor area previously supported by the damaged column. This form of building is
therefore relatively simple to assess the vulnerability to progressive collapse. As the
blast load causes localised darﬁage, the blast damage analysis is carried out on an
idealized colunﬁn which is either pinned at both ends, or fixed at both ends, or pihned

-at one end and fixed at other end.

Objective:
These aims are achieved through the following bbj ectives.

1. Review previous progressive collapses and methods of mitigating such .

events. : " [Chapter 2]
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A review of previous research includes the case studies on the collapses of
Ronan Point, the Murrah_Building and the Khobar Towers, the blast loading
and the available codal recommendations to mitigate disproportionate -
collapse. In addition to this, a feview of the behaviour of RC and steel

structures, éspeciélly after the removal of column support is included.

. Examination of the capability of the tying force method to prevent
progressive collapse following loss of column support for steel framed .

buildings with simple connections _ E [Chapter 3]

A rﬁethodology is proposed to determine the factor of safety against
dispropoﬁionate collapse, considering load redistribution from a damaged
column through catenary action. Using this method, the safety of steel framed
builoings with fin plate, double angle web cleat and ﬂvexib.le end plate
connections are examined against disproportionate collapse.

Single and multi-degree of freedom dynamic analysis of columns subjected

to blast loads- - . [Chapter 4]

A dynamic analysis for an idealized column is discussed considering both
systems: an equivalent lumped mass single degree of freedom system and a
distributed mass continuous system. The results obtained from'both systems.
are compared and contrasted. Finally, the response charts are developed to
obtain the deﬂectionv, shear force and bending moment coefficients for an

idealized column.

. Estimation of blast loads on columns [Chapter 5]

A method is proposed to calculate the blast lood on a column. Using this
method, a case study of the Murrah building incident is carried out to
examine the method as well as to understand the behaviour of building

subjected to blast.

. Development of a method for estimating the safe stand off distance for

reinforced concrete columns _ [Chapter 6]
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A method is proposed to obtain the safe stand off distance for a particular RC
column and a charge weight. Design charts are devéloped for an idealised RC

‘column to obtain the safe stand off distance for a given charge weight.




Chapter 2

Literature Review

2.1 Introduction

Structural behaviour under the blast loading is complex as the duration of the loading
very short, often much shorter even than the natural period of vibration of the
member. In the analysis, dynamic effects, material and geometric nonlinearities and
instability need to bé considered. Several analysis methods are developed to predict
the potential against progressive collapse. The issues related to these analyses are -
discussed in this chapter. In addition, the protective design methods, mentioned in
chapter 1, for steel and reinforced concrete structures are reviewed and presented in

this chapter.

2.2 Case studies -

New York’s World Trade. Centre (WTC) collapsed 0;1 September 11, 2001 and
subsequently the Pentagon building was attacked on the same 'day. In these attacks
almost 3,000 people were killed. The US embassy bombings in Tanzania and Kenya-
on August 7, 1998 killed 225 people. Prior to this, the Murrah Building collapsed
following the Okalahoma City bombing in April 19, 1995 killed 168 people.
~ Numerous investigations have been conducfed and severall interesting findings were
reported after these attacks. In order to avoid these catastrophes in the future, it is
important to study and learn from these events. Such attacks remind structural
engineers of the importance of providing a minimum level of structural robustﬁess to
buildings for minimizing the number and /the severity of Cauéalities. Previous studies
reveal that collapse can be lessened or be avoided by incorporating redundancy into
frames that can provide multiple load paths and help transfer the loads away from

‘damaged columns.

11
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2.2.1 Ronan Point (Pugsley, 1968)

The 22 storey Ronan Point flats collapsed in progressive manner in 1968 due to the
natural gas explosion in the 18" floor (Fig. 2.1). This explosion knocked out the
corner walls of the apartment. As there was no structural support for the walls
directly above, the floor 19 collapsed, then floor 20 and so on, propagating upward.
The main reason for the collapse was that the walls were not tied sufficiently
together and reinforced. The above floors fell onto level 18 with sudden-impact
causing the collapse progressively from floor 18 to the ground. The Ronan Point

Collapse led directly to the current regulations for robustness namely the tying force

method and specific resistance design for the load of 34 kN/m?.
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Fig. 2. 1 Ronan Point collapse

2.2.2 The Murrah Building (FEMA-227, 1996)

The nine storey Murrah building was designed as an ordinary moment frame. Its
overall dimensions were approximately 67 m in the east-west direction and 30.5 m in

the north-south direction. The building consisted of ten 6.1 m bays in the east-west
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direction, two 10.7 m bays in the north-south direction. Transfer girders were
introduced along column line G at the third floor to enhance aesthetic and to
facilitate ground floor more access (see Fig. 2.2). This girder supported intermediate
columns, thereby providing 12.2 m column spacing at the ground floor. The typical
floor-to-floor height was 3.96 m for the third through eight floors. There was a
massive explosion in front of the building. From the produced crater size, soil
condition and the carrier vehicle, the bomb size was estimated and it was equivalent
to 1800 kg of TNT. The centre of the explosives was 1.4 m above the ground surface

and located about 2.1 m east and 4.3 m north of column G20 (Fig. 2.3) (Mlakar,
1998).
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Fig. 2. 3 Location of bomb and dimensions of crater (Mlakar, 1998)
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In the incident one column was destroyed by brisance and another two by shear,
however because of the use of transfer girders this cause removal of support to a
further 4 perimeter columns, see Fig. 2.4. It is interesting to note that even if the
building were designed as per GSA guidelines, it would have been unlikely to
survive in tact because GSA require the removal of only one column on either the
short or long direction in the analysis for progressive collapse (Mlakar, 1998). The

behaviour of this building is considered in more detail in Chapter 5.

Fig. 2. 4 The Murrah Building after collapsed (FEMA 427, 2003)

2.2.3 The Khobar Towers

Khobar Towers was a housing complex built in the Saudi Arabia in 1979 near the
city of Dahran. This was essentially unoccupied until the first Gulf War in 1990.
During and following the war the coalition forces occupied the Towers which
comprised of a living quarters (high-rise apartments up to eight stories tall), office
space and administrative facilities. The perimeter of the US, French, and British area

was surrounded by a fence and a row of Jersey Barriers, Fig. 2.5. There is a parking
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lot outside the northern perimeter which is adjacent to a park and a small group of
houses. A terrorist truck bomb exploded outside the northern perimeter of Khobar

Towers on June 25, 1996.

1070 mm
42%)

255 mm
(10%)

i

820 mm
(52%)

Fig. 2. 5 Typical Jersey barrier

The Defence Special Weapons Agency concluded that the truck bomb exploded with
the force close to 9,000 kg (20,000 pounds) of TNT (House Armed Services
Committee, 1996). There is no information publically available about the type of
explosive used. The effect of an air burst was more dangerous because of the truck
used formed a crude form of shape charge and the high clearance between the
ground and the truck (Grant, 1998). Stand off distance of this blast was 32 m (105
feet) as shown in Fig. 2.6 (Grant, 1998).

Fig. 2. 6 Truck bomb exploded on Khobar Towers (Grant, 1998)
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!T“?‘fi" i 5 .. ’ A - A;“'~._ '*.-
(b) North face of the building

(a) Crater resulting fr the ob

Fig. 2. 7 Khobar Tower after the blast (House Armed Services Committee, 1996)

Nineteen American service personnel were killed and more than 200 were injured
along with hundreds of Saudi citizens and Third Country Nationals that were
injured, although arguably the casualties were light given the scale of the attack. The
blast blew out windows throughout the compound and created a crater of 26 m (85
feet) wide and 10.6 m (35 feet ) deep (Fig. 2.7.a). As the blast waves hit building
131, they propelled pieces of the Jersey Barrier into the first four floors. The outer
walls of the bottom floors were blown into rooms. As there was no structural support
below, the facades of the top three floors sheared off as shown in Fig. 2.7.b and fell
into a pile of rubble (House Armed Services Committee, 1996). The sequence of the

damage in the building is shown in Fig. 2.8.
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(a) (b) (c)

Fig. 2. 8 Sequence of damages in the Khobar Towers (a) Truck bomb explodes
near to the northern face, (b) Jersey walls propell in to the first four floors of facade,

(c) top three floors of fagade are sheared off

FEMA - 427 (2003) states the reasons for the survival of buildings that ‘The building
was an all-precast, reinforced concrete structure with robust connections between the
slabs and walls. The numerous lines of vertical support along with the ample lateral
stability provided by the “egg crate” configuration of the structural system prevented
collapse’. In other words, the building survived because of the closely spaced walls
that provided ample alternate load paths, and the precast panels which reduced the
prorogation of blast and high velocity fragmentation and reduced the loads
transmitted onto connections. The building was designed to BS8110 and the
minimum tying force provided is believed to have helped contribute to the

robustness as it kept the precast units tied together maintaining structural integrity

2.3 Codes and standards
2.3.1 United Kingdom

The Building Regulations (2004) classify buildings into 4 categories (1, 2A, 2B and
3), see Fig. 2.9. Class 1 structures are expected to have a low risk of experiencing

severe blast or impact, therefore additional measures are not required to avoid
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' disprbportionate collapse. Class 2A, 2B and 3 structures need to be designed to
prevent such a collapse. In class 2A, beams and their connections are designed as
horizontal ties and anchorage of floors to Walls must be ensured. Similarly, beams

~ and their connections of Class 2B structures are designed as horizontal ties (Fig
2;10) and one of the following désigns is carried out: (i) columns and their splices

are designed as vertical ties, (ii) alternate load paths are ensured by considering the
removal of columns, (iii) load bearing members; key to stability are designed as key
elements. Class 3 structures are designed considering all the design issue.s given in
Class 2B. In addition to this, a risk assessment on the structure needs to be

undertaken for normal and abnormal hazards.

BS5950 suggest three ways to avoid disprdportionéte collapse: wunimum  tving
Jorces, designing as fey elements or localizing the damage. The tying approach
suggests the tying capacity of the connection to be at least equal to the ULS sheaf
force (i.e. using 1.4 dead + 1.6 irhposed) or 75 kN which ever is less. It is very
simple to adopt in practice and most of the industrial connections meet this
~ requirement without any problem. It assumes that the load at the time of damage is
equal to dead load plus 1/3™ of imposed load. This assumption allows columns to
redistribute the load from the removed column comfortably, as the design shear force
is higher than that of accidental load. The provision did not have any scientific base
(Menzies and Nethercot; 199‘8). To transfer the acéidental- load, the beam-column
joints need to have sufficient rotation ductility. This approach is salient about the
requirements for the joint ductility and does not consider the dynamic effect due to

sudden removal. of column.
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Fig. 2. 9 Classification of buildings adopted in UK (Building Regulations, 2000)
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If the building frames are unable to satisfy the aBove provision, BS 5950 clause
2.4.5.3 recommends not more than. 15% of the floor or roof area or 70 m? (100 m*in
EN 1991-1-7) whichever is less at the relevant level and at one immediately
adjoining floor or roof level, either above or below it. However, even if the.comex; .
bay satisfies the requirements for tying force method, it will certainly fail because of
no alternate load path. In this situation, this clause allows the limited and localised
damage. If the area at risk of collapse exceeds the above limits due to removal of
support to a column or to an element of a system, that column or element should be
designed as key elements for the accidental load of 34 KN/m? specified in BS 6399-1
(cl@usé 12). The Value of 34kN/m” was adopted with reference to the pressure of gas
explosion which led to failure of load bearing wall at Ronan Point. This load may
not be appropriate now, as the buildings have a high risk of experiencing vehicle-

borne improvised explosives which produces huge pressure.
2.3.2 European Union Regulations

The provision, adopted in the Eurocodes is same as that of UK, except the factored
tensile loads for internal an.d external ties, and the area of localised damage Which is
equal to 15% of the floor or foof area or 100 m® whichever is less. The tying capacity
of the connection is at least equal to the ULS shear force (i.e. using 1.6 dead + 0.8
imposéd) 6r 75 kN which ever is less. The partial load factor for imposed load,
adopfed in Eurocode (EN 1990, 2002) is half of that.of BS. Similar to BS, Eurocode
' does not have any provisi_ons for the joint ductility and dynamic amplification due to

sudden removal of column.

-

2.3.3 United States of America

General Service Administration (GSA) — Progressive CollapSe Analysis and .
Design Guidelines for New Federal Office Buildings and Major Mlodernization_'
Projects (2003): . | '

GSA is an organisation which provides the >gu‘idclines to be followed by federal
offices in order to improve publicv serVicés. It sets out some guidelines' to check -

whether the building needs to be analyzed for the progressive collapse, through a set
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of flow charts on the basis of occupancy and functional use. It also suggests three
' progressiv.e._ collépse analysis methods: linear eiastic static,ilinear elastic dynamic,
and nonlinear dynamic. For nonlinear analysis, it provides acceptance criteria such
as the maximum ductility ratio which is defined as the ratio of yield to ultimate
strainé and end rotation for steel and reinforced concrete structures. |
For linear elastic static analysis of a structure, GSA suggests the following vertical
" load to be applied in the downward direction:

Load =2(g#0.254/ 2.1)
where g;= self-weight of the structure; and g,= live load qf the strﬁctufe.
As the work done by su'dd.enly applied load will be twice that of gradually applied
load, a dynamic amplification factor of 2 is used. This factor is arrived without
considering any damping effects (i.e., energy dissipation due to yielding of

reinforcement and concrete cracking), hence it is conservative.

'For linear elastic dynamic and nonlinear dynamic analysis, GSA suggests same load
without dynamic amplification factor, as the dynamic analysis incorporates the

amplifications of response due to sudden removal of column.

The following cases of column removal should be considered for framed or flat plate
structures (excluding soft storéy buildings in which the ground floor does not have
any partitions. The ground floor is used for car parking, hence the removal of interior
-column needs to be considered) as shown in Fig. 2.11.
1. Removal of a 1* stdrey column near or at the middle of the short 'sid.erf the
building '
2. Removal of a 1% storey colﬁmn near or at the middle of the long side of the
building

3. Removal of a 1% storey column at the corner of the building
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2 &

" Fig.2.11 Aﬁnalysis case — Top view

The GSA also recommends the localization of damage. The damage should not be
more than the structural bays directly associated with the removed column or Al 67 m*
in the case of the removal of an exterior column or 334 m” for an interior column (at
the floor level directly above the instantaneously removed column) whichever is less. -
This value is high in comparison with British Standards (70 m?).

In linear elastic analysis, the failure olf members or their connections can be

assessed by using a method termed Demand-Capacity Ratios (DCR), where:

Dcr=w (2.2)

{CE
Where - ‘ _ ' 7
Qup = Acting force (demahd) determined in the component or connection/joint
(moment, axial fofce, shear, and possible combined forces)
Qce = Expected ultimate, un-factored capacity of the component or connection/joint
(moment, axial force, shear, and possible combined forces)
Basically, the DVCR isa revérse of factor of safety. The linear elastic anal_ysis ignores
‘the energy absorption due to yielding of members and joints. The absorbed energy
reduces the effects of accidental load. This benefit is taken into account indirectly by
alllowing the DCR vélue more than 1. The DCR values-for steel énd concrete
bﬁildings are arrived from the experiments. For reinforced concrete structures, the

DCR should be less than or equal to 2.0 in the case of typical structural
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configurations and 1.5 in thc; case of atypical structural configurations. For steel
frame buildings, the DCR depends on the member and its failure criteria (GSA-Table
5.1). To determine the capacities, the expected material streﬁgth, calculated by

multiplying the dcsign strength of the materials with the strength increase factor |
(ratio of dyxiaxhic strength to static strength of material) can be used, as the load is
applied suddenly. The strength increase factor for both concrete and reinforcing steel
is cons(ideredl as 1.25. In dynamic analysis, the duration for the removal column has
significant impact on the response of the structure. Normally, blast produces load
associated with strain rates in the range of 10%-10* 5! (Ngo, et. al., 2007). This high
strain rate causes sudden failure of column, for example, the time ,taken to reach the
concrete strain of 0.0035 is around 0.035 mSec (considering the strain rate of 10°s
1. In other word, tirﬁe p'eriod for the removal of column is less than 1/200 of the
natural time period (say iO mSec). It is very diﬁicult to carry out the progressive
collapse analysis for this impulsive load. Hence, the GSA recommends that the time
period for the removal of column should not be more 1/10 of that of the natural time
period of vibration. This aSsumption provides less than 2 percent error in the results.

This is explained in Fig. 2.12. In this figure, /2 is the column reaction; 7; is time
. duration for the removal of column and 7 is the natural time period of the removed
column. For 7,/7y= 0.1, the dynamic load factor (DLF) is 1.98 with 2 % error. For
T./Tn = 0.25, the DLF is 1.9 with 5% error.
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Fig. 2. 12 Maximum response of SDF system for gradually applied load
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US Department of Defence (2001) Prbgressive Collapse Design Guidance:
The main objective of this document-is to provide guidelines for nﬂinimizing the
casualties from terrorist attacks. This document considers two-or three-dimensional
static or dynamic linear elastic or nonlineé.; analysis methods and provides detailed -
guidelines for the procedufes. In the analysis, one coiumn or one beam is removed at
any level within the structure in the case of nioment resisting frame systems. The
possibility of progressive collapse can be deter_mined-'fhrough an iterative analysis
for ' linear elastic methods. In the iterative analysis, the members whose fixed
moments exceed ultimate moment capacities, are .removed and replaced with fixed
moments equal to their corresponding ultimate moment capacities, and then the
structure is reanalyzed. If the member fails by shear or compression, then the
member is considered to have fallen on the element below it and the dynamic impact
of the debris should also be inciuded in the analysis. For lihear elastic dyhamic and
nonlinear analysis, the DoD guidance suggests the folloWing load:
Load=g#0.54#0.2w; ‘ ’ (2.3)
where w=design lateral wind load. ’
When the static analysis is carried out to assess the building against progressive
collapse, the DLF of 2.0 is used to account for déceleration' effects. Due to the
importance of defence building, the partial load factor of 0.5 is used for imposed
~ load (instead of 0.25). It also suggests that all floors should be designed to withstand -
load reversals with a net uplift load equal to the dead load plus one-half of the live
load. It recommends abceptance criteria for nonlinear analysis such as maximum
ductility ahd rotation for steel and reinforced concrete members, in common with
GSA guidance. It also recommends thé localizing of damage through damage
criteria. For framed systems, the damaged area should not be greater than one bay in
any direction from a column. For other framed sysiems, the damage area should not
be greater than 70 m” or 15% of the floor area. This provision is similar to British
Standard.s. The DoD provisions are same as GSA exbept the partial load factor of

imposed load.
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2.3.4 Canada

The National building code of Canada (1995) covers structural integrity.under the
~design requirements of section 4 and explained preventive design considei‘ations in
Commentary C. This Commentary includes a statement that buildings de;signed in
accordance with Canadian Standards Association (CSA) design standards.ericompass
a sufficient degree of structural integrity, generally through the * detailing
requirements for .connections between components. Nevertheless, it suggests that
special attention needs to be paid to medium/high rise buildings, made up of .
components of different materials, whose interconnection is not covered by CSA
design standards, and for the bilildings exposed to severe accidental loads such as
vehicle impact or explosion. It is more general and does not suggest specifically
about the control of accidental events, the design of key elements to resist accidental
.loads the design of ties, the possibility of alternate paths for support, and the
localization of damage to avoid the spread of collapse The protect1ve design against

" progressive collapse is not directly addressed in the code.

2.4 Progressive collapse

If the removal of foad bearing members causes a failure which propagates laterally
as well as vertically for substantial distances from the triggering local failure, then
the failure is termed a progressive collapse. As the collapse is not proportionate with
the effects caused by the accidental load, the collapse is also termed as a
disproportionate collapse. Aﬁer the Ronan Point incident, Countries like the UK,
USA and Canada proposed guidelines to avoid progressive/disproportionate
collapses. For the past three decades, research has been focuséed on how to -
| economically avoid progressive collapse, arid whether the codal provisions are
adequate to safe guard structures. The provisions regarding tying, made by British
Standards do not have a scientific basis, although the quality of structural robustness
can often be recognised (Menzies and Nethercot, 1998). ‘This is explained with an
example of 3 storey building by Liu (2001). The author performed a non-linear
analysis on the building, designed as per BS 5950: Part 1_22000, for the removal of a -

column using LS-DYNA and concluded that the minimum tying capacity required as

per BS 5950-1:2000 is not adequate to saf_egiiard the building against progressive
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collapse. Similarly, to evaluate the competence of USA codes, such as ASCE 7-02,
ACI 318-02, facilities standards for the public building services and progressive

collapse guidelines of GSA, in providing the robustness against progressive collapse,

Nair (2004) carried out a case study on buildings which collapsed progressively
earlier. Those buildings were designed based on the above standards and analysed to
estimate their possibility of survival. The results could not consistently provide
assurance against progressive collé.pse ‘of those buildings (Table 2.1). These studies
necessitate the revision in the code/standard provisibn. |

Table 2. 1 Results obtained from case studies (Nair, 2004)
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2.4.1 Analysis to predict potential for prbgressive collapse

Following the 1995 bombing at‘O_klahoma -City several methods have evolved for

assessing the potentfal of buildings to resist progressive collapse. Gilmour and Virdi
(1998) devéloped a computer code to carry out the collapse analysis of reinforced
concrete plane frames using the quasi-state finite element approach. This programme
was divided into three parts: namely local damage analysis, alternate load path
analysis and debris load analysis. They carried out local damage analysis using the
" single degree of freedom approach. Alternative load path analysis was carried With
50 % of end moments and shears, obtained from the previous analysis, which were
then applied to the rest of the structure and then these loads Were'v incremented up
until they reached 100% of their original value. At the end of each iteration, the
failed member was eliminated and the framie was re-analysed. Once the alternative
analysis was completed, the debris load analysis was carried out with the additionai
factored debris load (1.25 times debris weight). |

Guo and Gilsanz (1999) carried out progressive collapse analysis in accordance Wlth

.GSA ‘guidelines for a flat slab and rigid frame structure designed for basic.
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requirements, using the FLEX code. This is an explicit, nbnlinear, large deformation
franéjent analysis finite -element code for the analysis of structures subjected to air
blast, fragment and ground shock loadings. In the modelling of flat slab structures,
each slab-column joint.modelled using two non-linear rotational springs rotated
about two horizontal axes. Similarly, in the modelling of rigid frame structures, non-
linear rotational springs were used in each beam-column connection/joint.', The
spring was defined by rotationai stiffness, ultimate bending moment and maximum
rotation of the joint as shown in Fig 2.13: The strain energy due to strain hardening
was neglected since the effects were negligible on the end results. The authors
concluded that the structure which satisfied only basic requirements was very
vulnerable to progressive collapse. The reanalysis was carried out for the flat slab
structures considering the continuous reinforcing steel detailing. The results
indicated a high potential for progressive collapse. Similarly the reanalysis was done
for the rigid frame structure in which the capacity of joints and spandrel columns
were increased by a}factqr of about 2.0 and the results still showed a high potential
for progressive collapse. In all the analyses, the damage was limited to bays
supported by the damaged columns. In the analysis, they considered ultimate
bending moment, rotation capacity and indirectly shear force as damage parameters

and did not consider the catenary action of beams.

Ultimate bending moment

Bending moment

Rotational stiffness Maximum rotation of joint

Rotation

Fig. 2. 13 Definition of spring

Kaewkulchai (2003) developed the software to simulate the dynamic behaviour of
planar frames up to, and through to collapse. This software considered geometric and
material nonlinearity, and strength and stiffness degradation using damagé index -
conbcepts. The author carried out progressive collapse analysis of planar frames using

the alternative load path method. He analysed the planar frame both in deformed and
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un-deformed configuration and reported that the difference in the response was much

. reduced. He also showed that the damage'appears. only to the collapsing bays.
Guo and Gilsanz (2004) pfdposed the procedure fdr nonlinear static analysis with_ an
example of a six storey concrete building. In this analysis, a load, proportional to the
reaction of the removed column was applied, and then increaséd gradually to
characterise the pushover curve of the structure. The area below the pushover curve
is the energy that the structure can absorb, and this energy is divided by the
corresponding displacement to obtain the capacity curve. The load curve was drawn
straight equal to the reaction of removed column (Fig. 2.14). The load and capacity

| curves were used to measure the vulnerability to progressive collapse. The authors
considered that, ’(i) if the reaction was less than half of the yield strength of the
pushover curve, then the structure was categorized as having a low potential for
progressive collapse and (ii) if the reaction was greater than the maximum strength
of the pushover curve, then the structure was Categon'zed as having a high potential
for progressive collapse. The potential energy lost when the equivalent reaction was
applied to the removed column is more than that of when the gravity load was
applied. Hence, this is a conservative approach for predicting the potential for
progressive collapse. This kind of push over/down analysis is more useful is case of
seismic analysis, as the locatibns of formation of plastic hinges in the frame are not
possible to predict. In case of progressive collapse analysis, the failure mostly occurs
on either side of the removed column; hence the detailed analysis can be done using

nonlinear dynamic analysis.
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vFig. 2. 14 Pushiover, capacity and load curves
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Marjanishvilli (2004) presented an effective analysis proeedure for progressive
collapse. The response of the structure was evaluated starting with a simple static
linear analysis and proceeding increasingly to. complex methods until results make
sure that the possibility of progressive collapse was low. The progressive collapse
analysis consisting of linear and nonlinear static analysis, Hnea.r and nonlinear

dynamic analysis was shewn in Fig. 2.15.
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Rahimian and Moazami (2004) proposed a new method for enhancement of the
structural integrity requirement based on 3D computer analysis, incorporating
geometric and material non-linearity and the membrane forces generated by
diaphragm action. They studied three dimensional behaviour of a frame with slab
using “LARSA”, which is an integrated linear and non-linear finite element analysis
and design program. The tensile capacities of concrete and metal deck were ignored
and a maximum strain limit of 5% was adopted. Finally, they concluded that the
system did not depend on the tying capacity of the connection, and force equilibrium
was maintained after removal of the column by the radial tensile forces, created as a
result of the dishing action, and compressive hoop stress as shown in Fig 2.16. They
did not discuss the tensile and compressive strengths of the floor slab, and how much
reinforcement was provided to resist the tensile force, since the stress pattern
changes with the amount and distribution of reinforcement and cracks in the slab.
Importantly, they also concluded that beams need to have full plastic moment

connections throughout the span to behave successfully as members in a catenary.

Ci ion
| [qu

T

Fig. 2. 16 3D catenary action of the composite floor system (Rahimian, 2004)

2.4.2 Protective design for mitigation of progressive collapse

In the preventative design for mitigation of progressive collapse, the load from the
removed column is transferred through one or more of the following methods:
catenary action, beam action and diaphragm action. The design, using only beam
action is very expensive and straight forward. British Standards suggest catenary
action indirectly through the specification for structural integrity. Astaneh-Asl, et al

(2001) carried out an investigation to study (i) the potential of typical steel structures
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to the prevent progressive collapse by redistributing the removéd cblumn load
through catenéry action and; (ii) the performance of connections when subjected to
large deformations and large catenary forces. The" test frame had four bays,
éonsist\ing of two 3.05 m (10 ft) exierior bays and two 6.1 m (20 ﬁ) "interior bays, in
the ldngitudinal direction and ohe bay in the transfer direction with a width of 5.5 m
(18 ft). The steel frame, shear connections and a concrete slab were designed to
satisfy the US code requirement. The 20 gauge steel deck was connected to the
beams with welds and shear studs. Hence, the ripping and tearing failures of deck
slab were isolated. As a result, the strength of the system was not influenced by the
steel deck. The thickness of the floor slab was 160 mm. Extra cables were provided
in addition to reinforcement mesh in the plane 6f the refnoved column. The beam-
column joint designed §Vith the bolted seat angles plus a bolted single angle on the
web. Similarly, the beam to beam connection was designed with staﬁdard shear tabs.
In f.he experiments, the author found that the catenary action of the beams and steel
appeared to be adequate provided that the connection has _su'fﬁéient ductility.
Hdwever, they did not carry out any parametric study to propose-design guidelines
based on the catenary action. This experimental result provides an opportunity in

research to validate finite element model of catenary action.

Kuhlmann et al. (2008) carried out an experiment to study the robustness of an office

building under the removal of column. The test frame, adopted from the composite

building, was composed of two 1.5 m exterior bays and two 4 m interior bays. It was ’

designed as per Eurocode 4 (EN 1994-1, 2005). The composite beam-column
connection is shown in Fig. 2.17. In the experiment, the vertical load was applied to

the central column until collapse. The maximum load of 114 kN was reached for a

maximum vertical displacement of 775 mm and the ultimate rotation of the joint was -

10.89°. Finally they have concluded that the progressive collapse can be prevented
by robust design. They have not mentiohed how far the robustness was realized. The

conclusion may not be valid for all the cases due the following reasons:

1. Safety of frame: The _failuré load of 114 kN is equivalent to 7.13 kN/m?

approxit_ﬁately. The dead load and super imposed load (ceiling and finishing)

from the slab were 3 kN/m? and 1.5 KN/m” respectively. The imposed load -
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for an office building as pef ‘Eurocode 1 '(EN 1991-1, 2002) is 2.5 kN/ng
From these loads, the accidental load is calculated as per British Sfandards
(BS 6399-1) which is equal to 5.33 kN/m? . The frame is safe with a factor of
safety of 1.34. At the same time, the 'dynamic; effect dué to sudden removal -
of column is ignored. If the dynamic amplification factor of 2.0 is considered

as per GSA (2003), the frame will certainly fail.

2. Ductility of frame: In case of simple and semi rigid connections, the rotation
ductility is roughly estimated as a ratio of the displacement of extreme bolt
,fow to lever arm (distance of the extreme bolt row to beam bottom flange).
The displacement of extreme bolt row mainly depends on bending of end
plate and column flange. For most of the connectioﬁs, the thickness of end

'~ plate and gauge distance for bolts are same. The displacement of extreme
bolts can be reasonably assumed to be 20 mm. As per above definition of
joint ductility, the rotation capacity of the connection is equal to 10.30°
(lever arm = 110 mm; joint rotation = tan™'(20/110) = 10.30°), resembling
that of experimental result. In most of tﬁe ofﬁée buildings, the width of bay
will be 9 m and more. In that case size of the beam is huge and low ductility
will result. For example, for UBS533 beam, the lever arm is 430 mm, resulting
in the rotation capacity of 2.67°, inducing premature fracture attributed to
low ductility. '

-~ ._...,..S‘

Fig. 2. 17 Cross section of the compbsite joint (Kuhlmann et. al;, 2008)

More literatures have been reviewed about the estimation of blast load, the dynamic -
analysis of column and catenary action in the steel framed building, and presented in

.subsequent chapters.




Chapter 3. | |
‘Direct Design Methods:
Protective Design for Steel

Framed StrUctures

3.1. Catenary action in simple connection frames

After the removal of support to an intermediate column, the accidental load may be
redistributed through the catenary action. In catenary action, beam and beam-column
connections are under tension; .hence sufficient tensile.strength (tying capacity) for
the connection needs to be maintained to redistribute the load to the column. The
phenomenon of maintaining the connection without failure termed as structural
integrity. The British Standard BS5950 proposes the requirement for structural

integrity based on the shear capacity of the connection.

[11

= , Catenary
= " Action

Fig. 3. 1 Catenary Action
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The rationale behind the provision of tying between members (the tying force
' approach) is that by prov1d1ng beam Jomts with sufficient tensﬂe strength, floors. ]
should be able to span between undamaged columns by catenary actlon a process
- which is sketched in Fig. 3.1. This approach assumes fairly that the loading on a
 structure at the time of damage willl ‘be significantly less than the ultimate 1imit
stéte(ULS) load , with the load at the time of damage assumed to be equal to 3 of
the imposed load plus 1.05 of the dead load. Since it is a réquirement that the tying
c‘apacitylof the connection be at least eqﬁai to the ULS shear force (i.e. using 1.4
dead + 1.6 imposed), then the tying force substantially exceeds the shear force at the
connection. Floor beams therefore will need to rotate by 20 to 30 degrees to the

horizontal in order to achieve equilibrium under the applied loads.

These simple caiculatiéns ignore the dynamic amplification of the tying force. These
ampliﬁcat:ioh’ of forces occur as a result of the additjonai tying force needed to
absorb the kinetic energy generated by the downwards movement of a heavy object
such as a subsectioﬁ of a building. Since the tying force method assumes large
displacements, these additibnal loads will be significant, béca.us"e any movement will
generate signiﬂcant momentum in the building. Therefore, stétic calculations provide
only a lower bound estimate of the tying force needed to arrest the fall. If a morc;, ,
complicated dynamic analysis is carried out, then one must assumé a time for
removing the support from a column or columns. US guidance (GSA, 2003)
recommends that the time period for this event should not be more 1/10™ of that of
the natural time period of the colu_mh. Shock waves from high explosivés are capable
of destroying columns almbst instantancously by a fracture process called brisance.
Since rapid column removal leads to rapid accelerations, the additional force needed
to decelerate the structure results in the dynamic amplification of tying forces. This
process is illustrated in.F ig. 3.4. The University of Sheffield have published research
carried out for a PhD project into catenary action (Liu e/ ql 2005). This has shown
that the forces generated during catenary action substantially exceed those currently

assumed in design.

Progressive collapse analysis has been rapidly evolving in the USA and guidelines
for New Federal Office Buildings in the USA (GSA, 2003) provide useful

rinformation on the treatment of the dynamic amplification of loads. In their approach_
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the loading during a damage scenario should be doubled to account for deceleration -
effects, if a static (linear elastic) analysis is carried out. By omitting this effect the

UK approach could in certain circumstances underestimate tying forces. -
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Fig; 3. 2 Prying and_cafenary action

Conrection Dz/cﬂizly The Building Regulations place no requirement for joints to
have sufficient ductility (rotation capacity) in order to tolerate the rotations necessary
- to generate catenary action. The result of this regﬁlatory freeddm is that the tensile
(tying) capacity of industry standard connections, such as those presented in the
design guidé of Steel Construction Institute (SCI, ’2002) are calculated in the absence
of any rotation, see Fig. 3.2(a). Hovs}ever, only a small amount of rotation is
necessary to cause the prying sketched in Fig. 3.2(b). Horizontal equilibrium of the
joint dictates that the reaction generated_between the beam and column flanges must
reduce the fying force capacity of the joint, leading to fracture at a fraction of design

" tying force. -

Inspection of the catenary action approach quickly reveals other unresolved
questions; For example it is not clear how catenary action is to generate the required
anchorage to support columns located next to corner columns in buildings. Corner
columns cannot provide anchorage, although diaphragm action in lthe slabs may
provide the lateral restraint needed to support a catenary. Moreover, tying could
conceivably widen. p‘rogressinve collapses as fhe additional weight of the unsupported
frame could lead to the buckling of previou'siy undamaged columns in a process

known as drag down.
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3.2, Methodology used to determine the factor of safety against

collapse

An analySis'of catenary action is presented hereir/l,'in an attempt to quantify factors -
of safety against collapse. Ideally this would be carried out using a fully non-linear

dynamic finite element analysis of a building. Such a method has the potential to

yield accurate results“, but would take a great deal of time and resource. Instead a

-relatively siml;le analysis is presented, with the aim of bounding the likely factors of
safety against collapse. Thus, a bestk case and a worst case scenario are considered,

with the real solution layiﬁg' somewhere between these values.

The basic assumptions in the analysis can be summarised as follows:

Assumption 1: Accidental limit state loading

During the member sizing fully glazed cladding Was assumed. This load was
removed during the accidental limit state because it was assumed that blast would
have de‘stroyed the glazing. During the accidental limit state 1.05 dead load + 1/3™

- of imposed load was a‘ssumed.‘

Assumption 2: Columns remain in line _

The composite metal deck slabs are stiffened throughout the building by the
arrangement of >secondary and primary beams bonded together by shear studs. It is
believed that this relatively stiff composite arrangement of elements will create a
floor plate with a great resistance to the relatively small shear foices that are
introduced into the system by the tying force imposed. during catenary action.
‘Therefore it is assumed that the columns will not translate sideways following the

removal of column.

Assumption 3: Slab tensile sﬁengih, Ty ‘

The tensile strength of the slab has been inéludegi in the analysis of catenary action,
in order to mobilise all available strength. The slab strength, Zus = Zopck + Zoeshs
where- 7.4 is the strehgth of the prdﬁled metal decking and 7. i; the strength of
‘the mesh reinforcement embedded in the slab. The failure of profiled sheet subjected
to tension occurs because of insufficient end distance, box shear fai/lurc or bearing

- failure. The minimum centre-to-centre spacing of stud shear connectors should be




J8 Chapter 3 Direct Design Methods: Protective Design for Steel Structures

five times nominal shank diameter along the beam (BS 5950 — 3.1:1990, cl‘ause
5.4.8.4.1). Furthermore, the end distance for profiled sheet measured to the ccvntre: ,
line of the studs should not be less than 1.7 times the stud diameter (BS' 5950-
4:1994, clause 6.4.3). ‘Because of these provisions the critical failure mode is in
bearing, as shown in Fig. 3.3. Hence, the maximum tying force carried by profiled
sheet per metre in this example was 42 kN, which was calculated using the
fbllowing: '

L= Nt 1 6
Where, | |

Ais the number of shear studs used-to connect an edge of profiled sheet on

beam normal to sag per metre. |

is the diameter of shear studs.

ris the thickness of profiled sheet.

2s1s the bearing strength of profiled sheet.
" Zness be calculated by multiplying the area of reinforcement per métre with the yield
strength of reinforcement, which equals 65 kN/m run. These provide a total tensile

capacity of the slab, 7; equal to 107 kN/m run.

Shear studs

Bearing Failure
Deck sheet

Crack due to besring

Fig. 3. 3 Failure of Profiled Sheet

Assumption 4: Dynamic load amplification

As stated earlier when support to the the column is removed, potential ehergy is
converted into the kinetic energy as well ':as strain energy. The frame will then
vibrate until all the kinetic energy is absorbed. The maximum tying force generated
during this process can be rebresented by the final at rest tying force, mul.tiplied.by
the dynamic amplification factor (DAF), see Fig. 3.4. The magnitude of the DAF
will depend on the amount of damping present in the systerh, as well as the time

duration of column removal. Fire would let a column down slowly and produce a
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DAF of 1.0. At the other extreme, a brisance failure in the column would represent
an instantaneous column removal. The extent of damping is very difficult to estimate
without full scale experifnental tests. If the system were undamped, then the DAF

could be in the region of 2.0.

boundary for
tying force

Approximate

1011 N - -+ Atrest tying force

Normalised Tying Force
N
)

Y

Time after column failure -

- Fig. 3. 4 Illustration of the dynamic amplification for tying force

Method for estimating Factor of Safety against,collapse _
After removal of the support to column C, the beams ACB shown in Fig. 3.5 act like
an inverted three hinged arch as shown in Fig. 3.6. This is a determinate structure,

with the horizontal thrust at the support (/4) given by:

Where v
V4, is the reaction from the secondary beam °
_/7} is the reacﬁon from the main beafn C-C, plus the weight of column fof
that storey ‘ ‘
g is the UDL acting directly onto the beam ‘ACB’

Resolving vertically provides the vertical reactions:

7 =0.5[47 + W, + 24Z) ' (33)
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And the tying force is given by:
r=JZ+ | \ (34)

The factor of safety against collapse is provided by dividing Z’by the tensile capacity

of the joint. These calculations are relatively simple, with the load W easily

determined by multiplying the accidental limit state load by half \the area supported

by the beam. Calculating the load W3 is more complex because catenary action in the -

slab provides a route ‘by which load from beam CC; can be removed directly from

- the system before it émerges into beam ACB.

After the removal of support to the column, the slab deflects dbwnward. and
experience diaphragm action. The diaphragm action dépends on the anchorage of
siab, i.e. a robust connection of profiled sheet with transverse beam and. the
continuous reinforcement mesh across the beam. The slope in the slab varies from
zero at the support where both the columns remain undamaged, to maximum at the
mid-section -where removal of column support occurs as shown in Fig 3.5 This

changes in slope causes the upward reactive force. To find the upward reactive force

due to catenary action of reinforcement mesh and profiled sheet, the panels are

divided into one metre strips along AA; from A;CB;. Let us consider the one metre
strip XZY (F i\g. 3.7), located at distance ‘x’ from the beam A1C1B1. The tying
capacity of XZ and YZ causes upward reaétive force at Z which is calculated using
Eq. 3.5. Similarly, the upward resisting force caused by tying capacity of the slab is
calculated for each one metre strip and applied bn the beam CC;. It réduces the
accidental load acting on the beam CC; (Fig. 3.8). At the same time, there will not be
.any reduction in the accidental load on the secondary bearﬁ as no change in angles of

tying force occurs on either side.

P2 T sin'(%r) | (3.5)

Where,
2, = Upward reactive force caused by slab tying capacity per metre
7w = Tying capacity of slab

Or

(2—] = inclination of tying capacity of XZ or YZ, shown in Flg 3.7.
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Fig.3.5 Ahalysfs for Catenary Action
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Fig. 3. 6 Analysis for Catenary Action - Secﬁon at1-1
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Fig. 3. 7 Analysis for Catenary Action - Section at 2-2 -
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Flg 3. 8 Analysis for Catenary Action - Section at 3-3
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Factor of safety for the joint is defined as the ratio between tying capacity of the joint |

and tying force acting in the joint. If the tensile strength of slab is mobilised, the

~ factor of safety depehds on the rotation capacity of the joint impIicitiy. Hence, the
~ required rotation bcap‘acity is calculated by trial and'error procedure. On the other
hand, if the tensile strength of lslab is ignored, the factor of safety is an explicit

function of the required rotation capacity.
3.21. Case study

Typical Sfeel Frame _ v _

To study the potential for the tying force method to mitigate disproportionate
collapse via catenary action the multi-storey framed building shown in Fig. 3.9is
considéred as a case study. This frame'reasonably resembles many commercial
medium rise office developments. The components of steel frame, including the
connections, métal decking and sections, is designed using industry standard design
guides as presented in the Steel Construction Institute Design Guides, and British
Standards (BS 5950 (2000), SCI (2002) and SCI (1989)). The floor comprises a
~ 125mm thick composite slab, reinforced with A142 fabric reinforcement and formed
on 1.2 mm gauge decking. Composite action between the beams and slab is achieved
with 19 mm diameter, 100 mm high headed studs, spaced at 300 .mm_ centres, i.e., 40
studs in each half span of the secondary beams. For the main beams, the studs are
" provided at 450 mm centres, i.e., 22 studs in each half span. The floor slab is
extended by 0.5m beyond the edge beams to support a curtain wall sySterﬁ. The total
dead and imposed loads are 5.1kN/m? and 6.0kN/m? (inc. partitions) réspectivély and
tﬁis provides an accidental limit state load of 7.ikN/m2. All steel is S355 grade

except the end plates which is S275 and all concrete is C35 normal weight. Bolts of

M20 grade 8.8 are used in the beam to column joints. To study the feasibility of
simple connections in resisting accidental load through catenary action the frame is
designed with fin plate, flexible end plate and double angle web cleat connections.

The member and connection details of the frame are shown in Figs. 3.10to 3.13.
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Flg 3. 9 Plan of the building
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Fig. 3. 10 Idealised frame for the analysis
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v

125 mm Concrete Slab on o
Metal Deck L @ 19 mm Shear Studs @ 300 mm c/c

@ 19 mm Shear Studs @ 450 mm c/c q 457x191)§67i}B

VT

A 142 Reinfc t .
Mesh

Lo

Gap, 10 mm
523x210x82UB

305 x 305 x 198 UC

Fig. 3. 11 Beam - column joint details connections between 533UB and columns,
o ' see Fig. 3. 10

125 mm concrete slab /\/

on metal deck © 19 mm shear studs
: @ 300 mm ¢/c
@ 19 mm shear :
studs @ 450 mm c/c 5y
| P 457x 191 x 67 UB
& S =
i L] =,
r’/ 740 reinforcement mesh
J ] L
70
430 x 200 x 12 Plate " oo 2
B - o’
~ 170 :
170
4 o~
1 770
T mngm = ::40
533x210x82UB 305 x 305x 198_UC "

~ Fig. 3. 12 Details of end plate connection.
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125 mm concrete slab v /\/ .
on metal deck ® 19 mm shear studs
@ 300 mm cfc ¢
® 19 mm shear
studs @ 450 mm c/c
. \ i 1 457x 191x 67 UB
L P =
| Il I s
- L 350 reinforcement mesh .
o — " 40
ME T
) = T 720
x90x 10 Angle| , - *
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= s ]
. 1 7 40
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3040 .
533x210x 82UB ' 305 x 305x 198 UC

Fig. 3. 13 Details of double angle web cleat connection

3.2.2. Joints Behaviour

3.2.2.1 Simple Fin Plate Connection
Liu ez &/ (2004) have developed a design method for quantifying the rotation
capacity of fin-plate connections as part of investigations related to seismic design.
Their method assumes beam rotation is centred about the centroid of the bolt group”
and it produces a maximum rotation capacity of 2° for the joint considered in this
: study, Fig. 3.11. This limit is perhaps too restrictive for this study; therefore it has '.
been assumed that rotation occurs about the centroid of the beam, with a total plastic
deformation of the upper bolt hole in the fin-plate of 10mm (corresponding to half a
bolt diameter). Beyond this it is highly likely that the plate will begin to rupture,
initiating fracture due to prying. Using this approach the rotation capacity of the joint
in this design example was equal to 4 degreeé, with the resulting deformation of the

bolt group shown in 3.14.

1
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/\/ Design rotation
capacity = 4°

[T L\\rH

$9444
°ovg

N\

Fig. 3. 14 Beam-column joint at maximum rotation capacity

The tensile (tying) capacity of the connection between the pfimary beams and
perimeter columns shown in Fig. 3.11 were determined using the SCI design guide
(SCI, 2002). The calculations underpihning this capacity assume zero beam rotation,
therefore the"tensile capacity holds true only at low \}alues of beam rotation. As
discussed in chapter 1, the prying action will create a reduction in the tying capacity
of the joint. The extent of this decline in strength can be easily gauged by comparing
* the design tying force with a rough estimate of the prying force: "

The design tying force of the joint = 528 kN
Estimate of prying force = bottom flange area x flange yield stress = 978 kN

Since the prying force is greater than the tensile capacity of the bolt group, prying
will cause the tensile capacity of the joint to fall to approximately zero, to be
replaced by a joint moment. These simble calculations ighore the. possibility that -
flange buckling will cause a reduction in the prying force and they also ignore the
tensile strength of the sléb mesh. However, incorporation of these other factors
would not change the overall conclusion — that pryihg will substantially damage the:
tying force capacity of thé joint. .In view of this conclusion this study assumes‘t_:hat
the design tying force is maintained only until the rotation capacity is exceeded. Joint

moments are ignored up to this stage of the analysis.

The approximate bendiﬁg moment that would be developed owing to prying action
in the joint shown in Fig. 3.14 is 166 kN m. A joint moment capacity of 1064 kN m

would, however, be required to support the column damaged in this design example.

Since the moments generated duﬁng prying are much less than those needed to
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redistribute loads away from the damaged columns, collapse is assumed after the
limit on rotation capacity is exceeded.
3.2.2.2 Flexible End Plate Connection
The analysis of the beam, after removal of column mainly depends on the response
of the connection which includes the interaction of tensile force, bending moment
and rotation. The behaviour of connection is modelled using the component method
(Yee and Melchers (1986) and Faella et al. (1996)). In the component method, the
joint behaviour is divided into the following components (Fig. 3.15):

O Column web panel in shear
Column web in compression
Column flange in bending

End plate in bending

= =N SET M

Bolts in tension

Column web in tension

5

Beam flange and web in compression

Beam web in tension

=

__{cws) COLUMN WEB IN SHEAR
COLUMN WEB IN TENSION

COLIMN FLANGE IN
BENDING

END PLATE IN BENDING
BOLTS IN TENSION

BEAM WEB IN TENSION

BEAM FLANGE AND WEB
IN COMPRESSION

COLUMN WEB IN
COMPRESSION

Fig. 3. 15 Components of end plate connections, Source Faella ef al(2000)

The beam flange and web contributes only in the estimation of the joint strength. The
rest of the components contribute both in the estimation of the joint strength and
rotational stiffness. This method is well explained in the book, “Structural Steel
Semi-rigid Connections” by Faella, et al., (2000). The equations to estimate the

strength and stiffness of joint components are presented in Appendix Al.1.
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The strength and stiffness of end plate and column flange in bending is estimated
using an equivalent T stub (i.e., two T-elements connected through the flanges by
rﬁeans of one bolt rows), presented by Yee and Melchers (1986). Fig. 3.16 shows the .
identiﬁcat'ion.:of T stubs which is uéed to estimate the deformations due to the
bending of the column flange and end plate/double web cleats. The T stubs fail in the
following modes: (a) flange yielding; (b) flange yielding with bolt failure and (c)
bélt failure (Fig. 3.17). The failure mode is governed by a parameter ( 3,), defined as
the ratio between the flexural strength of the ﬂanges and the axial strength of the
bolts. The resistance and deflection for each failure mode is provided in Yee and
Melchers (1986) and presented in Appendix.A1.2. The strength and deformation of
the stub is calculated at different points, such as yielding, strain hardening and

ultimate or fracture points using the method speéiﬁed by Faella et al (2000). Finally,

the rotation capacity is calculated based on the plastic deformation of T-stubs.
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<—— Beam-Column Joints

Equivalent T
stubs
§x/ : Beam

Column

End Plate

Fig. 3. 16 End Plate Connection and its T stubs
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%]uﬁc Hinge Aﬂam Hinge .
-: b T |
- l I R ' P J ' T

(a) Flange yieiding (b) Flange yielding with bolt failure (c) bolt failure
Fig. 3. 17 Failure modes of T stub

In this analysis, the end plate connection shown in Fig. 3.12 is divided into T stubs.
The force displacement curves (Fig. 3.19) of each component inclu_dihg bolts, 2 T-
stubs and column web, up to failure are modelled based on the stress — strain curve
sketched in Fig. 3.18 (Kato et al., 1990). As the ultimate strength of the T stub of end
* plate (116.3 kN) is the lowest among the connection components, it is considered as

the weakest joint component. The contribution in the ultimate plastic deformation

from the compression of column web is low and is therefore ignored. The detailed

calculation of resistance and deformation of the joint component is explained in
Appendix Al.3. The deformation of other components is obtained corresponding to
this axial force. The sum of the deformations (corresponding to 116.3 kN) of the
joint components is the ultimate deformation capacity of one bolt row which is equal
to 29.55 mm. After the removal of support, the columns starts to drop down and the
beams on either side rotate about the joints. The joints are assumed to rotate about
the bottomvo'f end plate. The lateral movement of columns is assumed to be arrested
by the composite slab, as the stiff arrangement of secondary and primary beams
bonded together by Shear studs can resist the tying loads without buckling. The
rotation capacity of the connection is 4.33° which is calculated by dividing the
 ultimate deformation of the top most T-stub (29.55 mm) ;by its distance from bottom
end plate (390 mm). . |
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Fig. 3. 18 True Stress-Strain Curve (Katb et al., 1990).
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. Fig. 3. 19 Axial Deformation of Flexible End Plate Joint Components

Beyond this rotation the connection will fail in a prying type action. Splall moments
are generated in the connection at this limit of rotation, however tﬁey have little
effect on the redistribution of loads and have therefore been ignored, hence flexural
strength of the connection (188 kN-rﬁ) is much lower than the bending moment »

- requi'r‘ed to support the damaged column (1060 kN-m). Hence, the load from the

removed column is transferred to the extreme columns only through catenary action,

‘with the tensile strength of the joint limited to 587 kN and the rotation capacity

limited to 4.33°.




J2 Chaprer 3 Direct Design Methods: Protective Design for Steel Structures

3.2.2.3 Double Angle Web Cleat Connection

The above component method is used to estimate the rotation capacity of the double
" angle web cleat connection. The detailed calculation of resistance and deformation of
the components is explained in Appendix Al.4. As the ultimate strength of the
double angles (211.68 kN) is the lowest among the connection components, it is
considered as the weakest joint component. (Fig. 3.20). The deformation of other
components is obtained corresponding to this axial | force. The sum of the
deformations (corresponding to 211.68 kN) of the joint components is the ult;mate
deformation capacity of one bolt row which is equal to 17 mm. The rotation capacfty
of the connectioﬁ is 2.5° which is calculated by dividing the ultimate deformation of
top most T-stub (17 mm) by its distance from bottom end plate (390 mm). Similar to
other joints (fin plate and flexible end plate connectidns), this joint fails by prying
beyond the rotation capacity, as flexural strength of the connection (321 kN-m) is

much lower than the bending moment required to support the damaged column

(1060 kN-m)
250 ——
!
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200 ! ) —
;‘ ?,;
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= il
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£ 150 - : 1
@ a
5 i
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5 100 ;|
< "l -
!J ~—— Bending of Angle Section
50 4l L e Bending of Column Flange
U Shear Deformation of Column Web
g ———-- Deformation of Bolt
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0 - . L T - * - l,
0 1 2 16

Deformation in mm

-Fig. 3. 20 Axial Deformation of Joint Components
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3.2.2.4 Summary of joint strengths and rotation limits
The tensile strengths and rotation limits of three connection types have been

estimated and is summarised in Table 3.1.

" Table 3. 1 Summary of joint strengths and rotation capacity

Tying capaci
Type of connection ying capacity Rotation capacity
(kN) '
Fin plate connection 528 | 4° ﬂ
Flexible end plate connection 587 ’ 4.33°
'Double-.angle web cleat 1058 950
connection .

-

Beyond the rotation capacity, the joints are assumed to rupture because of,
1. Prying force, caused by beam bottom flange, is likely to-be greéter than the
tensile capacity of bolt group.’ .
2. Joints have limited flexural strength caused by. prymg actlon to distribute

the accidental load through beam abtion
3.2.3 Estimation of factors of safety against collapse

The factor of safety agailist collapse has been determined for the three scenarios
listed below (Fig. 3.21). Appendix AL.5 contains all of the basic design parameters,
the accidental limit state loads on the catenary and the tying forces necessary to

achieve equilibrium under these loads.

Best case scenario. In this case, the full tensile strength of the slab is conlsidere_d to
be mobilised and the dynamic effect on the system due to sudden re\mov‘al of column
is not considered, as these assumptions yield upper bound values for factor of safety.
These assumptions provided the factor of safety of 0.19 in case of fin plate

connection and thi_S can be regarded as an upper bound estimate.

Worst case scenario. It can be argued that the tensile strength of the slab cannot be
" relied upon to generate catenary action because it is likely to fracture under large

deformations. It has therefore been ignored in this scenario. In addition, the DAF has
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begn taken as equal to 2.0, in accordaﬁce with US bractice (GSA, 2003). This

provides a factor of safety of 0.08 in case of fin plate connection.

N

" Best guess scenario. In this case, catenary action in the slab is included and a DAF

of 1.5 was assumed, producing a factor of safety of 0.12 in case of the fin plate

connection.
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Fig. 3. 21 Accidental loads on main beam ‘ACB’ in case of fin plate connection

Using an iterative procedure it is possible to define what deformation is necessary in

the example considered herein, in order to support the damaged column via caténary

action. Assuming that the beam-column joints remain able to transfer their design

tying force (regardless of the rotation), the connections would need to rotate by 24

degrees to the horizontal in order to support the damaged column by catenary action

| (assuming full tensile capacity of the slab was mobilised and assuming a dynamic

amplification factor of 1.5), see Fig. 3.22.-_ This would produce the deflected shape

described in Fig 3.23 (a) and would require a downwards movement of 3.84 m. The

resulting joint deformation is shown in Figs. 3.23 (b) and (c). Such deformations are

not possible without fracturing the joints and the reinforcement in the slab. The slab
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is unlikely to possess the ductility required to withstand such a high degree of
deflection because the tensile capacity of the concrete is approxunately 245kN/m,
whereas the tensile capamty of the mesh and profile metal deck is only 107kN/m.
Since the concrete strength is high in comparison with the mesh, plastic strains in the
~ mesh would be concentrated into a few widely spaced cracks, such as the crack
. shown in Fig 3.23 (a) and Fig. 3.24. This would 1’ead to an early fracture of the slab

during a progressive collapse.
am am

S “am 3m am | am 3m ’ 3m ﬁ*/

202 kKN 202 kN 140 kN 202 kN 202 kN

6.36 kN/m

| | A |
IlllVlllilllllllVlll!ll’ll/

528 kN

Internal Hinge

c

Fig. 3. 22 Accidental loads on main beam ‘ACB’ for the calculation of requlred
~ rotation capacity

Flexible end plate connection: This connection yields low factor of safety of 0.23,
0.10 and 0.14 for best, worst and best guess scenarios. Its factor of safety is nearly
same as that of fin plate, since tying capacity and the limiting rotation of both
connections are approximately same. |

Double angle web cleat connection: This connection also yields low factor of
safety of 0.24, 0.10 and 0.15 for best, worst and best guess scenarios. Although, 1t
has twice the tying capacity of fin plate connectlon its factor of safety is nearly same

as that of fin plate because of low ductility.
3.2.3. Discussions

A‘ Insufficient ductility is the primafy reason for these low factors of safety, although it
should be noted that this analysis assumed 4 degrees of maximum rotation in the
joints, whereas ductility predictions based on the Liu e @/ (2004) method show a
limit of 2.17 degrees on rotation. The 'resu'lts therefore suggest that fracture of a
column would- lead to subsequent fracture of the primary beam to column joints.
Since the tens11e strength of the composite decking is insufficient to bridge the

~damaged column, failure would progress to a tensile failure of the slab, leading toa -

collapse of the area of building previohsly‘supported by the damaged column. |
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Fig. 3. 23 Frame at failure

Fig. 3. 24 Crack in composite slab that led to fracture of mesh reinforcement
(Byfield, 2004)
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Since the factors of safety against collapse are less than 0.2 any changes to the frame -
layout are unlikely to alter the main finding from this investigation: that catenary
action alone will not prevent progressive co//@ye. Equally, a .more rigorous
analysis, invblviﬂg the use of dynamic FE analysis combiﬁed with full-scale testing
would also not alter this finding. If catenary action is. to be used to provide
robustness, then joints would need to be significantly strengthened and provided
with improved ductility. \ _'
The ability of other connections such as flexible end plate and double angle web
cleat connections, to transfer load through catenary action was quantified in terms of
factor of safety using the method presented in section 3. The factor of safety for

these connections was calculated considering a DAF of 1.5 and the full tensile

capacity of slab. In both the connections, the factor of safety was less than 0.1.

. A response to this problem could be to imprové both the strength and robustness of
beam column connections. However, this may not provide the optimum solution
because high strength connections increase risks from drag down. This is a process
in which collapse progresses éideways as catenary forces drag down undathaged
colﬁmns. This is a particular problem with the tying force method, because it is
impossible to predict exactly how mény columns would be destroyed by blast or
impact. Therefore it is difficult to assess the design catenary forces. This problém of
drag down also ekists if nominally pinned connections were replaced with full-
moment connections. _ |
Whilst the provision of horizontal tying is an essential component of any good
design, it should ﬁot be relied upon to provide support to damaged columns.
Structures that are at high risk from blas\t or impact should be provided with proven
emergency load paihs. These could be out-rigger truSses, as used at the top of the
World Trade Centre Towers, and also used in other iconic structures, such és the 2nd
International Financial Centre in Hong Kong. These fail-safe systems have a'proven
abﬂity to redistribute loads from damaged columns. Importantly they do not require ”
the frame to défonn sigriificantly - and therefore do not introduce dynamic

| amplification t;) the loads. They are also relatively free from the risks presented by

drag-down. F or tﬁese reasons procurers of high-rise buildings should be encourég¢d

to adopt these systems.
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3.3. Beam and catenary actions in semi-rigid connection frames

In multi-storey framed buildings, composite floor construction has become the
dominant structural form due to its strength and stiffness, in g:bmparison with non- -
composite construction. In semi-rigid frames, the flexural strength of the connectionis
is signiﬁcantly less than that of i:)eams. In order to utilize the full strength of the
beams, the redistribution from support to span is necessary ‘Whic~h demands a
significant requirement on the rotation capacity of the connections. Practical design
\ cai'ried out based on connection strength and ductility, as well as beam strength and
the end rotation required to generate that strength.. The required end rotation is
necessary to achievq the design moment of 0.85 47, If the available rotaﬁon capacity
.is greater than the required rotation, the ﬂéxural strength of the beam can be
increased between 0.85 and 1.0 44, However, it is usual to restrict the design
sagging moment to 0.85M, because of known problems regarding the ability of
composite connectidns to accommodate the rotations required to achieve the full

1.0M, in the span (Byfield, 2004).

When the construction is unpropped, the steel section supports the dead load alone.
" As a result, the beam undergoes greater strains, leading to plastification at. lower
imposed loads. Consequently, the beam deflects more, and imposes greater demands
for end fotation_. The available rotation i:apacity for industry standard composite
connections are limited at only 32 mrad ( 1.80°) for 8355 beams and 25 mrad (1.43%9
for S275 beams (Byfield, 2004). As there is a limitation on the available rotation
capacity in the design of unpropped composite beams, the maximum design sagging
moment in the beam must be no greaier 0.85 44, and the ratio between the support
and span moments must not be less than 0.3 (Byfield, 2004). Due to the limitation in
available rotation capacity and the insufficient reserved strength for redistribution
(0.85 to 1.0/14); ‘the semi-rigid connection cannot be able to redistribute the

accidental load through beam action.

3.4. Beam and catenary éctiohsin rigid connection frames

Unlike semi-rigid connections, rigid connections have sufficient ductility to

accommodate catenary actions, as the plastic hinges form in the beém, providing the




J9 Chapter 7 Direct Design Methods: Protective Design for Steel Structures

strength of the connection exceeds that of the beam. The joint ductility helps in
redistributing the support moment to the span moment. In the double span approach,
the failure takes place at either column core tension field or weak panel zone as
shown in Fig. 3.26. The failure at column core tension field can be avoided by
maintaining discrete beam-to-beam continuity. The beam-to-beam continuity is
ensured by connecting the top and bottom flange of the beams by means of plates.
The dimensions of plates are mainly decided by the design sagging moment of the
beam. The failure at weak panel zone is due to in-plane shear. This can be avoided
by providing the diagonal plate across the zone. Due to the huge joint ductility, the
frame can be able to redistribute the accidental load, after the removal of the column,
provided that the column webs are strong enough against the failures which take

place at core tension field and weak panel zone.

Insufficient strength of column core subjected to
concentrated forces (eg. web crippling, yesding,
buckling, and flange local bending) precludes beam- \
to-beam continusty across the column
Th A~
Premature brittie Joeen =1
fracture impedas plastic -

| '[ hinge formation [ ' SECTION B-8
A
i Double span condition -

- | yome s 3 Lj‘»

— (}
Weak panel zone
Weak panel zone
shear fa@i:ra impedes Coliain Core
plastic hinge formation tension field
Removed/d ged
column

Fig. 3. 25 Double Span Approach (GSA, 2003)

3.5. Conclusions

The tying force method is a popular low cost means by which to comply with the
Building Regulations concerning robustness. The tying capacity of connections is
generally determined in the absence of beam rotations. When subject to the rotations
required for catenary action, connections can develop a prying action that leads to
rapid failure. If low ductility connections are used with the tying force method the

factor of safety against collapse is estimated at less than 0.2. It is concluded that the
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method will not prevent 'progressive collapse in steel framed buildings with simple
and semi-rigid connections. In case of frames with rigid connections, the survival of
the steel frame can be increased by designiﬁg the beam and beam-to-beam continuity
plate for low design ségging moment (<0.85 44,), show that the reserved strength can
be utilized to overcome the loss of intermediate column.
The review of bomb damaqu buildings indicates that the provision of emergency ,
bracing is the most effective means of redistributing loads away from damaged
" columns. During WWII emergency bracing was provided by stiff masonry panel
walling and cladding. The World Trade Centres were able to survive the immediate
aftermath of the impacts partly because daméged columns were able to hang from
the outrigger truss installed in the top floors. Conversely, the Murrah Bﬁilding
featured neither of these alternative load paths and. lost approxirﬁately half of the
floor area following removal by blast of three perimetér columns. It is concluded that
multi-storey buildings that could pose a target for malicious actions should be
provided with *em'ergency brécing in order to redistribute column loads following -

localised damage, rather than relying upon catenary action as the sole means for

ensuring robustness.




Chapter 4.
Dynamic Analysis for Columns

subjeCted to Blast Loa'd»

4.1. Introduction

For medium rise multi-storey buildingé,- the natural period of vibration will typically
be more than 1 Sec which is very high compared with the duration of a typical blast
from hiegh explosive (1-3 mSec). Hence, blast initially causes localized damage,
which caﬁ lead to progressive failure in certain circumstances. As the load duration
is often short in comparison with the natural period, it may be impulsive in which
case a large part of the applied load is resisted by the inertia of the sfructure, and the
* stresses produced are smaller than those of similar‘ peak pressure but Jonger loading
duration loads. Hence, most of the response of the column occurs after the net load
had diminished to zero as shown in Fig. 4.1. This illustrates the importance of
‘dynamic analysis of tﬁe member. Beams are of secondary interest because i) failure
of columns may triggér a progressive éollapse and (ii) beams are often more robust
in comparison with columns. The column is the main critical member for the direct
blast load, as the removal of column support may result in progressive collapse.

~ Columns can be failed by the brisance effect or shear or by bending. In RC columns,
shear or compression dominated failures lead to brittle modes of failure and the
flexural failure leads to a ductile mode of failure. Hence, the linear dynamic analysis
may be carried out to check column shear strength and the nonlinear dynamic
analysis may be appropriate for assessing the flexural strength of the column against
blast load. During the dynamic analysis of blast it is usual to ignore the dampiﬁg
when soiving the equations of motion. This assumption is considered valid because
load duration is very short, whereas damping systems requiré time to absorb energy.

In this chapter thé dynamic analysis for columns will be explained and response

charts will be developed for an idealized column with a range of end support
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conditions, namely (i) pinned at both ends, (ii) fixed at both ends (iii) pinned at one
end and fixed at other end and (iv) fixed at one end and_freéd at other end

(cantilever).

Blast Load

i
S .
3
£
: .
¥

i k3

- v time

Fig. 4. 1 A typical response of column for blast load

4.2. Comparisons between linear dynamic analysis using either SDOF
and MDOF systems : |

- As the dynamic analysis of columns with axial compression is complex in nature, it
can be idealized as a beam with a certain degree of end fixity depending on the
beam-column stiffness. Analysis using multi degree of freedom (MDOF) and single
degree of freedom (SDOF) systems is compared herein.

4.21. Single degree of freedom system modelling of columns

In this method, only the first mode of vibration is considered and then the equivalent
SDOF system is identified by equating respective energy such as kinetic energy,

potential energy and work done by the load (explained in section 4.3). For example,

for a simply supported béar_n, the equivalent load (Z{4) is calculated by comparing
the work done by two systems (Fig. 4.2) which is equal to 464 A4; the equivalent
stiffness (£7) is calculated by comparing the strain energy of the systems which is

equal to 0.64 & and the equivalent mass (47) is calculated by comparing the kinetic
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: energy_ of fhe systems which is equal to 0.50 47 This approximafe; method is
expléined in the book, “Introduction to Structural Dyhamics” by.Biggs (1964). The
equations of motion are expressed for the equivalent lumped-mass single degree of
 freedom systems as shown in Eq. 4. 1. The response (u) of the systcm is‘obtain‘ed by
solving this differential equation. If the duration of the blast is large enough i.e.,
7703714, (Craig, 1981), the maximum response occurs before the load diminishes
and fhe maximum response is calculated using Eq 4.2. If the duration of the blast is
very small compared with the natural vibration period, the maximum response
occurs after the load diminishes and the maximum résponse is calculated using Eq.
4.3. Shear force and bending moments are evaluated from the free body diagram

which includes inertia force also.

Py(t)
P(t) | M, o
4L¢HHHHHHHHHH - ‘
ul - =>
MK _ K.

le—td —» Time

Fig. 4. 2 Single Degree of Freedom System

a4 K= £ ‘ | @.1)
PLE l ]((1 cosa /)+ sin @/ [:: ) . “2)
| zz[f] [ d (Siral)zld _sin a;f;— %) _cos wt) | (4.3) |
Where,

y.¢ - Stiffness of the column

V¢ - Equivalent stiffness of SDOF system -

VA - Length of the column

Vi - Mass per unit length "

© M, - Equivalent mass of SDOF Systém

P ~ -Peak blast load _ .
Z/7/ - Blast load on column per metre length at time, ‘t’
2./7/ - Equivalent blast load of SDOF system

C Ly - Duration of blast load
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u - Displacement ‘
1) - Natural ffequéncy of the coluimi
: )

Baso;d on ‘equivalent lumped-mass single degree of freedom’ systems, TM 5 ~ 1300
prbvides a set of curves (based on the approximate method of Biggs (1964)) to
calculate the response of real distributed mass structural elements for different
loading prbﬁlé‘s. In most dynamic structural ahalysis, espécially earthquake analysis,
the contribution of the first mode is around 80 percent of thé total; hence the

contribution from other modes is often neglected.

4.2.2. Multi-ﬂeg‘ree of freedom system mod'ellir'lg '

The idealised column is a continuous system where every mass particle has.‘its own
equation of motion. This structural dynamics problem can be solved in two ways:
usin;g either the lumped mass method or the distributed mass method. In lumped
mass systenis, the column is discritized, typically with lumped masses; the system of -
ordinary differential equations governing the motion of such a system is assembled
and solve&. This method is ideal for computer irripleme’ntétions but the accuracy
depends on the number of dynamic degrees of freedom of the system. In the
distributed mass method, the system has an infinite number df DOF, the partial V
differential equation (Eq. 4.4) is developed using force equilibrium, shown in Fig.
4.3. The response z/ﬂt;ﬂ is expressed as the superposition of the response of

individual modes as shown in Eq. 4.5.

- Dw otu .
¢;§+£/¥_P[x,/] - | - (4.4)
u[x,z]_;g@[x]ﬂg[/] | (4.5)

By substituting Egs. 4.5 in 4.4 two separate ordinary differential equations, shown in
Egs. 4.6 and 4.7 can be obtained in which one yields the spatial function (Eq. 4.8)
and the other yields time function. By substituting the boundary conditions Qf the
beam into the spatial function, the natural frequenciés and mode shapés for different.

beams are obtained and are shown in Fig. 4.4 and Table 4.1.

8" [x] - ,B”4¢[x] =0 | . (4.6)
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s ey I I @

Where,

| 44=:Iw[¢n[x]]zdr
= £ [g [s( )

21 [ Adp. L)

o | /] [,r] = Asin Bx+ Fcos fr+ Csinh Px+ Deosh Bx , 4.8)

This standard derivation is available in many textbooks, such as Chopra (2001),

Craig (1981), Clough (1995) and Biggs (1964). If we consider the simple form of a

simply supported beam, the natural frequency (Eq. 4.9) and mode shapes (Eq. 4.10)
are obtained by substituting the boundary conditions such as zero bending moment at

. both ends and zero deﬂéctions at both ends.

2.2
o, = ”[’2’ “ , - (49
” |

'¢”[x]=4sin%’ L - | (4.10)
Where, | _

A4, B Cand D— integration constant

A4, - Amplitude of n™ mode

£ - Modulus of e]aSticity of concrete

/- Moment of inertia aBout bending axis

[A - - Length of the column

Y - Mass per unit length

Vi - Mode number

?

Al - Blast load on colurﬁn per metre length at time, ‘t
g1/ - Time function

7 - Duration of blast load
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Y - Displacement
®, - Natural frequency of n™ mode

¢,[x] - Spatial function of mode shape

P
H\‘LHHHHLUH iHH

(a) Simply supported beam.

ﬂ& . - . L

4 + —
7= mdra T )
(b) Section at A (c) Sign conversion (positive)

Fig. 4. 3 Multi-degree of freedom system
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" (a) Simply Supported Beam "~ (b) Cantilever Beam
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(c) Propped Beam ... (d) Fixed Beam
Fig. 4. 4 First 4 mode shapes for different beams

Table 4. 1 Natural Frequency and mode shape

‘Natural

Type of Beam Mode shape (¢n)

Frequency (wp)

5 A z ;”1 g ¢,[4=sin [%ﬁ'

m

¢,[x1= cos[ B, 41— cosh[ ,4] + £,(sinh[ B,+] - sin[ B, 4]}
cos[3,£]-cosh[,2] 5 = z(dn+l)
sin[ 8,Z]—sinh[ 3, Z] Y

z'(4n+l)’ &
162 m where, £,=

ey
e

‘Qnel) (& 4,021= cos| 3,21~ cosh[ B,4] - 4,(sin[ 8,4} ~sinh( B, 4])
& ’;:- : ” where, £ =w B.= z(27+1)
4 ” > sin[B, 21— sinh 8, Z] . A ———2[

e
o
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asie (&
2 \m h
ne (@ ) ‘
4 61270 5 4,011 = cosh[ 8,41 cos[ 8,41 - 4,(sinh[ B, sin[ B,4)
A _ . SR = C4=3 where, t':c?sh[ﬂ,,l]w.os[ﬂ”q - 7(2n-1) .
' 1209 [Z7 sinh{3,Z] +sin[8,Z] 27
ZF A "t : ,
oy [7 .,
!

The response (u) is obtained by. combining the time and spatial functidns. As
mentioned earlier, if the duration of the blast is large enough, the maximum response
occurs before the load diminishes and the maximum responsé of an idealized column
which is pinned at both ends is calculated using Eq. 4.11. If the duration of the blast
is very small compared with the natural vibration period, the maximum response
occurs after the load diminishes and the maximum response of idealized column
which is pinned at both ends is calculated using Eq. 4.12. These equations were

* solved using the programme called Mathematica, a tool that has been used for the
analysis presented throughout this thesis. '

4P & sin[w, A
E ,,;s (

X

dx = —cos[w/]+f"lii;tfj sin [——”f;—} 4.11)

a

7=1,3,5;... ,,

Ax= i 2 o sinfw, (f L)+ z)2,]cos[w, (7—2,)] sm[%r] 4.12)

" Where,
1) =1l o - :
wlr=r)=—2 { )” )[S‘“a[f’"’ A cos[w,/,,]]
” 4 -
. ((_1)”“1) éos[w;/d] .
ulr=1)]= h[a)”ﬂ . l: o, —Sm[?/d]_ w//:l

Shear forces and moments are calculated from the displacement function by solving
the governing differential equations (beam equationS). The maximum responses are

expressed as follows.

 (4:13) . :
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M =a,(7Z) » @4.14)
Sm=a, (A | , (4.15)
Where, |
- #,, - Maximum displacement at mid span of colun;n
%ax - Maximum bending moment at mid span of column
S, - Maximum shear force at support of column

K -F lexufal stiffness of column
zZ - Length of column
P

- Total load on column

a, - Deflection coefficient
a, - Bending moment coefficient
a - Shear force coefficient

5

4.2.3. Comparison of SDOF and MDOF systems

The above responses are the function of the ratio of the duration of load (],’)to
the natural vibration period (7;). Considering both systems, the responses for the
idealized column with different end conditions are calculated for different 7,7,
values using Mathematiea and the response charts are prepared and compared. The
response charts for an ideélized‘column, pinned at both ends are shown in Figs. 4.5
to 4.7.4Fig 4.5 shows very little variation in the deflection predictions between
SDOF and MDOF systems (i.e., the deflection contributions from higher modes are
negligible), since the equations (Eq. 4.11 and 4.12) governing deflection converge
.very fast as it has /7 in the denominator. Contrary, the SDOF system modei
underestimates bending moment and shear force as shown in Figs 4.6 and 4.7 (i.e.,
the contributions from higher modes are significant), as the equations governing '
shear force and bending moment eonverge slowly compared with the equations
goveming deflection (// in the denominator) as they have oniy A/ and /7 in the
deneminator respectively. Therefore, the range of 7,77, for columns is explored for
blast, located at safe stand off distance (defined as the minimum stand off distance '

required to save the column from the blast) such that it loads the columns just' close
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to failure. The safe stand off distances for different columns and charge weights are
calculated using the method, presented in chapter 6. _’["he blast load for these columns
is estimated using the method, presented in chapter 5 and ]’,/7; is estimated (Table
4.2). The results show that 7,77, widely varies from 0.03 to 0.16L ‘The error in the-
response of SDOF system ‘is piotted against 7,77, and shown in Fig. 4.8. The plot-
shows that the SDOF system underestimate shear by 20 to 50% and moment by 10to
20%, therefore one might consider increasing shear force, calcula‘teduusing such -
SDOF methods, by 50% to account for the higher modes. This approximation is
crude but likely to be safe. At the same time, the SDOF system modél can be used to

estimate the dynamic bending moment.

14
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Fig. 4. 5 Maximum deflection of idealized column, pinned at both ends
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Fig. 4. 6 Maximum bending moment of idealized column, pinned at both. ends
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Fig. 4. 7 Maximum shear force of idealized column, pinned at both ends
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Fig. 4. 8 Percentage error in SDF system’s responses of idealized column,
pinned at both ends

Table 4. 2 T /T, for different columns and blast

Charge Stand off Duration of Natural time
’ Co}qun weigrlft distance Breadth Depth Length blast load, t; period, t, ty/t,
_(kg) (m) | (mm) (mm) (m) (mSec) (mSec)
1 ) 998 219 406 406 427 2.90 0.09 0.09
2 1814 26.8 406 406 4.27 3.33 0.11 0.11
3 1814 23.0 457 457 4.27 312 0.11 0.11
-4 454 14.8 610 610 4.27 2.68 ) 0.13 0.13
5 454 14.0 610 610 427 2.56 0.12 0.12
6 408 19.5 305 305 5.49 2.37 ' 0.03 0.03
.7 1814 23.8 813 813 5.49 3.96 0.16 0.16
8 998 . 20.7 356 356 4.83 2.69 0.07 . 0.07

The Mathematica programmes for dynamic analysis and the response charts for
idealized column with different boundary conditions are given in the appendix A2.1
to A2.3. The MDOF curve (Fig. 4.7) in this range is observed to be markedly kinked.
The reason for this is interesting and is explained by Way of figures 4.9 and 4.10.
When 7,7, ie equal to 0.025 there is no phase difference befween the maximum
shear response of the system and the _15‘t mode (Fig. 4.9(a)). In contrary, when 7,7,
1s equal to 0.10, there is a phase difference between the maximum shear response of
the system and 1% mode (Fig. 4.9(b)). The feaéon is that the maximum response
occurs after Z,time even for higher modes, when 7,/7, is less than 0.05. This phase

lacking in the maximum shear response of the 1* mode creates kinks in the shear

+ response after 7;77,=0.05, as explained in Fig. 4.10.‘
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Fig. 4. 10 Mode’s shear contribution in total shear response of the system

It is clear from the analysis that the SDOF system model is capable of accurately

modelling deflection but is less accurate with moments and less accurate still with
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shear. This is well explained through Figs 4.13 and 4.14. The normalized shear force
of higher modes is comparable vs;ith that of first mode-(4.13 (c)) and can not be
neglected. Contrary, the normalized deflection of higher modes is negligible,
’ compared with that of first mode, as shown in Figs 4.13 and 4.14. This is the main
reason SDOF models ‘can significantly underestimate shear force and bending
moment, where little error is present fof (maxifnum) deflection. Therefore, the
contribution from higher modes cannot be neglected in the case of >blast loading in
which 7,>> 7, 'For example, when 7,7, =.0.025, the shear contribution from the 1%
and 2™ modes is almost equal (Fig. 4.11). Hence the shear force from the SDF
system model is 60 percent less than that from the MDF system. However as 7
approaches 7, the shear contribution from the highér modes become less important.
For-example, Fig. 4.12 shows 77, = 0.5, in which high modes of vibration produce

little effect on shear force and bending moment In conclusion, if 777, is less than

0.1, the SDF system will significantly ‘underestimate shear force and bending

moment.
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Fig. 4. 11 Maximum Shear Response at T/T, = 0.025
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Fig. 4. 13 Response of idealized column, pinned at both ends at 7,7, = 0.025
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— 3rd Mode

Normalized SF Coeff (SF Coeff / Max. SF Coeff)

1.0 ! > i =
Time in Sec

(c) Shear Force Coefficient
Fig. 4. 14 Response of idealized column, pinned at both ends at 7,7, = 0.20

4.3. Nonlinear dynamic analysis considering SDOF

Ductility of columns

Ductility is the capacity of members to undergo considerable plastic deformation
without loss of strength capacity and is also a measure of the energy absorption
capacity. The best way to quantify ductility is through either deformation, or

deflection, or rotation. Here, the ductility is defined as the ratio of total deflection to

elastic deflection, 1.e.,( % ) The concept of ductility is linked to the moment

redistribution capacity and, consequently, the safety of the structure. The typical
force-displacement curve for a column is shown in Fig. 4.15. In reality, the column
deforms beyond its elastic limit, until the plastic collapse mechanism is formed. The
region, OA represents the elastic behaviour. At point-A, the plastic hinge is formed
in the support. After this point, the support moment is redistributed to the mid-span
due to free rotation at support. In the region AB, the complete span is elastic apart
from support. At point B, the plastic hinge is formed in the mid-span in the case of
fixed supports and 0.58 L from support in the case of propped cantilever column as
shown in Figs. 4.16 and 4.17. After point B, the small increment of force leads to

plastic deformation, represented by region BC.
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Fig. 4. 16 Plastic analysis of column, fixed at both ends
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Fig. 4. 17 Plastic analysis of column, fixed at one end and pinned at other end

In the nonlinear analysis, the plastic region (the region after B) is ignored and the
resistance function is considered until the elasto-plastic phase (upto point B). In case
of pinned columns, there is no way redistributing the mid span moment, hence the
elastic analysis is used to estimate safe stand off distance (Chapter 6). In the case of
the columns, fixed at both ends and fixed at one end and pinned at other end, the
detailed elasto-plastic analysis is carried out and the response charts are prepared.
These charts will be used to estimate the safe stand off distance considering flexural
failure of these columns (Chapter v6). The résistance-deﬂect_ion function can be

replaced byv the bilinear function, ODB, so that the area under this curve is equal to
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the area under the curve OAB (Smlth P.D, 2003)) The slope of line, OD is termed
as equ1valent elastic stiffness.

The elastic resistance (i.. force) and deﬂection is calculated from simple structural
analysis.” As the support rotatés freely after the formation of plastic hinge at the
supports, the increment in deﬂecﬁon, due to increment in load after 'thé elastic phase
is calculated éonsidering the column, pinned at both ends from simple structural
analysis. In columns the flexural capacity of mid and end sections is same i.e., 44, =
A, = M Tables 4.3 and 4.4 shows the key points of resistance-deflection function for
the column with different boundary conditions. |

Table 4. 3 Resistance-deflection function for column, fixed at both ends

Phase Resistance Deflection
o 2% 2
Elastic (Point, A 7 =—
® ) Z e 3845/
. . 164/ 5 (r -7 ) zZ
Plastic (Point, B 7, =— == 2 4
(Point, B) Z R TYY
Equivalent Elastic (Point, 1647 . /
T =
D) z v 30747

Table 4. 4 Resistance-deflection function for cdlumn, fixed at one end and

pinned at other end

Phase Resistance Deflection
. . Y74 » f
Elastic (Point, A r=—
: (o _ ) VA T1857
Plastic (Point, B 7, = =\ el Ly
, ® ) zZ 27 38447 °
Equivalent Elastic (Point, 1247 7, 2
7= =
D) - 716047

The ductlllty of 1.6 and 1.27 is éstimated for the columns fixed at both ends and
fixed at one end and pmned at other end respectlvely TM 5-1300 suggests the
maximum ductility columns _should not exceed 3, hence the estimated ductility is '

within this working limit.
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Equivalent SDOF system DT

As thére is little difference in the bending moments obtained ﬁ'om.MI')OF and SDOF
) systems (Fig. 4.6), the SDOF system is uséd to estimate the elasto-plastic responses.
The first step in the analysis is, idéntifying the equivalent SDOF system for columns

with different boundary condition. As mentioned in Section 4.2.1, mass, load and

stiffness factors (zf,”,z{’;andl’,respectively) are calculated by comparing kinetic

ehergy, work done and strain energy of the two systems. In the first step of the
calculation, the suitable displacement function is obtained depending on boundary .
conditions of the column. For example, the" displacement function for pinned

columns subjected to uniformly distributed load can be expressed as

Swl
384 £7

16w
384 £7

. This function is

(f x=207 + 4 ) with central displacement of 7, =

16
57

maximum displacement of the column is considered to be equal to the displacement

rewritten in terms of central displacement, i.c., (zf,r_— 2.7 +x4)};', because the

of the SDOF system (7). Similarly, the displacement functions for other columns

* with different boundary conditions are given in Table 4.4. After obtaining the

displacement function, £, £, and £ are estimated by equating kinetic energy,

work done and strain energy (the equations to estimate these quantities given in
Table 4.4) of two systems respectively.- The method to estimate these factors is

explained comprehensively in TM 5-1300 and it is summarized in Table 4.5 and 4.6.
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Table 4. 5 Transformation of MDOF system to SDOF system

Description MDOF system SDOF system
Deflection (elastic analysis):
Pinned at both ends %(f =2+ 5 )};' z
. 16 2.
Fixed at both ends 71‘2 (£Z-2) Z z
One end fixed and other end '
» . ﬁf(u*—szﬁzf)};' 7,
pinned 487
Deflection (elasto-plastic
analysis):
Fixed at both ends & g(fx— 247 + x“)}j r
One end fixed and other end '
.| pinned
Deflection (plastic analysis):
‘Pinned at both ends x Z
ed at both et VPR x< A
& 1(x-2) Z
. x—
Fixed at both ends 772 Z 12[/
Yy <0587
One end fixed and other end. 0.582 - 5
. ] i
pinned (=) sos82
[ 0422 °
Z
Work done I AN y(x) &, (17,
: 0
Z 2 :
' 1
Strain Energy P24 K ar ~ K KFP
25 2
| 1% (&) 1 27\
Kinetic Ene — 7| = . ¢ 21
netic Energy 24 (ﬂ?) 5 ”’”I[(a.’f) |
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Table 4. 6 Transformation factor

‘Boundary Condition Mass factor Stiffness factor Load factor
| K, K K;
Pinned at both ends '
elastic : 0.50 0.64 0.64
plastic 1033 0.50 0.50
Fixed at both ends
elastic - 1041 0.53 0.53
elasto-plastic loso 0.64 0.64
plastic . 0.33 0.50 0.50 |
One end fixed and |
other end pinned
elastic 0.45 0.58 0.58
elasto-plastic 1050 | 0.64 0.64
plastic . 0.33 0.50 0.50
Where,

K, . - Stiffness factor for SDOF system

V. ¢ - Load factor for SDOF system

K, - Mass factor for SDOF system

47 - Ultimate moment capacity of columﬁ section.

A, - Ultimate moment capacity at mid span regioh
A7, - Ultimate moment capacity at support

r(,r) - Resistance function

z, - Ultimate resistance

w - Uniformly distributed load on column

X, - Elastic displacement

X, - Total displacemen£
%,  -Equivalent stiffness of elasto plastic system

¥ - Maximum displacement at time, ‘7
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Nonlinear Dynamic Analysis
The linear dynamic analysis of SDOF systems is explained in section 4.2.1. In the

dynamic equation for SDOF systems (Eq. 4.1), & «~represents resistance and can be

replaced by the function r(,r) . Eq. 4.1 becomes,

&, Mr+ K p(x)= K, (4.16)
r(,_r) represents the bilinear resistance deflection curve (ODB), shown in Fig. 4.15
and can be mathematically formulated as follows,

5 .
—~x x< x,

(r)=3 %y

7 x> x,

u

4.17)

Eq. 4.16 is solved using mathematica and the response curves, (i) 77, vs ductility
(%42, and (i1) 777, Vs (7,/P) are plotted (Fig 4.18 and 4.19).

100

10

!
0.1 i

0.1 0.2 03 04 0.5 0.6 0.70.8091 ) 20 3.0

7
7,

" Fig. 4. 18 T/T, vs ductility (x,/x.,)
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From Fig. 4.19, the resistance of the columns is estimated for its ductility and the
“ratio of the blast duration and its natural time p'eriod..

\

4.4. Conclusions

The résponse of columns subjected to blast has been compared between SDOF and
MDOF models. This showed that when the ratio of the duration of blast load (77) to
the natural vibration period (7, ) is greater than 0.1, the contribution from the higher
modes can be neglected to simplify the analysis, hence SDOF models are sufficiently
accurate. However, when 7;/],’, is less than 0.1, the SDOF systems were shown to ‘
underestimate shear force by approximately 50%. Whilst deflections and moments
were comparable with those from MDOF solutions for most columns when blast
occurs at a distance close to that required for failure, ]’/7,’, will be in the 0.05 to 0.15
region. Fbr example 77, for the failed columns, G16 and G24_of the Murrah
‘Buildings are 0.07 and 0.11 respecti_vely.. Therefore, this lack of conservation
inherent in SDOF analysis does have design implications, with most of the design -

guidelines such as TM 5-1300 based on SDOF systerh analysis. Therefore one might
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consider increasing shear force, calculated using such SDOF methods, by 50 % to

account for the higher modes. This approximation is crude but likely to be safe.

v
BIRNY




Chapter 5.

Protective Design for RC Framed

~ Structures with a Case Study of the

Murrah Building

5.1. Introduction

| Disprbportionate collapse can be avoided through either: provision of a safe stand off

distance, indirect design or direct design. A description and the limitation of these

methods are explained below, with the level of protection against malicious use of

high explosives indicated by the use of the ***** gystem, 5* being highest and *

lowest:

Table 5. 1 Level of protection

Level of Protection

against Progressive | Description Pros & Cons
Collapse
(1) Safe Stand off Possible threat is measured  Pros: highest level of
Distance (5*)r B and the safe s;and off protection}

distance is maintained

(2) Direct Design
(i) Alternate Load
Path method

(a) Outrigger Localised damage to the

86

Cons: It may not be possible
to maintain the safe stand
off diétance due to either.

uneconomic or constrained

| land.

Pros: highest level of
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Truss Method

/

(5*)

(b) Double 'Spaﬁ

Method (4%*)

(ii) Key Element
" Method (3*)

“ frame is accepted. The

columns above the daniéged
frames suspended from the

outrigger trusses. In the

- case of WTC 1 and 2, the

outrigger trusses installed
between the 105® and 110®

"~ floors provided the alternate

load path.

Localised damage to the
frame is éccepted. The load
from the damaged frames is
transferred to the adj acen{
columns through beam .
and/or catenary actions. US
General Service
Administration (2003)

advocates this method.

" In this approach, the key

elements are designed for
the uniformly distributed
load of 34kN/m”. This load
is applicablé in any
direction (BS 6399 — 1 and
BS-EN 1991-1:2006).

.damaged columns. The full

drag-down of undamaged

protection.

Cons: All the column joints
such as sp!icing or lapping
need must be design.ed to
transfer tensile forces from
the damaged columns. The
out-rigger system is
redundant except in an
emergency. |

Pros: Simple method and

the level of proteétion are

satisfactory.

Cons: Severe problems
could be encountered if
support to more than one
column removed, as it was
the case in the Murrah .
Building. Such an incident
could cause collapse of floor

area supported by the
moment joints could cause

columns. Reliance on full
moment joints is costly.
Cons: This load is arrived
from the gas explosion. Now
days, the buildings have -

high risk of experiehcing

vehicle bomb, hence this
approach may not be
appiicable in the present

situation.
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(iii) Specific local = The load bearing members
resistance method are designed to resist -

(5™ specific blast load.

(3) Indirect Design Load carried by the
(1% removed load bearing
elements are transferred to
the rest of the structure
through min‘imuni strength,
continuity and ductility. In
the case of steel framed
buildings, the continuity -
“helps maintain structural
integrity, although as has
been demonstrated in
Chapter 3, support to a
damaged column via
catenary action is probably
- not feasible. In the case of
reinforced concrete
columns, the ductility (as
provision in ductile design
for seismic loads) can help
to limit extent of localised

damage and continuity in

N

Pros: highest level of
protection.

Cons: It may not be

- economic in certain situation

where the scaled distance is
very less. The method is |
complex and iterative,
involvihg the estimation of
blast load, its dynamic effect
on the member, and
dynamic strength of the
member.

Pros: Inexpensive.

.. Experience from blast

damaged buildings shows
that ensuring structural

elements are properly tied

together is important for

avoiding collapses.
Cons: In most cases the
method is incapable of

redistributing column loads.
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the reinforcement can help
to redistribute column loads

through beam action.

The importance of alternate load paths and maintenance of a safe scaled distance
were demonstrated in the incident of the Khobar Towers as explained in chapter 2.
- The stand off distance saved the buildings from a massive explosion. If the stand off
distance had not been maintained, then it is likely that the internal structure of the
building would have been destroyed at the ground level resulting in ‘a pi'ogressive
collapse. The fagade was completely destroyed. Despite the destruction of these load
bearing elements, the provision of adequate tying between members helped maintain
structural integrity and would have helped avoid progressive collapse. The dangers
" of not maintaining a safe scaled stand off distance was also realized m the Murrah
building incident. The truck bomb, equivalent-to 1800 kg of 'INT, exploded very
close to the building. In this incident, the direct blast pressure destroyed one column

by brisance and another two columns by shear. The loss of these three columns led to

a collapse that consumed ¥; of the floor area of this nine storey building. The use of

current codes/standards could not consistently provide assurance against progressive

collapse (Nair, 2004). For this reason, some specifications, such as US DoD -

guidelines, specify safe scaled distances for structural safety from air blast loads. It
recommends a safe stand off distance of 4.46 m/kg'? for unstrengthened buildings
(US DoD, 1999). This recommendation was arrived at without considering the type
of structure, the configurations, and the .behaviour of structural elemenfs. It
necessitates further studies on the behaviour of structures, subjected to blast load.
This chapter explains the blast load for a column with a case study of the Murrah

building incidents.

5.2. Blast loading

High explosive detonation converts explosive material into a gas at high pressure and

temperature which forms a shock wave front travelling radially with'high_velocity

into the atmosphere by compressing the air in its path. This produces the ambient

overpressure or the incident pressure which ﬁnaily Thits the building and gets

reflected with amplified over pressure, called reflected pressure. A typical pressure-
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time profile for a blast wave in free air is'shown in Fig. 5.1. The over pressure

depends on the stand off distance and charge weight. The stand off distance is
defined as the distance from' the bomb to the target; and .the c»harge" weight is
represented by the equivalent weight of TNT. The chér.ge weight can be roughly
estimated based on the carrier (truck and briefcase etc.). Federal Emergency
Management Agency Guidelines (2003) provide typical charge sizes for design
purposes (Table 5.2).

P(t)

Py |

-ty e tg -

Fig. 5. 1 Blast wave pressure-time profile

“Table 5.2 Typiéal size of Improvised Explosive Devices (FEMA, 2003)

Type of bombs ~ Size in TNT equivalent (kg)
Truck bomb 4500
Vehicle bomb (Van) 1800
Vehicle bomb (Car) o 230
Briefcase bomb » 25
Pipe bomb - o 2

Various graphs (TM5-1300 based on Kingery, 1984) and formulae (Brode, 1955 and
Henrych, 1870) are availaBle to estimate air blast loads. TM5 — 1300 (US Army,
1991) provide a set of design curves to determine blast wave parameters such as

peak incident and normal reflected pressﬁres, incident and normal reflected impulses,
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time of arrival of the blast wave, duration and shock front velocity for different

scaled distances. It also provides a set of curves to estimate reflected pressure with
the orientation, i.e. where the structural face is not normal t:) the direction of blast
wave. Aparf from this, the computer programmes such as CONWEP and AT-Blast
are available to estimate blast wave parameteré. Using thié programme, the over and
reflected pressures were calculated herein for fh_e above mentioned explosive devices
‘and the different stand off distances, and the graphs, shown in Figs. 5.2 and 5.3 are
plotted. The dynamic pressure is caIcﬁlated based on static over and reflected

pressure using Eq. 5.1 (Rankine, 1870).
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Fig. 5. 2 Static over pressure for different explosive devices
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Fig. 5. 3 Reflected pressure for different explosive devices
Pr=2ﬁs+(7+l)% o » . (51)
Where, »
2 - Reflected pressure
yz - Static over pressure
pPs - Density of air molecules
gs - Dynamic pressure

y - :QGas constant, normally 1.4 for air.
When thg over pressure is much less than the ambient pressure, the velocity of air
molecules reduces nearly to zero, ‘resulting in low dynamic pressure. As a result, the
r;ﬂected pressuie is two times the static over pressure. Shock waves from blasts can
break this simple relationship between static over pressuré and reflected pressure as
shown in Fig 5.4. For example, for objects located at cloée range'to detonations the

reflective pressure can be typically 8 times the static over pressure. In extreme cases

the reflective pressure can be up to 20 times the ‘static over pressure due to
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dissociation effects, which is a chemical process in which complex molecules split

~ into smaller molecules.
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\

0 : : : :
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Static Over Pressure
[o)]

Ratio of Reflected Pressure to

Fig. 5. 4 Scaled distance Vs Ratio of reflected pressure to static over pressure

The calculation:of blast load duration for columns differ from that of walls. In the
case of walls, the duration is governed by reflective impulse and reflected pressure,
as the blast wave takes more time to clear. In the case of columns, the duration is
governed by the velocity of the wave front and the clearance distance, as the blast
wave clears quickly due to small width. This blast wave clearance is possible only if
the blast wave is free to wrap around the column. When the shock ffont wave strikes

the front face, the pressure immediately rises from zero to the reflected
pressure(f;,) . The reflected pressure clears in clearing time, (7}) which is calculated
using Eq. - 5.2. This equation was prbposed by Glasstone and Dolan (1977). At

clearing time, the pressure reaches the stagnation pressure, ﬁ(fc) equal to the sum
of incident pressure,(2,) and the drag pressure, (C,g,). The sum of incident and
drag pressures decays to zero within (7,) time after striking the target. The

coefficient of drag, Cpis considered to be equal to 1 for the front face. At the same

time, the pressure wave reaches the rear side at time ( %/) and suddenly rises
’ A

from zero to the incident pressure(2,) at rising time, (7.) which is calculated using

Eq. 53 (Glasstone and Dolan, 1977). This pressure decays to zero within (f”) time
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after reaching the rear face (Fig. 5.5). As the movement of air molecules will be

restricted by the walls and floors, etc, the effect of dyné.mic pressure on rear face can
be safely neglected. The blast pressure-time history, acting on the column is shown
in Fig 5.5. | | '

7= 3%/; | - (5.2)
‘ =47‘j o | (3)
Where,
2, - The reflected pressure on the front face
2, -The incident pressure on the front face

g, - The dynamic pressure on the front face;
- The duration of incident pressure on the front face .

[afPf
U, - The blast wave front velocity for the front face

2, - The incident pressure on the rear face
7, - The duration of incident pressure on the rear face;
0, -The blastrwave,front veloéity for the rear face
A - The clearing th;le for the front face
z  _The rising time for the rear face |
Ry - clearing distance, equal to half the Width_of the face which

experience the blast pressure
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Fig. 5. 5 Blast pressure on front and rear side of column

The net load on the column is the front side load (Point, A) minus the rear side load
(Point, B).’ The estimation of column response for this net prgssure-time history can
be more difficult, hence the complex pressure-time history is converted into a simple
triangular pulse of equivalent area (impulsé). The time duration for the triangular
pulse is calculated by dividing the impulsive force (net area under pressure-time
curve) by the peak reflected pressure. A parametric study is carried out herein to
assess the scale of the inacéuracy introduced by this simplification. The column
response for the complex pressure-time profile is estimated using a SDOF system as

explained in chapter 4. v ‘ .

5.2.1 Comparison'of column responses obtained using complex

pressure-time profile and simplified triangular impulse

The complex pressure-timé history is divided into several phases as shown in Fig.
5.6. For a system without damping, starting from rest, the response during the phase-
1 is determined by evaluating Duhamel’s integral (Eq. 5.5). At the end of phase-I, the

system has velocity and displacement. The response of the system during phase-1I is

calculated considering the velocity, 4 [1;] and displacement, 11[4] as initial
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conditions and by evaluating Duhamel’s integral of phase-II (Eq. 5.7). Similarly, the

response of the column is determined for all the phases and given below. The
flowchart, given in Appendix A3.1 explains the calculation followed to estimate the

response of the columns for complex pressure time-history profiles.

Fig. 5. 6 Complex pressure time profile and simplified triangular impulse

Phase-I:
A
P, %
P, —é«
0 //‘ I +» Time
Fig. 5. 7 Phase-I of pressure time profile - 1
Ple]= P, _(Pmt_“”sc)r (5.4)
u[’]=UJ'—ABL—)£}R[r]Sin[w (t—r):]dr (5.5)
N 384EImo, ; ;

Phase-11:
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!—II-|

Fig. 5. 8 Phase-II of pressure time profile - 1

avpm—@(nﬂ)—?r 56)
DI [t]= 384EI j'P [T]sm[a) (t-7 ]dr (5.7)

u, |t]= ul[ly }cos[a) (t-1) ]+ [ly Lm[w (t-1)]+ DL, [t-1] (5.8)

Phase-I11:

i T
S S 3
RN R

+

)

R

Fig. 5. 9 Phase-III of pressure time profile - 1
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AL ]—m(rﬂt tu))- 3 (t ~1,+7) (5.9)
DI, [t]= 3;5;5 ]P [z]sin[ @ (t—r):ldr (5.10)
u, [1] =, 1, ]cos[ w, (t—tc):|+%:c]sin|:wn(t—tc)]+DI3 [-1] (5.11)
Phase-1V:

| , ” ;
Fig. 5. 10 Phase-IV of pressure time profile - 1

P“[T]—(tcl—icz )(T+(t +t,—1y))- 7 —td,,)( ~(tp-1,)) (5.12)

PBL

Hads 384E1

[r]sm[a) t—7 ]dr (5.13)

’1

(na y,
wtd=slselonfon ({9, ) Aol (56, )]
+DI{I—(%]A+I,H

Phase-V:
e e T T L =V —
- ; e T
R . 3
* Q:T
S
Fig. 5. 11 Phase-V of pressure time profile - 1
-P,
PS[T]: (T+tdA_(tdB+t1)) (5.15)
(tr _tdB)
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/[ = gujf)f IP[r]sin[a)”(/—t)]a’r (5.16)
%[ 7] = #,[2,]cos [w,, (7~ /M)} - A{'a[)/“”] sin [a),, (7~ fﬂ)] + 0/ [r-2,] (5.17)
Phase-VI: )
4| 15+2,
ys[/]zzzsli/a+0/yd]cos{w( (/ﬁ /U)H —[—Z/]sm[w”(/—(fdﬁ%l)):l

(5.18)

In the parametric study, the columns of 300 x 300, 450 x 300 and 600 x 300 mm
cross section are considered. They are assumed to be subjected to an explosion of
230, 1000, 1800 kg of TNT. The stand off distances for the charges are adopted
based on the minimum stand off distance required to avoid spall damage. The blast
load for the charge weight and stand off distance is estimated and shown in Table 5.
3. The deflections of the typical columns are calculated considering the complex
pressure-time history and simple triangular impulse. The results are shown in Fig.
5.12. The error in column response for triangular impulse (Fig. 5.13) is less than ten
percent and the response is conservative, hence the column is hereafter analyzed this

triangular impulse.

0.6

0.5 =
I Blast Loading Profile - |
I Triangular Loading

0.4 -

Deflection Coefficient

Column ID

Fig. 5. 12 Comparison of responses, obtained considering complex pressure-
time history and triangular impulse
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Fig. 5. 13 Percentage error in the response for triangular impulse




Table 5. 3 Blast load on different columns

Front face loading Rear face loading . Duration of]
Cha.rge ‘. Breadth Depth - St‘a nd off S‘caled Pressure Time Pressure - Time Nt Impulse Blast Load
Column ID| Weight distance distance :
. P, - Py(t) te ta P(t) t, ta I ta
(kg) (nm) (mm) (m) kg™ | &Nm?) | (kN/m?) (mSec) (mSec) (kN/m?) (mSec) (mSee) | (kKN/m’-mSec) | (mSec)
1 230 300 300 12 1.96 1125.09 453.54 0.71 5.65 235.07 0.96 583 991.74 1.76
2 230 450 300 12 1.96 1125.09 421.10 1.06 5.65 211.92 1.44 5.83 1166.42 2.07
3 230 600 450 6 0.98 8608.66 2450.11 0:74 2.06 666.58 1.06 2.34 4916.90 1.14
4 1000 300 300 30 3.00 330.74 147.88 0.94 16.03 104.48 1.26 16.23 493.08 298
51 1000 450 300 21 2.10 912.59 375.83 112 10.12 209.87 1.51 10.31 1329.76 2.91
6 1000 600 " 450 16 1.60 2080.56 786.19 1.19 7.02 346.27 1.62] ' 7.29 2730.64 2.62
7 1800 300 300 73 6.00 7129 33.93) - 1.17 38.54]: 30.24 1.56 38.65 111.26 3.12
8 1800 450 300 73 6.00 7129 33.40 1.76 38.54 29.60 2.34 38.65 13420 3.76
9] 1800 600 450 36 2.96 34295 146.88 1.87 19.19 101.04 2.51 19.48 745.72 435
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5.3. Material properties for concreté and steel

Dynamic strength of concrete and steel _

Normally, blast produces load associated with strain rates in the range of 10%-10* s’
(Ngo, et. al., 2007). This high straining rate increases the static compressive strength
of the concrete as shown in F ig. 5.14. TM 5-1300 introduces the dynamic increase
factors (DIF) for steel and concrete to aécount the effect of high strain rate. The DIF
is defined as a ratio of the dynamic to static strengths .and it mainly depends on strain
rate, increasing with strain rate. Recogﬁising the difficulty in estimating strain rate
TM 5-1300 (1990) proposes a conservative DIF for the ‘design purposes. Table 5.4
presents theADIF ’s for steel and concrete, considering both shear and ﬂexure. To

avoid brittle failure a more conservative value of DIF is used for shedr.

6 i
O Static Strength 39,30 MPa

5 - X Static Strengtls 54.50 MPa
-'cgu Ross er al, (1995) resultx
5 v  Suatic Strength 35.12 MPa
=S 41 $  Static Strength 36.57 MPa,
o & Static Strongth 40.80 MPa
k= O Static Strength 42.17 MPa
Z 3 A Static Strength 42.88 MPa
R w  Suitic Suength 48,19 MPa
§ *  Bischoff and Perry (1993)
3 27 o
Q : ] »

- oX x
1+ -, "
H 7 T ¥
1 10' 10% 10°

Strain rate £ (s™")

Fig. 5. 14 Normalized concrete compressive strength vs strain rate (Source: Lu,
et. al, 2004) . ' :

Table 5. 4 Dynamic Increase factor for reinforced concrete members

Reinforcement
Concrete
Steel
Type of stresses . .
e |
/; ‘ ﬁi
Bending 1.23 1.25
Shear 1.10 1.10
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Where,

7, - Static yield stress of reinforcing steel
/3 - Dynamic yield stress of reinfor;:illg steel
VA Static cube strength of concrete

/e - Dynamic cube strength of concrete

Modulus of elasticity of concrete and steel
The modulus of elasticity is mainly dependent on the concrete materials, such as
aggregates, cement and their proportions. Several studies have been carried out to

quantify the elastic modulus of concrete (£)) and established empirical‘ equations.

ACI 318-2002 provides Eq. 5.19 to estimate £,

£=334[/ (Ibs/f ) , (5.19)

Where,
Z  -Modulus of elasticity in Ibs/f

(4

/. - Cylindrical strength of concrete in Ibs/ft®

w - Unit weight of concrete in lbs/ft® (150 Ibs/ft® for normal weight

concrete

For normal weight concrete, Eq. 5.19 is simplified to,

£, =4490 7, (N/mm?) o L (520)
Where, o '

/o - Cube strength of concrete in N/mm?

The British standards suggest Eq. 5.21 to estimate the modulus of elasticity

£ =K,+02/, - (kN/mm’) | : (5.21)
| V@ - Constaﬁt related to the modulus of elasticity of the aggregate
(taken as 20 kKN/mm?) i
T - Cube strength of concrete in N/mm’

" Eq. 5.20 is used in the estimation of safe stand of distance for a column because of
simplicity. The typical stress-strain curves for concrete and steel are shown in Fig.

5.15 and 5.16. Due to high strain rates slight increments in elastic modulus are
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observed and are shown Fig 5.15. This enhancement is incorporated in the present

work by replacing /7, by /:,ciin Eq. 5.15. At the same time there is no change in
young’s modulus of steel (Fig. 5.16) due to high strain rate and it is taken as 200000

N/mm?.

f'dg T, S T i, — N — ;7 ! \,\
%
&
@
@
w
x
*— »
@ 7 : |
g ASTM STRAIN RATE
/vy ——— RAPID STRAIN RATE |
//// | 00025¢€, <0.005 in./in. APPROK.
y ‘ 1 |
0.002 approx. €y

STRAIN,¢ (in./in)

Fig. 5. 15 Typical stress-strain curve for concrete under compression (Source:
- TM 5-1300, 1990) -

f g —_— —
4] — A Y
7/2‘.———.—— S~

ASTM STRAIN RATE
—~~~—= RAPID STRAIN RATE

0.07 S 6,< 0.23 in./in. APPROX.

STRESS, f {psi)

—— M S S N {—_s gtaria R

|
|
|
{
l
|
l
I
L/—o.oz to 0.02 in./in. APPROX.

s

[

STRAIN, & {in./in.)

Fig. 5. 16 Typical stress-strain curve for steel under tension (Source: TM 5-
1300, 1990)
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5.4. Flexural strength of RC columns

The flexural strength of RC columns is estimated using the pure bending theory in
which the section is assumed to be plane before and after bending. The basic
assumptions, made in the estimation of flexural strength are:

1. Strains in the concrete and reinforcement are derived assuming that plane
sections remain plane.

2. The tensile strength of the concrete is ignored.

3. A perfect bond exists between the reinforcement and the concrete such that
the strain in the reinforcement is equal to the strain in the concrete at the
same level.

Reinforced concrete analysis for axial force and bending moment is usually
performed by assuming a given strain value at the extreme compression fibre with a
linear strain distribution over the depth of the section. When the section is partly in
tension, the strain in the extreme compression fibre is limited to 0.0035 (Fig. 5.17).
When the section is in compression, the compressive strain at a point 3/7" of height
from the extreme compression fibre is assumed to be 0.002 (Fig. 5.18). The stress
distribution is typically assumed as a rectangular stress block with a depth equal to
0.9 times the neutral axis depth and a magnitude equal to 0.667 times the concrete
compressive strength (Fig. 5.17 and 5.18). Here 0.667 takes account of the relation
between the cube strength and the bending strength in a flexural member (BS 8110-
1:1990, clause 2.6.2) and the factor of safety on concrete has been taken out.

0.0035 0.667 /.
B #
=0T T Fiy <L |T
isRiirioEeE ) k3
., 4
Q O+ égj—- £ ——

Fig. 5. 17 Stress and strain profiles for concrete column (neutral axis lies within
the section)
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0.002 0.667 7,
[

‘

N

i
1
1
1
1
1
[}

Fig. 5. 18 Stress and strain profiles for concrete column (neutral axis lies outside
the section)

A static analysis of the building frame is carried out for the accidental load and the
axial force in the column is estimated. For the given axial force, column dimensions
and reinforcement details, the flexural strength is calculated as follows:

1. Estimate the dynamic strength of concrete and steel by multiplying the
allowable static stresses with the dynamic increase factor, explained in
section 5.3.

2. Obtain axial force from the static analysis of the building (analysed for
accidental loads).

3. Assume a value for the depth of neutral axis

4. Estimate strains at extreme fibre and at the level of reinforcements, using Eq.

5.22 and 5.23.
[ 0.0035 (/=2) x<4
X
g, = (5.22)
228 (x-d) x> 4
x— A V4
0.0035 (r-d) x<h
x
£ =1 (5.23)
———0'0302 (r-d) x>4
x— A V4
Where,
a - Effective depth for tension steel
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d - Effective depth for compression steel
%4 - Overall depth of column

X - Neutral axis depth .‘

£, - Strain in tension steel-

gl - Sfrain in compression steel -

5. Estimate stresses in rebars using Eq. 5.24 and 5.25.

.
/
-/, £,< ——é— _
So=3&F. —%Sg,s% (5.24)
' /
‘ /y g, >E};
h
_/; g; < _é
st Lsce <l | (5.25)
L
&>z
S
|
Where, |
/5 . - Stress in tension steel
/. - Stress in compression steel ‘
/, - Yield stress of steel reinforcement |
/, - Characteristic compressive stréngth of concrete

S

- Young’s modulus of steel

6. Estimate the axial compression using Eq. 5.26. In this equation, the partial
safety factors for concrete and steel are not considered, so that the maximum
flexural strength of the section can be estimated as the low probability of '

occurrence of the blast event.

2=061/,(62)+ S, A+ S d,

(5.26)

Where,




109 Chapter 5 Protective Design for RC Framed Structures with a case study of Murrah Building

A, . - Cross sectional area of tension steel

A, - Cross sectional area of compression steel |
o | 1

A - Axial compression |

7. Repeat step 4 to 5 for other values of neutral axis until the axial compression
is equal to the axial force.

8. Estimate the flexural strength of the section using Eq. 5.27. ;
, |
/I/”=0.67ﬁ1(éx)(%—x)+/§4(n’—%)+/§cAﬂ(%—a’) G271 |
- : , ; |

Where, 4/, - Flexural strength ' |

This flexural stréngth is compared with the dynamic bending moment, produced by
latefal blast load. To assess the flexural strength of column section quickly, the |
design charts are developéd (without considering the material partial safety factor)
and are presented in Fig 5.19 for C25 concrete and the reinforcement on two
opposite faces. The design charts for other grades of concrete and arrangement of

reinforcement are given in Appendix A3.2.

50
45 | | _ ‘—j_‘H
40 < . ' |
35 T \Agh"\”% : =25 Nimm?
- 59~ ‘ f, = 460 Nimm?
E 30— 4% < 1
2 2 \\ \3\ SIS |
S 20+~ 2% \\ \\
S A < AN
< 15 \\0\:‘%/1\\ \\\\\\\. <
10 - ANIAN \\ BN \ ™ \\
1 /) /> ) > ) /7 /,7
0 o ] 7 yd /

4 5 6 7 8 9 10 11 12 13 14

M /bh? (N/mm?)

o
-
N
w

Fig. 5. 19 Design charts for C25 concrete column with reinforcement on two
opposite faces ' '
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5.5. Shear Strength

The shear strength of the sectien is achieved from the contributions of concrete and
transverse steel. The shear contribution of concrete is offered by the aggregate
interlocking, dowel action in the aggregate and shear resistance from the uﬁcracked
concrete. This shear strength of concrete is again enhanced by the presence of axial .
compression. Shear resistance of lateral ties yielding across the diagonal tension
cracks is also included. Due to the compiexity in the prediction of shear strength
several models have been developed based on:~(i) fitting the experimental data, (ii)
simple structural mechanics such as the strut and tie model (STM) and (iii) advanced
meehanics such as the modified compression field  theory (MCFT). Most of the
codes estimate the shear Strength of concrete using empirical equations developed
with extensive experimental data. The shear contribution from the tie is estimated
using either the STM or the MCFT model. The STM was developed by Ritter and
Morsch (1902) based on truss mechanism. In thie model, the concrete strut is

assumed to be inclined at 45°. Most of the codes use the strut and tie model to |
estimate shear strength except the Canadian code that uses the MCFT model (Entz
and Collihs, 2006). The MCFT model was first presented by Collins and Vecchio
(1986) as an extension of compression field theory (Mitchell & Collins, 1974). In ‘
most of the codes the shear strength of reinforced concrete members is considered to

be ‘Ehe sum of the shear resistance of the concrete and steel. The various codal -
provisions adopted to estimate shear strength are given‘below.

British Standards Institution (BSI 8110-1:1997):

1/3 1/4 . 1/3 . |
v.=0.79 1004, (—4—(&) Lt ' ' (5.28)
od a 25
V= [ v+ 0.6ﬂ) od | | (5.29)
A/,d . |
g =L (5.30)
Ky
V,=V+7, _ } o (5.31)
Where,
A - Area of concrete section
A - Area of tension reinforcement

5
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A - Total cross-sectional area of lateral ties at a section

- - Breadth of sectic.)nv
- Effective depth

- Characteristic compressive strength of concrete in MPa
-Yield stress of lateral ties

- Moment

TR TS

- Applied axial load
S5 - Spacing of lateral ties along the member.

v, - Design concrete shear stress

- Shear force

4

4 - Shear strength offered by concrete

4 - Shear strength offered by lateral ties

VI; - Ultimate shear strengfh 6f column section

Note:

(10;; )should not be taken as greater than 3;

should not be taken as less than.1

Aﬁj should be taken as not greater than 1

Euro code — 2 (EN 1992-1-1:2004)

( " A100p, /;)”3 +40,,)4,4/with a minimum of (5.32)

=(V +40,)0,4 o (5.33)
i |

g, =22 (5.34)

V= Vo4 Vg (5.35)

Where,

Crso=0.18
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@

v = 0.03582 /7

é=1+,/2—z? <2.0with d in mm

£=0.15

o =@<0.2/:,

(4

- Area of concrete section
- Total cross-sectional area of lateral ties at a section

- Breadth of section

- Effective depth

- Characteristic :compréssive strength of concrete in MPa
- Yield stress of lateral ties

-‘Applie‘d axial load

- Spacing of lateral ties along the member.

- Shear strength offered by concrete
- Shear strength offered by lateral ties
- Ultimate shear strength of column section

- Percentage of tension reinforcement

American Concrete Institute (ACI 318-2002)

Y4 :
7, =0.166| 1+ bd
T ( 13.8,{;,}/7”

- Area of concrete section

" - Total cross-sectional area of lateral ties at a section

- Breadth of sectioh

- Effective depth

(5.36)

(5.37)

(5.38)
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A - Cylindrical compressive strength of concrete in MPa

/., - Yield stress of lateral ties

# - Applied axial load

5 - Spacing of lateral ties aléng the member
4 - Shear strength offered by concrete

7 - Shear strength offéfed byﬁ lateral ties

¥, - Ultimate shear strength of columﬁ section

Canadian Standards Associétion (CSA A23.3-0‘4)

M%, + 7+ 0.5)V | ‘ |
£, = - . (5.39)
' 24,7,
7 = [ otej b4, | (5.40)
7. <0. 5¢c ' ' | (5.41)
P17 105.305; (10(1)?)20@!) Ny 642
6=29°+7000¢, | ' o ' (5.43) -
Where,
‘ A, - Area of main flexural reinforcement
Zy - Total cross—sectionél area of lateral ties at a section
5, - Breadth of section
Z - Effective depth
a, - Flexural lever annv( Z,=094)
£, -Young’s modulus of the reinforcement
) A - Cylindrical compressive strength of concrete in MPa
/, - Yield stress of lateral ties
A, - Factored applied moment
| N, - factored éppliéd axial force (tension positive)
s, - Crack spacing (= 300 mm)
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Ky - Spacing of lateral ties along the member '

7, - Factored applied shear force

¥, - Shear strength of the member

B - Factor to account for aggregate interlock in concrete members
g, - Longitudinal strain .
6 - Angle of average principle corﬁpression in member with respect to
longitudinal axis
P, - Resistance factor for steel (0.85)
o, - Resisfance fac_tor for concrete (0.65)

As the shear strength 'of the column is one of the most important parameters in the
calculation of safe stand off distanée it needs to be estimated as accurately as
possible. To study the exactness of the above codes, the strength obtained uéing the
codes is compared with that of experiments. Several experimental studies (Kokusho
(1964), Kokusho and Fukuhara (1965), Idedé (1968), Li et al. (1995), Lynn et al
(1996), Ohue et al (1985), Saatcioglu and Ozcebe (1989), Umemura and Endo
(1970), Wight and Sozen (1975), Yalcin (1997) and Sezen (2002)) were carried out
to develop the shear model. These experimental data were combined and presented
in the form of a database by Sezen and Moehle (2004). The author used these data to
develop his own shear model. The same experimental data is used to examine the
accuracy of the various codes. Using experimental data, the shear strength of the -
columns are estimated using BSI 8110-1:1997, EN 1992-1-1:2004, ACI 318-2002
* and CSA A23.3-04 and presented in Table 5.5. The curve, Fig 5.20 plots against the_
shear strengths obtained from experiments and code.

The mean ratio of measured to calculated strength, its coefficient of variation and
95% confidence interval are shown m Table 5.6. ACI . 318-2002 predicted the shear
strength relatively accurately, but it underestimated significantly for few samples.
The lower limit of confidence interval for most of the codes falls below 1.0 except
for BS code. The estirﬂation of shear strength based on BSI 8110-1:1997 is
conservative and s;afe; hence, the code is used hereaﬁér to estimate the shear strength

of column section which is an important parameter in a safe stand off distance

approach, discussed in chapter 6.




Table 5. 5 Shear strength of columné, obtained from different experiments

Material Properties

Section Properties

Vu (est) in kN

Investigator P (kN) vll:‘(i):‘lp)
fc' fck fy '
(Nmm?) (Nimm?) (Nimm3)| P (0™ dimm) - a(mm) %) pilh) B3I Gt ECZ - csA

211 16.88 469 457 394 1473 125 017]  e67 315 397 318 383 204
Sezen (2002) 211 16.88 469 457 384 1473 125 0417|2669 359 754 428 683 378
: 209  16.72 469 457 384 1473 125 0417] 2224 301 675 403 816 357
218 17.44 469 457 394 1473 125 047 667 204 399 321 384 295
256 2048 400 457 381 1473 150 0.10 503 a1 308 247 307 240
256 2048 400 457 381 1473 150 0.0 503 267 306 247 307 240
331 2648 400 457 381 1473 100 0.0 503 240 208 271 209 222
Lynnetal. 331 2648 400 457 381 1473 100 0.0 503 231 298 271 299 222
(1996) 257 2056 400 457 381 1473 100 010 1512 316 461 308 438 255
276 22.08 400 457 381 1473 150 o040 1512 338 483 317 463 282
276 2208 400 457 381 1473 150 047 1512 356 532 366 507 322
257 20.56 400 457 381 1473 150 047] 1512 378 528 357 503 319
Ohue et al. 321 . 2568 322 200 175 400 100 057 183 102[ 151 110 124 95
(1985) 200 2392 322 200 175 400 135 057 183 111 154 108 127 103
23 184 370 200 175 400 125 052 161 103 147 104 122 100
Esaki (1996) 202 1616 370 200 175 400 125 052 161 2] 145 102 120 100
23 184 370 200 175 400 125 065 269 121 184 128 153 118
202 16.16 370 200 175 400 125 065 236 112 176 123 147 116
29 232 382 400 375 1000 120 047 464 328 510 433 454 389
Liet al. (1995) 335 26.8 382 400 375 1000 1.20 0.52 1072 393 695 517 578 443
341 2728 382 400 375 1000 120 057] 1837 430 809 587 689 493
\ Saaticiogly 436  34.88 470 350 305 1000 165 030 0 275 270 268 270 255
and Ozceb 302 2416 470 350 305 1000 165 030 600 270 378 288 344 268
(1989) 348 2784 470 350 305 1000 165 0.60 600 268 534 448 485 3rg
Kokusho 199 . 15.92 352 200 170 500 050 031 156 74 95 71 82 53
(1964) 204 1632 352 200 170 500 1.00 031 156 88 101 71 89 65,
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Table 5. 5 Shear strength of columns, obtained from different experiments (cont...)

‘Material Propertles\

Sectlon Properties

Vu (est) in kN

Investigator l P (kN) Vlun(i'!();‘p)
o I Y L bmm dmm amm R P Tl B A ECc2 csa
{N/mm%)  (N/mm®) (N/mm°) .
Yelcin (1997) 45 36 425 550 482 1485 1.00 0.10 1800 578 739 553 630 441
196 1568 558! 200 173 500 1.00 0.28 78 74 101 84_ 93 74
196 1568 558 200 173 500 1.00 0.28 78 771 101 84 93 74
196 = 1568 558 200 173 500 1.00 0.28| 156 82 119 88 104 78
Ikeda (1968) 19.6 15.68 558 200 173 500 1.00 - 028 156 81 119 88 104 78
' 196 1568 476 200 173 500 1.00 0.28 78 58 93 76 86 68|
196 1568 476 200 173 500 1.00 0.28 156 69 11 80 o7 72
196 1568 476 200 173 500 1.00 0.28 156 69 111 80 o7 72
177 © 1416 324 200 180 600 1.00 0.28 156 7 93 . 66 85 60|
> 177 1416 324 200 180 400 1.00 0.28 156 106 106 66 85 67|
177 14.16 324 200 180 400 1.00 0.28 392 135 143 78 120 82
Umemura and 177 1416 324 200 180 600 1.00 0.14 392 83 123 61 106 547
Endo (1970) 328  26.32 648 200 180 400 -  0.50 0.1 156 78 o7 71 78 55
: 148 1184 524 200 180 400 0.50 0.13 156 51 86 55 70 50
134 10.48 524|. 200 180 400 0.50 0.13 156 58 85 53 69 49
139 1112 524 *200 180 400 0.50 0.13 156 69| . 86 54 69 49
» 13.1 10.48 524 200 180 400 0.50 0.13 156 67 85 53 69 49
Kokusho and 219 1752 317|200 170 500 150 0.1 392 110 153 82 127 80
Fukuharo .
(1965) 21.9 17.52 317 200 170 500 2.00 0.31 - 392 110 159 82 131 84
347  27.76 344 152 254 876 1.20 0.33 189 26 118 95 110 80
) 336 2688 344| 162 254 876 1.20 0.33 178 o711 115 93 108 79
Wight and 336  26.88 344 152. 254 876 1.20 0.33 111 87 102 89 .98 76
Sozen (1985) 32 256  344] . 152 254 . 876 © 120 033 0 81 80 80 81 72
261 2088 .344 152 254 876 1.20 048 178 95 132 107 122 91
259  20.72 344 152 254 876 1.20 0.48 0 86 08 96 . 96 84| -
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Vu (estimated) in kN

800
700 -
¢ ACI318-2002
= BS8110-1-1997
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Fig. 5. 20 Comparison of shear strength of column obtained from experiments and code

800
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Table 5. 6 Comparison of shear strength obtained using different codes

yﬂ_expcﬁme%
K_esﬁmated
Standards
Standard 95 % confidence
Mean . . .
Deviation interval
ACI318-2002 1.03 0.20 0.70to 1.36
BSI18110-1:1997 141 ' . 0.25 1.00 fo 1.82
EN 1992-1-1:2004 | 1.25 '0.23 ‘ 0.87t01.63
CSA A23.3-04 0.93 , 0.18 " 10.63t01.23

5.6. Section properties

The cracking of concrete is a dominant phenomenon in RC members subjected to
bending. It reduces stiffness of the member and results in increased deflections. In
the case of dynamic effects it extends the natural time period of vibration which
- results in the reduction of blast effects on the column. It is complicated to estimate
the cracked stiffness of the members because (i) the effective moment of inertia is
not constant along the member; (ii) the modulus of elasticity of the concrete changes
as the stress increases. TM 5 — 1300 (1990) recommends the average moment of
inertia, given by,

_Lt
7 2

‘QM)

| Where,

/Z ;- Effective moment of inertia

. - ﬁ
Z,- Gross moment of inertia, which is equal to %

/”.- Cracked momeﬁt of inertia, which is equal to # Z,, obtained from Fig.

5.26.
The ACIL EC and CSA suggested effective moment of inertia for finite element
modelling purposes are summarized in Table 5.7. The presence of axial compression

and steel reinforcement reduce tension cracking. The ACI and EC do not consider

the effects of axial force and percentage of reinforcement in the calculation of
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effective moment of inertia. Similarly the CSA does not consider the effect of the
percentage of reinforcement. Hence, the charts are prepared to estimate the cracked
moment of inertia considering the effect of axial force and the percentage of

reinforcement.

Table 5. 7 Effective moment if inertia, adopted in different countries

Country Standards Beam Column
ACI 318-2000 0357, - 1077,
EC 8: 1994-2003 0.57, 057,
CSA A23.3-04 | 047, al,
a,=05+0.6 4 <1.0
/oA,

To estimate the cracked moment of inertia of the section, |

= The neutral axis is estimated as explained in section 5.4.

= The reinforcement is repiaced with 'equivalcnt concrete aréa.

= The concrete in tension zone is ignored.

= The CG of the transformed section is calculated and the moment of
| inertia about this CG is estimated and is termed as ‘cracked moment

of inertia’.: |

As the estimation of cracked moment of inertia is laborious and time consuming, the -
Z» charts are developed (without considering the material partial safety factor) and
- are presented in Fig 5.21 for C25 concrete and the reinforcement on two opposite
" faces. The Z, charts for other grade of concrete and arrangemeht of reinforcement are

_ given. in Appendix, A33.
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Fig. 5. 21 Cracked moment of inertia for C25 cdncrete columns .

The blast load causes the high strain rate on column, hence considering the dynamic
strength of concrete and steel (adopted in TM 5-1300) is very important.
Furthermore, the occurrence of the eve_nts“has very low probability, so it is not
necessary to consider any partial material safety factors for concrete and steel in the
design of the column. The flexural ‘design charts for column based on British
Standards, without considering any partial material safety factors, were developed
and presented here. Subsequently, the shear design of column was discussed. The
shear strength of the column is one of the most important parameters in the
calculation of safe stand off distance and its estimation is highly empirical in nature.

Hence, the exactness of the shear strength, obtained from different countries, was

- studied byvcomparing with experimental results.

Another important parameter is effective- moment of inertia of the column, as it
-influence the column’s natural time period. In dynamic analysis, it extends the

natural time period of vibration which results in the reduction of blast effects on the
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column. As all the codes are silent about the effect of axial compression and
percentage of reinforcement on cracked moment of inertia of column, the charts are

developed to estimate the cracked moment of inertia considering those effects.

5.7. Brisance effect

When a blast pressure wave. impinges on the front face of an object, part of the wave

reflects and other part propagates through the object and then reflects back from rear

face in the form of a tensile wave. If the dynamic tensile strength of the material is
exceeded then the material will crack. As a result momentum is imparted to the
cracked off portion in the direction away from the structural elements in a process
called spalling; which\ continues until the strength of propagating waves is less than
 that needed to cause spalling. If the initial blast wave is sufficiently strong, spalling

can completely breach the structural element and this is called a risance jarlure

(Fig. 5.22).

Blast.
pressure

(d
Fig. 5. 22 Spall damage of concrete walls

McVay (1988) conducted severval experiments to study the influence of scaled stand

off distances, charge weight, concrete wall thickness, etc., on ‘spalling damage.

Based on this research the empirical relationship shown in Fig. §§23 was developed

that can be used to estimate the potential for brisance failure. This was developed for

panels but has been used h_erein for the assessment of columns.
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Fig. 5.23 Failure of columns against brisance, (McVay, 1988)

5.8. Comparison between theoretical predictions and real behaviour

using the Murrah Building as case stljdy

A truck bomb loaded with the equivalent of 1800 kg of TNT Waé exploded about 2.1
~ m east and 4.3 m north of column G20 (FEMA, 1996). In this incident, one column
was destroyed by brisance effect and another two columns by shear. The failure of
these columns brought down the transfer girders which were supported by these
columns, resulting in a progressive collapse. To study the behaviour of the building
under direct blast and the influence of the transfer girder, this study was carried out
éonsidering two cases: first case concerning the collapsé of original building; second
with the building modified so that the transfer girder was removed and intermediate

columns as well as second floor beams introduced as shown in Fig. 5.24.

BAGHEOHOOHHOE . OSOEOOOOO®

[ A e

| I T 1

Case: 1 Building with transfer girder * Case: 2 Building without transfer girder

Fig. 5. 24 Case study on the collapse of the Murrah Building
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Column failure due to brisance was assessed using the chart (Fig 5.23) provided by -
McVay (1980). The scaled range for the survival of reinforced concrete columns
(G24, G20, G16 and G12 etc) against brisance is estimated to be more than 0.6
m/kg'” (see, Fig 5.25). As the scaled distance of G20 is less than the above limiting
value, this column is expected to have failed in brisance. G24, G16 and G12 columns
were safe against brisance, as the scaled distance is more than the above limiting
value. The intact portion of column G20 was not seen in the debris (FEMA 277,
1996), which shows the brisance failure of G20 column. One column, G20 is
‘removed by spalling of concrete in the 1% case and two columns G22 and G20 are
removed in 2™ case (Fig. 5.26). The blast loads on columns G12, G16 and G24 are
calculated as per the procedure, given in section 5.2 and the profile of its blast load is
shown in.Fig 5.25. In the calculation of shear resistance of the columns, the
enhancement in shear resistance due to the axial compression from the accidental
load is also considered. Similarly, the flexural capacity of the column is calculated in
the presence of axial compression from the accidental load. As mentioned in Section
5.5, the shear failure is brittle in nature, hence shear force due to blast are calculated
based on elastic analysis using MDOF system modelling. At the same time, the
flexural failure is ductile in nature, hence the dynamic bending moment is calculated
considering nonlinear elasto-plastic analysis using SDOF system (SDOF system
modelling yields the satisfactory results for moments) and the results are presented in -
tables 5.8 and 5.9 with the calculations for one row of the table presented in
Appendix A3.4 for e);ample purposes. The columns are assumed to be fixed at both
ends in the analysis because of @) continuity on either sides of the column; and (ii)
presence of floor beams. The failure due to blast is shown in Fig 5.26 which resulted

in collapse of half of the floor area as shown in Fig. 5.27.
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Fig. 5. 25 Blast Loadings on Columns
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Table 5. 8 Blast loading and its effect on the columns (case 1)

Duration of

Stand off Blast Bending
Column ;e e Pressure Bla.?t Shear Force Moment Shear Capacity Moment Capacity Comments
No Loading Shear Force Bending Moment
(m) (kN/m’) (mSec) &N) (kN-m)
G28 22.86 1286 431 1896 - 737 1.05 1.90 Survived
G24 11.28 10023 1.80 11550 3214 . 0.16 0.75 Failed
Gl6 1524 4354 2.73 6294 2140 0.30 1.13 Failed
G12 27.13 769 457 - 1293 603 ’ . las 4.01 Survived
. \
Table 5. 9 Blast loading and its effect on the columns (case 2)
" Column Stfmd off Blast Dm;l:::l " Shear Force Bending She;r Capacity Moment Capacity
No Distance Pressure Loading Moment Shear Force Bending Moment Comments
(m) (kN/m%) _(mSec) (kN (kN-m)
G28 22.71 1312 3.39 . 923 335 1.17 2n Survived
G26 16.76 3287 2.59 1902 676 0.56 , 1.34 Failed
G24 10.97 10759 143 3725 1335 - 0.30 0.68 Failed
G18 945 15576 1.06 4025 1435 0.28 0.63 Failed
! G16 14.94 4539 2.30 2388 853 0.47 1.06 Failed
Gl4 21.03 1684 3.18 1127 . 406 1.01 223 Survived
G12 26.82 - 789 3.80 721 215 1.54 421 Survived
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; (b) Case 2
Fig. 5. 27 Failure of the Murrah Building

* As the explosive is exploded in close proximity (2.1 m) to the building, most of the
columns were remoize{d by direct blast wave. In case 1, the column G20 failed by
brisance and the columns G16 and G24 failed by shear. In case 2, the columns G22
anci G20 were failed by brisance and the columns G26, G24, G18 and G16 failea by
shear. There is little change in the subsequent failure patterns between cases 1 and 2; -
hence the transfer girder is not a main reason for the progressive collapse. To protect
the building from a terrorist attack, the safe stand off distance for different threats
such as truck, large to small vehicle, briefcase bombs needs to be méintainéd by

providing check points.

5.9. Concluéions

Protective design against dispropdrtionate collapse can be carried by several methods

namely safe standoff distance approach, outrigger truss, double span, key element,

~ specific local resistance and indirect design methods. The cons and pros of these

methods were compared and it was concluded that design based on the safe stand off
di‘stance has probabiy the highest level of protection. This protective design of
colﬁmn againsf blast mainly cdnsists of three phases: (i) estimation of blast load; (ii)
dynamic analysis of column and (iii) design for the maximum shear and flexural

. responses. .

A method to estimate blast load on columns was proposed. The load was represented

in the form of a pressure-time history which includes two profiles, one represents the
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load on front face and other represents the load on rear face. This complex blast
profile results in-complex dynamic analysis for the column. Hence, it was converted

_ into a simple triangular ilnpuise of equivalent area. To study the inaccuracy resulting

from this simplification, a parametric study was carried out. This showed that the

response is conservative and the error in column response for the triangular impulse -

is less than ten percent. Since, the column is subjected to high strain rates, therefore
the dynamic strength of concrete and steel (adopted in TM 5-1300) was used in the
analysis. ‘The partial material safety factors for concrete and steel in the design of the

column were not included, as the occurrence of the events has very low probability.

The flexural design charts for columns were based on British Standards, without

considering any'partié] material §afety-factors. Subsequently, the shear strength of
column was discussed. Its estimation is highly empirical in nature; hence the
exactness of the shear strength, obtained from different countries, was studied by
comparing with experimental results. The study concluded that the strength obtained
using BS 81 10-1:1997 provides a sensible margin of safety, however CSA and ACI
underestimated the shear strength for few samples. Anyway, this underestimation
can be n;lanag_ed by introducing the factor of safety. The charts (Fig. .5.21) were
developed.to estimate the cracked moment of inertia of column considering the

effect of axial compression and percentage of reinforcement.

Subsequeﬁtly, a case study of the Murrah building was carried out. In the case study
the building was considered with and Without considering the'use of the transfer
. girder. In both cases, columns failed by either brisance or éhear, due to the blasts of
blast pressure. Cohsequently, this local failure led to the disproportionate collapse in

which half of the floor area of the building destroyed. The results of case 1 state that

. the predicted behaviour corresponded well to that determined from the forensic

invéstigaﬁon namely, two columns failed by shear and one by brisance as predicted
from McVay. The results of case 2 show that the provision of the transfer girder is
not a primary reason for the progressive collapse. Even if the building were designed

- as per GSA guidelines, it = could not have survived.




Chapter 6. o |
Protective Design for RC Framed

Structures: The Safe Stand off
Distance Approach

/

6.1. Introduction

In the safe stand off distaﬁce (SSD) approach, safety against blast is ensured by
providing sufficient distance between potential devices and the structure to avoid
failure. In the case of buildings in which ground floor columns are exposed to the
outside environment the reflected pressure on the front face ‘clears’ quickly;
subsequently the blast wave reaches the rear face and the pressure on the rear face
rises to the incident pressure, as explained in chapter 5. This phenomenon is termed
as ‘clearing’. In the case of columns whose space between is infilled with load
bearing elements, such as brick and sandwich panels, the blasf wave takes time to
breach the infilled wall; in that case the clearing of reflected pressure will not occur
quickly enough and the reﬂected pressure takes time 4 to decay to zero. This.
condition is termed as ‘no clearing’ and it represents the worst case scenario. The
typical pressure-time histories for clearing and no clearing are shown in Fig. 6.1. In
this chapter, the meth.odrto estimate the safe scaled distance is proposed considering

both clearing and no clearing and corresponding design charts are developed.

<129
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Clearing No Clearing

Pressure
Pressure

Time Time

Column Wall Panel

Fig. 6. 1 Typical Pressure time histories for clearing and non clearing

6.2. Calculation of Blast Load

In the calculation of safe stand off distance, the duration of blast load is an important
parameter. The blast load profile for clearing is complex; hence it is simplified in the
present analysis into a triangular impulse by adopting the same reflected pressure
and with the time duration adjusted to give an equivalent impulse, as explained in
chapter 5.

The blast load profile, shown in Fig 5.5 has many variables consisting of (i) the blast
wave parameters (such as reflected and incident pressures, the duration of incident
pressure and wave front velocity) at both the front and rear faces and (ii) the column
dimension such as breadth and depth. These variables make the calculation of safe
stand off distance complex. This was acceptable for assessing the behaviour of a
single structure such as the Murrah Building. However, for development of SSD
design charts covering a very wide range of variables a more simplified blast
pressure time history is required for the clearing case. In view of this two
simplifications to the full pressure-time profile are investigated herein, with their
impulses compared with those of the full (unsimplified) pressure-time history

profile.
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Simplified Pressure Time Profile — 1
Assumption: the effect of static overpressure on the front face is assumed to be fully
- nullified by that on the rear face. This leaves only the drag pressure remaining up

until time Z static over pressure is ignored. The simplified profile is shown Fig. 6.2.

Fig. 6. 2 Pressure Time Profile — 1

Simplified Pressure Time Profile —2 '
Assumption: as with the simplified profile 1 we assume the static overpressures are
. equal on both the front and rear faces. The difference in the approach is that the time

for the rear face over pressure to rise is included. Based on this assumption, the

complex pressure-time history is converted into the profile shown in Fig. 6.3.
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Fig. 6. 3 Pressure Time Profile — 2

The parametric study presented in section 5.2.1 is extended to check the degree of
inaccuracy inherent in these two approaches. The simplified pressure-time histories
. for the typical columns are shown in Tables 6.1 and 6.2. The impulses of these
* profiles are compared with those of the complex profile (Table. 5. 3). The impulse of
profile 1 differs by 4 to 9 percent and the profile-2 differs by less than 2 percent (Fig.
6.4), hence profile 2 is used in developing the SSD design charts in the case of

clearing.
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Il Pressure Time Profile - 1
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Fig. 6. 4 Percentage error in the impulses of different pressure-time profiles

Error in Percentage
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Table 6. 1Pressure Time Profile - 1

o Front face loading Duration of| % error in
Charge | o eadth | Deptn | Standoff [ Scaled Pressure Time NetTmPUIS  Blast Load | estimation of
Column ID} Weight distance | distance Impulse or
P, Py(t.) te ta I ta duration of
(kg) (mm) (mm) (m) (m/kg™) | (kN/md) | (kN/md) (mSec) (mSec)- | (kN/m*-mSec) | (mSec) blast load
1 230 300 300 12 1.96 1125.09]  193.07 0.71}. 5.65 942 35 1.68 498
2 230 450 300 12 1.96 1125.09 179.27 1.06 5.65 1102.07 1.96 5.52
3 230 . 600 » 450 6 0.98 8608.66 1541.95 0.74 2.06 4762.12 1.11 3.15
4 1000 300 300 30 3.00] . “330.74 38.97 0.94 16.03 467.94 2.83 ©5.10
5 1000 450 300 21 2.10 912.59 150.09 1.12 10.12} - 1269.58 2.78 4.53
6 » 1000 600 450 16 1.60 2080.56 391.58 1.19 7.02 2607.70 2.51 4.50
7 1800 300 300 73 6.00 71.29 3.18 1.17 38.54 102.96 2.89 747
8 1800 450 300 73 6.00 . 7129 3.13 1.76 38.54 122.88 3.45 8.44
9 . 1800 600 450 36 2.96] - 34295 39.47 1.87 19.19 699.11 4.08 6.25

Table 6. 2 Pressure Time Profile - 2
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Front face loading

Rear face loading

Duration of]

% error in

Chsfrge Breadth Depth Sta nd off S.caled Pressure. Time Pressure . Time Net Impulse Blast Load | estimation of
Column ID| Weight : distance distance - . Impulse or
P, P(t) t, ty Pt) t, oty 1 ta duration of
(kg) (mm) (mm) (m) (kg | Nm?) | avmd) | (mSec) | (mSee) | kNmd) | (mSee) | (mSec) |(kN/mimSec)| (mSec) | Dlastload
1 230 300 300 12 1.96 1125.09 453.54f 0.71 5.65 247.07 0.96 5.65 980.14 ' 1.74 1.17
2 230 450 300 12| 1.96 1125.09 421.10 1.06 5.65 22175 1.44] . 5.65| 1158.75 2.06 0.66
3 230 600 450 6 098 8608.66 2450.11 0.74 2.06 689.40 1.06 2.06 4986.94 1.16 -1.42(
4 1000 300 300 30 3.00 330.74 147.88 0.94 16.03 106.59 T 1.26 16.03 - 486.54 294 1:33
5 1000 450 300 21 2.10 '912.59 375.83 1.12 10.12 216.00 151 10.12 1318.82 2.89 0.82
6 1000 600 450 16 1.60 2080.56|:  786.19 1.19 7.02 365.22 1.62 7.02 2710.82} - 2.61 , 0.73
B 1800 300 300 73 6.00 71.29 33.93 1.17 38.54 30.43 1.56 38.54 109.15 3.06] 1.90
8 ‘1800‘ 450 300 73 6.00 71.29 33.40 1.76 38.54 2979 234 38.54 132.17 371 1.51
9 1800 600 450 36 296 342.95 146.88 1.87 19.09 10345 2.51 19.19 737.12 430 1.15




The net impulse acting on the column is equal to the net area under the pressure-time

history, shown in Fig 6.2 and is calculated using Eq. 6.1.

1 3548 2174 -
L =— +g,7,+ 6.1
approx. 2 [ﬁ:( 0:4 j y,l( rZ 0;{ )J ( )

‘The duration of the blast is assumed to be equal to the minimum of the fictitious

duration, obtained using Eq: 6.2 or the duration obtained based on Eq. 6.3. The Eq.
6.2 yields a minimum value where the reflected pressure takes more time to clear,
i.e., the width of the column is large. Similarly, Eq. 6.3 yields a minimum value
where the reflected pressure takes much less time to clear, i.e., the width of the

column is very small. . ‘

L= - 6D
2
27
= (6.3)
2 :
This equation can be simpliﬁed%o,
| n 27 |
f‘,=Z Z1+24 +i/d4 1-Z2 (6.4)
sl ) 2) 12 2
Where, ‘ |
5 - Width of the face which experience the blast pressure

VA - Reflected impulse

Zprax - Area under the pressure-time history of Fig. 6.2
Vol - Reflected pressure on the front face
7 - Incident pressure on the front face

¢, -Dynamic pressure on the front face; -
Z, - Duration of blast load |

2y -'Duration of incident pressure on the froﬁt face
U, - Blast wave front velocity for the front face

136
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6.3. Calculation of SSD |

The safe scaled distance is calculated considering both shear and flexural failure,
with the minimum of these values taken as the safe scale‘d distance. As discussed in
chapter 4, an elastic MDOF analysis is carried out for estimating the dynamic shear
forces with the uncracked tran_sfdrmed section moment of inertia is used in the
calculation of the natural time period (/ + /), where / is the gross moment of ;neﬂia
and /; is the second moment of transformed area of steel about the CG of the section.
This is because shear failures are associated with small displacements. In this
situation it is also possible but bless accurate to use just the gross moment of inertia
for the concrete section, which is typically 20% lower than the transformed section
value. Including the contribution of the rebars, it yields a conservative result as the
increased moment of inertia reduces the natural time period of the column, resulting

in greater dynamic shear force.

Analysing flexural we use a SDOF analysis because Chapter 4 demonstrated this to
be within a reasonable degree of accuracy. Since flexural failure is ductile elasto-
plastic behaviour of the column is assumed when selecting the equivalent stiffness
factors for use in the solution of the equation of motion. In accordance with TM 5-
- 1300 standard practiéc the moment of inertia. x:’vas taken as the average of moment of
inertia for the uncracked concrete section and the cracked section, (4 + £)/2, where
/- is the cracked moment of inertia in which the concrete in compression zone and

the transformed area of steel are considered.

6.3.1 SSD considering shearfailure

The estimation of a SSD for a given column and charge weight is by a trial and error
procedure. Initially, a close i‘ange is assumed and the blast wave parameters for the .
charge weight estimated. From these barameters, the blast load on the column is
assessed and the dynamic analysis performed to estimate the shear force. If the
dynamic shear force is greater than the shear strength theﬁ the column is not safé
against blast and the stand off distance increased. This procedure is repeated until the
strength of the column is exactly equal to the dynamic shear force. As described in

Chapter. 5 the shear capacity is in fact taken as a dynamic shear capacity, using
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dynamic streﬁgth enhancement factors for both rebar and concrete strengths, with
safety factors on material properties removed. However, the conventional design
* shear strength can also be used and this will yield a larger SSD.

It is assumed that the column survives only if the shear capacity is greater than the
dynamic shear force (at the support). The dynamic shéar\forc'e'due to blast load is
calculated based on the methods; presented in chapter 4. Mathematically, the failure

of the column by shear can be expressed as follows.

Shear coejfaé/z},» o, < Shear capacty - (6.5
Zotal load : c

Totdl load, W= p, BL | o (66

This relationship is explained graphically in Fig 6.5. The dynamic shear force and
shear capacity are made non dimensional by dividing by the total load. The total load
depends on charge weight and stand off distance. The charge weight is ‘held as a
constant, hence the stand off distance is varied and its corresponding total load, shear
force and 7,7, are estimated. The normalised dynamic shear force and shéar capacity
are plotted against /7, The c'dlumﬂ is considered to be failed when the normalised
shear force is less than the normalised sh:aar capacity. The corresponding /7, value

provides the SSD since 4, is constant.

Unsafe <—}—> Safe

s -
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Lty

Fig. 6. 5 Safe stand off distance considering shear failure
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The method of estimating the SSD is explaihed'step byl step as follows:- _
- Step: 1 Calculate the natural time period (4,) for the column, duration of blast load
| ¢2) and 77 1, for a range of different stand off distances (SD).
Step: 2 Calculate the total load (W) using Eq. 6 6, the shear capac1ty (#) of column
“section and 7,/ 28L).
Step: 3 Calculate shear coefficients () for different 7, based on dynamic analysis.
Step: 4 Plot the curves (i) o5 Vs 2577, (ii) V(P& Vs 17ty and (iii) SD Vs £/7,
Step: 5 Obtain the intersecting point of the curves: osVs 474, and 72/ Vs 471,
Step: 6 Finally, obtain the stand off distance corresponding to the intersecting point.

'6.3.2 SSD considering flexural failure
Mathematically the failure of the column by flexure can be expressed as follows:
LDynamic bending momernt < Moment capacity

LBending moment coefficient - (i’o/a/ load - Jjaaﬂ) < Moment capacrty

Moment capacity
Zotal load x Span

Bending moment coefficient < 6.7)

Eq. 6.7 is explained graphicaliy in Fig 6.6. The dynamic bending moment and
moment cap.acity are non-dimensionalised by dividing though by total load x length.
The total ldad depends on a charge weight and stand off distaﬁce. For different stand
6ff distances the totalvload, bending moment and Z,7, are estimated. The normalised
dynamic bending moment and moment capacity are plotted against /%, The SSD is
, deteﬁnined thereafter in the same manner as for shear.

4 Unsafe <—t——> Safe

[ @Mmkéeﬂdhgmome”l) -

P57

Aoment capacity
PiE

7

Fig. 6. 6 Safe stand off distance c‘onsidering flexural failure
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The method of estimating the SSD is explained step by step as follows

Step: 1 Calculate the natural time period (4,) for the column, duration of blast load
(%) and 777, for different stand off distance (SD).

Step: 2 Calculate the total load x span (2 619, the moment capacity (47) of column
section and A2 8L5).

Step: 3 Calculate bending moment coefficients (a,,) for different /7%, based on
dynamic analysis. _

Step: 4 Plot the curves (i) a, Vs 477, (ii) 4A 2 8.9 Vs 1y4,and (iii) SD Vs f;/t,,
Step: 5 Obtain the intersecting point of the curves: a,, Vs 74, and AL A7, VIARE
L7, : '

Stei): 6 Obtain the SSD corresponding to the intersecting point.

6.4. A case study on the Murrah Building

At this stage it is worth reviewing the Murrah Building using this method. The blast
load (/) and its duratlon 2] a_re estimated for varies stand off distances (3 to 50 m)
and a charge weight of 1800 kg. From the column dimensions and the reinforcement
details, the natural time period (4, and the shear strength of the column (/) are
'_estimated. Based on the dynamic analysis, the shear coefficient of the -column is
estimated for different (7,7, ratio. The curves, similar to Fig 6.6 are plotted and
shown in Fig. 6.7 (a). The intersecting point yields the safe stand off distance (Fig.
| 6.7(b)) of 23.75 m The forensic investigation showed column G16 was 15.24 m
‘away from the blast and failed in shear, whereas the next closest column (G12) was
27.13 m away and survived. The SSD charts demonstrated that shear was critical,
with the SSD of 23.75m, lying as would be expected between G12 and 16. Thus the
vexpected response corresponds with that observed. .

‘For case 2 the SSD was reduced to 21.8m. This ﬁgure remains h1gh because
Z,reduces due to the shortened length. This creates a lower Z77, value, thus attracting
higher dynamic shear forces to the column. This and the reduced shear strength
offsets the advantages of lower load due to reduced length and width. Therefore the
SSD remains largely unchanged. The result is that the columns introduced into G14
would survive, although columns G16 to 26 would all fail. This would result in only

a slight reduction in the extent of the progressive collapse.
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It is of interest to consider the probable respbnse of this building to a range of bomb
sizes.‘Using thié approach safe stand off distances of 33.5, 23.75, 11.64 and 5.1.5 m
should be maintained for the case 1 building to protect it from the threét of truck,
- large and small vehicles, and briefcase bombs respectively, see Tables 6.3. Similarly,
safe stand off distances of 29.0, 20.80, 9.80 and 4.30 m should be maintained for
case 2 to protect from truck, large and small vehicles, and briefcase borhbs
respectively. The safe stand off distance increases gradually with increase in charge

weight (Figs. 6.8).

The safe scaled distance .provides a quick and simple means for developing a SSD.
The US DoD (DoD, 2005) provides a range of safe scaled distances for different
types of structure and recommends a safe scaled distance of 4.36 m/kg!” (11 f/1b'?)
for unstrengthed framed structures. This US DoD value is obtained from the
observaltion‘s in field blast tests on structural models and low riSe structures
irrespective of the type of structuré, the configurations, and the behaviour of
structural elements. Recent work finite element modelling\using LS DYNA3D by
Wu and Hao (2007) has indicated that this value may be conservative, with a safe

13 where column axial forces are low and 1.18 m/kg'’3

scaled distance of 1.8 m/kg
where column axial forces are high. The reason for the different scaled distance is,
the axial compression enhances the shear strength of the column section

considerably and this enhancement leads to a reduced safe stand off distance.

. Under accidental limit state load (1.0 DL + 1/3 of IL) the axial compression in the

columns is of the 10 to 25 % of 4, /.. Hence the scaled distance of 1.8 m/kg'? is

considered for the comparison. Fig 6.9 shows that the safe scaled distances are

1/3

nearly same (2.0 m/kg " ) for all the charge weights, even for the truck bomb. The

scaled distance of 2.0 m/kg”3 is coﬁsidered as a safe scaled distance for the Murrah

building and it compares with that from Wu and Hao.
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Fig. 6.7 Safe Stand off Distance for the Murrah building in case of vehicle (van)

bomb considering shear failure of the column .
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Table 6. 3 Safe scaled distance considering shear failure of columns

, . Safe Scaled Stand off
Safe Stand off Distance (m)

Charge Weight (kg) Distance (m/kg")
' case 1 . case2 case 1 case 2
Truck Bomb - 4500 : ' 33.50 29.00 2.03 1.76
Vehicle Bomb (van-US) - 1800 23.75 20.80 . 1.95 1.71
‘Vehicle Bomb (van-UK) - 1800 19.50 16.80 195 . 1.68
Vehicle Bomb (car-UK) - 1800 ‘ 15.40 © 13.00 . 1.94 1.64
Vehicle Bomb (car-US) - 230 11.64 9.80 , 1.90 1.60

" Briefcase Bomb - 25 5.15 430 1.76 1.47

Stand off Distance in m

0 T L] T T
0 1000 . 2000 3000 4000 5000

Charge Weight in kg

Fig. 6. 8 Safe stand of distance for the Murrah building
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Fig. 6. 9 Safe scaled distance for the Murrah building

65 Developmeﬁt of Design Charts
pJ

We have a system for calculating SSD for a given set of parameters. The analysis is
complex and therefore to create a usable approééh for use by engineers, it is
necessary to create a set of design charts for used by hand or interpolation functions |
that can'be programmed into a spread sheet. This section describes how these désign
aids are dev‘eloped using the method described in section 6.3. Because these
functions and charts are sensitive in nature they are contained in an accompanying
..document called “Charts for estimating safe stand off distances”. These charts fall
into the following broad categories: those with and without clearing, and those for
shear and those for flexure. Within these categories the end conditions create

additional subcategories.

The creation of these charts.is not as simple as fixing all parameters (e.g. charge
weight, concrete grade, etc) and Vadjust.ing only a single parameter to create a
relationship between lets say the 27 ratio with SSD. This is because the safe stand
off distance may not be a linear function. The first step in developing an expression

for SSD is to identify the influencing parameters. This is achieved through the

following mathematical models.
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6.5.1 Identifying the influencing parameters of SSD

~

The dynamic shear force can be mathematically represented as follows (the

derivation of these equations is given in Appendix A.4.1),

y= /{[}7/ 2,.2/,.1, % , fd,sp]  (Clearing) 6.8)
- V= /{[}V, 9.4, % , /;,,,‘529] " (Non clearing) (6.9)

Where / is the second moment of area for the transformed section. For simplicity
this is not broken down into sub parameters such as area of compression steel, cover
thickness etc. Instead a chart is developed; see Fig. 5.21, in which the effect of axial
-compression and the reinforcements on c‘racking is included. In accordance with
previous banalysis, this was created using / + / where 4 is the gross moment of
inertia and /; is the second moment of area of steel reinforcement about the CG of‘

the section.

" The explanation for the decision to divide & by Z and 2 by Z in this list of
influencing parameters was that it reduces the size of the number range to 0.05 to 0.3

for typical column sizes. This had numerical advantage in speed of calculation.

The shear strength is normalised by dividing by ./ /;}élﬁ to create the shear strength

factor that can be represénted by Eq. 6.10.

7
&="y -
g //;w

O K= KbD=T= kK, ACALAY: 610
This can be represented as |

= A G Yyt s K] - NG
Since,

Dynamic shear jorce, V< Shear capacity, 7, .

A[W:%%z, % ,/:1,5’0]%[%%4/;,&]
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To solve this equation, the curves, fand 4 are plotted against stand off distance,
~ hence the variables /V,%, %, 2,7, /., and £ are constant. Then, the intersection‘

point, SD is obtained. SD is called as safe stand off distance against shear. The safe

stand off distance is mathematically represented as follows:

L/ o
SSD, = /[Wb/zﬁ/[ Z é , /;,'X,] for clearing , (6.12)

88D, = /{/7/, 0/[,1,/,,/2,1{;] | for non clearing (6.13)

From Eqs 6.12 and 6.13, it is identified that the SSD considering shear failure mainly
depends on charge weight, concrete strength, 27, /7, Z, ],.and £, We now use a
regression analysis to create the functions relating these parameters to the SS20.
Using the above method, the data base for safe stand off distance charts for shear and
flexure are generated for the following range of variables:

= i charge weight {230, 500, 1000, 1500, 1800, 4500}
= ( Al) ranging from 20 to 40 N/mm?

= breadth to length ratio (15/[) ranging from 0.05 to 0.3

= depth to length ratio (%) ranging from 0.05 to 0.3,

= length ranging from 2.5 to 6 m, ‘
= shear strength factor (&} ) ranging from 0.1 to 0.8

= flexural strength factor ranging from 0.1 to 0.8.

Using DO loops this created an array of V_approximately 300,000 data points upon
which the regression analysis could be based. |
Development 6f SSD éstiﬁlat\ion functions

The first step is to develop regression analysis functions and this is done through the
parametric study in which one variable is kept as independent variable and-rest
remain constant. From this study, the approximate relationship between the
independent variable and the safe stand off distance is established. Finally, the

regression functions which take many forms are developed using the unknown
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parameters. For example, to study the influence of B/L the safe stand off distances
are estimated by 'consid'ering shear failure, set of characteristic strength of concrete,
~ depth to length ratio, length and shear strength factor as constants and breadth to
length ratio as a variable. For each data group, the curve, S52vs. 47 is plotted and
fitted withvdi,fferent functions éuch as cubic, quadratic; linear, pbwer, exponential
and inverse etc. For each fit, the coefficient of determination () is estimated and
ranked. The R* value provides ;1 quantitative measure of how well the fitted model
predicts the dependent variable. The values of R squared that are close to 1 imply
that most of the variability in y is explained by the regression model (Montgomery,
2003). The fundamentals of linear and nonlinear regression analysis are explained in
Appendix 4.2. Table 6.5 shows the best three fits and their ranks. This table helps to
identify the relationship between safe stand off distance and breadth to length ratio.

The R-squared values are very close to 1; hence the polynomial and power ( = a’)

functions can be used to correlate the variables.

Table 6. 4 1nﬂuence of B/L on Safe Scaled Distance

fek v./ Best Fits in
W (kg) (N/mm?) D/L L / f.BD Order (Higher _ respective R
to Lower)
1000 20 0.1 3 0.2 c.QlL . 1.000, 0.994, 0.994
1000 20 0.2 4 04 c.Qt 0.999, 0.998, 0.994
1000 20 0.3 5 0.6 C,QP 0.998, 0.998, 0.987
1000 25 0.1 3 0.2 c.QlL 0.998, 0.995, 0.994
1000 25 02. 4 04 c.QlL 0.999, 0.998, 0.994
1000 25 . 0.3 5 0.6 C.QP 0.998, 0.998, 0.989
1000 . 30 0.1 3 02 C QL 0.999, 0.997, 0.994
1000 30 0.2 4 04 CAQlL 0.998, 0.998, 0.993
‘1000 30 0.3 5 0.6 C.QP 0.998, 0.997, 0.990

Note: C ~ Cubic function; Q — Quadratic function; L Linear function and P — Power function.

A similar study was carried out to find out the correlation function for other
variables, such as 7 f; D/Z, Z, / and K. From the study, the many possible

‘empirical equations, shown in Appendix 4.3, were developed with the unknown
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coefficients. The 'folléwing three forms were considered here and these are shown

with their corresponding R value.

The first one was the power function:

: D £ ' & .
SSD= AW* Af(é) (2) fxf(ij : R*=0.999
L)\ Z Z, |

~ The second one was the polynomial function:

sso- Gy (A7) A A8 2\ 227

The third one was the inverse function:

ssp=47°(/,)" (4 ) £+§[') fﬂ(%]j . R*=0997

(

Where A, to K are constants that are determined using the software package,
Statistical Package for Social Science (SPSS) that is specifically designed for this
type of problem. The SPSS also gives the R?value for the model. Using R?, the best
solution was selected among the possible solutions. Finally, the regression analysis
demonstfgted that the functions of the form (Eqgs. 6.21 and 6.22 ) below was the most
accurate and also the simplest of the tried. In fact the accuracy was consistently

shown to be greater than 0.99 when using the R? test.

(B (D A .
SSD= AW? /;i(z) (—2) jKG[TJ for clearing  (6.21)
| DY zY
SSD=AW” 1, (7) VA, o4 [——;J for no clearing (6.22)

The corresponding process to identify the influencing parameters for flexure is
essentially the same as this. For simplicity the full details are located in Appendix
A4 4. Similar to the estimation of SSD of shear failure, the empirical equations,

" given in Appendix A4.4 were developed based on the parametric study with the

unknown coefficients. These coefficients were calculated for each empirical equation
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through nonlinear regression analysis and the hypotheses were compared with R-
- squared values. Eqgs. 6.23 and 6.24 yield maximum R-squared values of 0.996, 0.994

to ¢stimate the SSD of a column for clearing and no clearing respectively.

1+[z‘ln.(/ji)+ﬂn(§j+ G’ln(§J+

SSD:AW/;(Q D(gj CKf Mn(l)+ﬂn(&)+ﬂn[j;_jJ o
SSD=AW4§(§)qu(/;»*] () Hh]( j /@ (6.24)

Xln([)+[h1(/(’;,)+11/]n

%)

K - Breadth of section
D - Depth of section |
/o - Characteristic compressive strength of concrete in MPa
Z, - Gross moment of inertia
]z’f - Effective Moment of inertia
VA - Moment of inertia of transformed section
- K - Flexural strength factof
K - Shear strength factor
VA - Length of 4column

Development of the design charts _ '
Whilst the functions presented in the previous chapter are ideally suited to |
progrémming into a spreadsheet, it is also useful to create design charts from which
the SSD can be estimated without use of a computer. Using Eq. 6.21, the design
chaﬁs (Fig 6.10) are developed. For security reason the x and y axis labels are
removed from the charts and these charts are provided in full in the suioplementary :
document to this thesis. Fig 6.10 was prepared for the charge weight (/) of 1000 kg,
concrete strength (/) of 25 N/mm?, length of 3 m, gross moment of inertia and the '
shear strength factor ( £) of 0.4. For other /7, /i Z, £ and moment of inertia of o

transformed section, the safe stand off should be modified by multiplying with

modification factors for charge weight («, ), concrete strength (), length («,)
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and moment of inertia (¢,) and as given in Eq. 6.25. The method of obtaining safe

stand off distance for a column using these charts was explained with an example in
the supplementary. '
S8D=S85D,,,,2,0 2,00 » (6.25)

SSD., - Safe stand off distance of a column considering length of 3 m,

chart

concrete strength of 25 N/mm?, shear strength factor of 0.4 gross
moment of inertia and a charge weight of 1000 kg

a«, - Modification factor for concrete strength (obtained from Fig. 6.12)

»w

a, --- Modification factor for moment of inertia (obtained from Fig.
6.14)

a, -- Modiﬁcation factor for length of the column (obtained from F1g
16.13) ' | |
a, - - Modification factor for shear strength (obtained from Fig. 6.15)

a - Modification factor for chafge weight (obtained from Fig. 6.11)

Similarly, Using Eq. 6.23, the design charts (Fig 6.16) are developed for SSD
considering flexural failure. They are prepared for the charge weight (/) of 1000 kg
of TNT, concrete strength (/) of 25 N/mm?, Jength of 3 m, gross moment of inertia
and the flexural strength factor (&) of 0.2. For other W, Jox L, K and effective

moment of inertia, the safe stand off should be modified using Eq. 6.26. The method
of obtaining the safe stand o.ff distance for a column using these charts explained
with an example in the supplementary. The chart results are compared with that of
expression. The comparison showed that these charts ‘provide an exact correlation

with the functions.

forclearing ~ (6.26)

chal

SSD= 85D, aa m(ﬂﬁiﬁj)

o, +a,
Where,
S8D - Safe stand off distance for a column .
s52,,,,~ Safe stand off distance of a column considering length of 3 m,

chart

concrete strength of 25 N/mm2, flexural strength factor of 0.2, gross

moment of inertiav and a éharge weight of 1000kg -~ .
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&, a,,0,and o, -Modification factor for charge weight (From Figs 6.20 to

6.22)
a, - Modiﬁcation factor for concrete strength (From Fig. 6.18)

«a - - Modification factor for flexural strength (From Fig. 6.19)

n

14 - Modification factor for charge wéight (From Fig 6.17)

w

Similarly, the charts and expressions for safe stand off distance for a column (fixed
at both ends, fixed at one end and pinned at other end, and pinned at both ends)
considering (i) both flexural and shear failures and (ii) with and without clearing are

developed and presented in the supplementary.
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6.6. Comparison between the chart predictions and those from
WACOLUMMN

The charts were checked against results (called WACOLUMN), obtained from
Weidlinger Associates (WA) proprietary code called FLEX, which is an explicit,
nonlinear, large deformation transient analysis finite element code, developed in
house. Using this it is possible to model RC members in detail, including cover and
rebars (both compression and shear) explicitly for air blast and ground shock
loading. WA provided the SSD for 16 columns considering different charge weights,
column sizes, axial compressions, longitudinal and lateral (shear link)
reinforcements. These are obtained from the detailed finite element modelling which
considers all the parameters such as shear reinforcement, axial compression and the
effect of high strain rate etc. Fig 6.23 shows the finite element modelling of a
WACOLUMN.

Weidlinger Associates Flex version 2.0

vy

2°

wsf (7]

2410 9 .90E-01,

2 23E-03| 9 14E-01

204E-0: 8.38€-01

1.86E-03]

7.62E-01

167E

6.85E-01

6.06E-01

5.33€-01

4.57€-01

3.81E-01

3.05e-01

228E-01

1.52E-01

7.62€-02]

0.00€+00'
Timeswp = 7634
Time = 0.6000€-01)

Scales 1

Fig. 6. 23 Column modelling in FLEX (Source:Weidlinger Associates)

These types of models are the computationally demanding and take considerable

time to obtain solutions. Under typical working loads, columns can be expected to

experience an axial compression of 10 to 25 % of 4, f.. A total of 8 columns were

reviewed, each with axial loads of 10 % of 4, 7, and 25 % of 4, f, . These axial loads

were selected because they correspond to those values that a column would be likely
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to be loaded under typical working conditions. This axial load is important, as it

enhances the shear strength of column considerably, leading to shorter SSD’s. Also,

the dynafnic strength enhancement (due to the effect of high strain rate) for both
rebar and concrete are included and the partial safety factors are removed. The shear
and flexural strengths of the column sections were estimated based on BS 8110 and
these are presented in Tables 6.5 and 6.7. Finally, the SSD, considering both shear
and flexural failures of column were estimated using the design charts (presented in
the supplementary) and presentéd in- Table 6.6 and 6.8. The maximum of these is
considered as the safe stand off distance and it also shows mode of column failure.
‘All the eight columns failed by shear. Table 6.9 is the main output from this analysis
and includes the comparison between these chart predictions and the results of
WACOLUMN. These column results are compared with WACOLUMN and this
shows that the safe stand off distance approach has good correlation with
WACOLUMN and it is conservative. The presence of axial compression enhances
the shear strghgth of the column and leads to a reduced SSD, for example column 1

requires a safe stand off distances of 23.08 and 19.60 for the axial compression of 10
% and 25 % of 4, /. respectively, see Table 6.9. '

Table 6. S Dynamic shear strength of column

Column fed fyu : ) Ve Ve \2
b d {mm) % %) P (kN . V,(kN) V,(kN) V, (kN
D (Nimem®) (Nimm?) {(mm) (mm) P (%) p(%) (kN) (Nimm?) (Nimm?) - (kN) . (kN)  V, (kN) (¥fbD)
494 0.75 178 266 170 437 0.46
1 33 4554 4064 4064 0.62 0.25
‘ : 1235 0.75 3.32 497 170 667 0.70
4 . - 1.81 271 17 442 47
2 33 4554 4064 4064 0.71 0.25 94 ors - 18 ° °
1235 0.79 3.35 502 170 672 0.71
627 064 180 - 345 480 825 0.69
3 33 4554 4572 4572 0.41 055 .
- 1568 0.64 3.54 677 480 1157 - 096
1117 0.75 2.29 798 492 . 1290 0.60
4 ¢ 33 4554 6096 6096 0.64 0.31 -
i 2793 0.75 461 1606 492 2098 0.98
. 1117 0.75 229 798 666 1465 0.69
5 . 33 4554 6096 6096 0.64 042 -
. 2793 0.75 461 1606 666 2273 1.06
) . 280 0.99 1.59 129 155 2865 053
6 33 4554 3048  304.8 1.09 042 .
700 0.99 2.49 84 155 250 047
- 1979 . 076 236 1485 889 2374 0.63
7 33 4554 8128 8128 0.68 0.31
: ; . 4948 0.76 476 2994 889 3883 1.02
o 609 1.00 2.27 257 144 401 0.4
8 528 4554 3556 3556 0.80 0.28 .

1523 1.00 4.18 , 473 144 617 0.67
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Table 6. 6 Safe stand off distance of columns, fixed at both ends considering

shear failure and clearing -

Charge Weight » . : L. shear Safe Stand off Distance

Column ID biL oL ' strength Tl
(ka) (Ib) (N/mm?) - {m) factor, K, ) {m) (ft)
. 0.46 1.23 23.08 75.71
1 998 2200 33 010 0.10 427 .
S 0.70 1.23 19.60 64.30
I - . 047 127 28.61 93.87
2 1814 4000 33 010 0.10 4.27 . .
0.7 1.27 26.33 86.39
' 0.69 1.16 2408 - 78.99
3- 1814 4000 33 o1 0.11 427
0.96 1.16 2313 75.89
60 . 14.89 87
4 454 1000 33 014 - 014 427 08 1.26 4.89 48
: o 0.98 126 12,35 40.51
0.69 . 14, 46.53
5 454 1000 33 014 0.14 427 1.26 18
. *1.06 1.26 _11.97 39.28
. 0. . 19, 64.39
6 408 900 33 006 . 006 5.49 53 138 964
: 0.47 1.38 17.44 67.22
0.63 1.29 2367 77.66
7 1814 4000 3 015 0.15 5.49
: ) 1.02 129 19.58 64.23
0.44 1.23 2239 73.45
8 998 2200 528 007 0.07 483 :
0.67 1.23 18.95 62.18

Table 6. 7 Dynamic flexural strength of column

T fya . P/bD M,/bD? M,/
c % M, (kN ' i
olumn 10ty PM) DEOM RO PO M em) s 1007
494 3.00 3.81 256 0.30 0.65 0.10
1 369 5175 4064 4064 1.23 :
1235 7.50 513 344 0.30 0.65 0.15
494 3.00 496 333 0.36 0.68 0.13
2 369 5175 4064 4064 188 . . -
: - 1238 750 - 570 383 0.37 0.68 017
7 ! 4 23 Y 009
3 369 5175 4572 4572 1.08 627 300 345 330 0.2 062 .
1568 7.50 441 422 0.24 0.62 0.13
117 3, 4.62 1047 0.34 0.67 0.13
N 369 5175 6096  609.6 1.70 300 :
2793 7.50 5.41 1225 034 0.67 0.16
117 3.00 462 1047 033 067 0.13
5 369 5175 6096 6096 1.70
2793 7.50 541 1225 0.34 0.67 0.16
280 Y 5.74 6 0.48 0.74 0.16 i
6 1369 5175 3048 3048 218 300 162 !
700 7.50 7.08 200 0.48 074* 021
|
1979 3.00 234 2328 0.31 0.65 012
7 369 5175 8128 8128 155 !
: 4948 7.50 5.6 2173 0.32 0.66 0.15
. 609 4.82 489 . 211 0.30 0.65 0.08
8 59.04 5175 ~ 3556 35556 1,60
1523 1204 7.46 335 0.31 0.66 0.14
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Table 6. 8 Safe stand off distance of columns, fixed at both ends considering

flexural failure and clearing

. " Flexural
. Charge Weight t, L Safe Stand off Dista
Column ID rge Weignt , e biL b strength Lol e nece
(kg) {Ib) (Nfmm?) (m)  factor, Ky (m) ()
0.10 0.65 15.66 51.37
1 998 . 2200 - 369 0.10 0.10 427
: Ll 0.15 0.67 10.74 35.23
‘ 0.13 6 ) " 88,
2 1814 4000 © 36.9 0.10 0.10 427 068 7 8812
: 017 0.71 13.05 42.82
0.09 062 . 19.74 .
3 1814 4000 369 0.1 011 . 421 2 64.78
S - 0.13 063 14.40 47.24 o
0.13 0.6 } .98 ]
4 454 1000  36.9 0.14 014 427 7 8.53 2198 |
0.16 069 5.86 19.24 ]
. 06 8.52 :
5 454 1000  36.9 0.14 0.4 427 o13 7 5 Zr.9
016 ° 069 5.86 19.24 .
) . : 0.16 0.74 10.91 80
6 408 900 369 0.06 0.06 549 : 3
' o : 0.21 0.78 721 23.85
0.12 065 14.43 47.35
7 1814 4000 369 0.15 0.15 549
0.15 0.68 9.93 32.57.
' 0.08 0.6 16.04 62
8 998 2200 59.04 0.07 0.07 483 5 o=
- _ : 0.14 072 9.83 32.24

Table 6. 9 Comparison of WACOLUMN and the safe stand off distance

approach
Collapse
Charge T ""“‘;’g‘ Stand gop) based on SSD based on <D " Scaled
- Column IP' Weight, W (WACOLUMN), Shear, SSD, Flexure, SSD;, SSD/SSDrgm Distance
SSD, : (estimated)
(kg) (m) (m) (m) {m) : m/kg'?
1 098 18.6 23.08 - 1586 . 23.08 1.24 2.31
18.0 19.60 10.74 19.60 1.09 1.96
) 1814 '28.7 2861 - 17.71 28.61 1.00 2.35
26.8 26.33 13.05  26.33° 0.98 2.16
3 1814 238 24,08 19.74 24.08 1.01 T 197 |
204 : 23.13 14.40 23.13 1.13 1.90 |
. 454 10.1 14.89 8.53 14.89 1.48 1.94 |
10.1 12.35 5.86 12.35 1.23 1.61 i
1
s 454 9.8 14.18 8.52 14.18 1.45 1.85 ‘
. 8.5 11.97 5.86 11.97 1.40 1.56
6 408 214 19.64 1091 . 19.64 ©0.92 2.65
15.3 17.44 7.27 17.44 1.14 235
7 1814 19.2 2367 - 1443 23.67 1.23 1.94
18.0 19.58 9.93 19.58 1.09 1.61
8 ' © geg . 207 , 22.39 16.04 22.39 1.08 2.24
. 19.2 18.95 9.83 18.95 0.99 1.90

The safe scaled distance of columns (T%lble 6.9) showed that it varies significantly
from 1.60 to 2.65 depending on 7/ &7, DI, L K, and X, The safe scaled distance
of Wu and Hao '(2007), 1.8 m/kg!? lies within the above méntioned range. It also
showed good agreement between the presenf work and their work. Interestingly, the
recommendation suggested by US DoD (4.36 m/kg'”?) is much higher than the valﬁe

indicated by this research.
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6.7. Parametric Study on Safe Scaled Distance

The previous section showed good agreément between the safe stand off distance
approach and WACOLUMN. Subsequently, a pérametric study was carried out to
explore the range of the safe scaled distance for columns adopted in practice. The
following parameters (used in the practise) are considered for this study:
O Breadth of the column {300, 450, 600}
Depth of the column {300, 450, 600}
Length of the column {3, 4, 5, 6}
Diameter of main reinforcement {20, 25, 32}
Number of main reinforcement {4, 8}
2 and 4 legged ties-with 12 mm rebars
Spacing of ties {150, 200, 250} '
Axial compression of 10, 20 and 30 % of A, /f

O 0o o oo o g

From these parameters, 396 columns are developed and shown in Appendix A4. 4.
The shear and flexural strength of these columns are estimated using BS 8110
without any material safety factor. Using the SSD equations the safe scaled distances
are estimated for these columns (fixed at both ends) considering clearing and
presented in Table A4.3. Fig 6.24 shows the range of scaled distances. The scaled
distance varies from 1.31 m/kg'” to 2.63 m/kg'” with the mean and standard
deviation of 1.84 m/kgm and 0.28 m/kg” ? respectively and the 95% confidence level
of 2.3 m/kg'”® was estimated from this sample. This is very close with that of the

13 can be used

Murrah building. Though it is crude, the scaled distance of 2.3 m/kg
approximately to evaluate the safety of unstrengthened buildings against blast. Figs
6.25 to 6.29 show the variation of safe scaled distance against 4Z, 2/Z, Z, K, and
A, There are no trends in the curves, it is difficult to say exactly how these factors
affect the safe scaled distance, i.e., the parameters are not separable. We can see a
small trend in £ curve (Fig. 6.28) and it shows that safe scaled distance decreases
with increasing shear strength. Considering the partial safety factor underestimates
the shear strength (safe in design), resulting in greater safe stand offldistance. This

leads to conservative design.
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These calculations considered the case with clearing. However, columns without
clearing presents the worst case scenario. Therefore safe scaled distances were

estimated for the otherwise identical 396 columns. These scaled distances varied

from 1.44 m/‘kgl/3 to 3.30 m/kg'” with the mean and standard deviaﬁon of 2.20
n_1/kg”3 and 0.42 m/kg'? respectively and a 95% confidence level of 2.9 m/kg'?.

‘This represents a 25% increase. , N
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6.8. Conclusions

The methodology to estimate safe stand off distance was developed and tested using .
the results from the Murrah building. The forensic investigation showed column G16
was 1524 m away from the detonation and failed in shear. This was the furthest
‘column away'from the charge. The SSD charts also demonstrated that shear was
critical for this column and provided a SSD of 23.75 m, thus they confirm the
findings from the forensic investigation. The method also confirmed that the next
- closest column (G12) should have survived intact. A safe scaled distance of 2.0

m/kgl/é

was estimated for the Murrah Bhilding and this compared well with the
recent work by Wu and Hao (2007). Using the proposed method, a data base of safe
~ stand off distances was generated for different influencing parameters, such as
‘ cherge weight, compressive strength of the concrete, bcolu,rnn breadth to length ratio,
depth to length ratio, length, shear strength factor and flexural strength factor. The
interpolation functions were derived to estimate the SSD for idealized columns by
performmg a regression analysis on the database. Design charts were also developed
which prov1ded SSD output that corresponded exactly with the output from the
interpolation functions. These charts were checked against results from Weidlinger
Associates proprietary code called FLEX (named WACOLUMN), which is an
explicit, nonlinear; large deformation transient analysis finite element code,
developed in house. The comparison showed a good agreement between the
methods, with the charts most frequently providing conservative stand off distances.
The safe scaled distanee varies significantly from 1.6 to 2.8 der)ending on /7, é/[
7, 2, K, and 1{’ Interestingly, the recommendation suggested by US DoD (4.36
m/kgm) is much higher than the value indicated by this research. One can get the
safe stand off distance for a particular charge weight and column using these design
charts. A parametric study was then carrlied out considering .396 practical columns
with and wi‘rhout clearing, in erder to established the range of safe scaled distances.
The study showed that for columns with clearing the mean value for safe scaled
disrance was 1.8m/kg' with a 95% confidence level of 2.3 m/kg'”®. Without clearing
this increased to 2.2 m/kg'”? and 2.9 m/kg”3 for mean and 95% confidence limit
respectively. Though it is crude the scaled distances of 2.3 and 2.9 m/kg"? can be
used to evaluate the safety of the building approximately against blast.




Chapter 7.
Conclusi‘ons

An extensive literature review has been undertaken (i) to explore the previous
incidents such a-s the Ronan Point, the Khobar Tower and the Murrah Building
incidents; (ii) to examine current desigﬁ guidelines and codal provisions ado;ﬁted in
the different countries namely USA, UK, Europe and Canada and (iii) to investigate
available protective design methods for steel and RC framed structures. In the course
of this review it was realized that most of the codes, sﬁch as British Standards and
European Union regulations, suggest the tying apl;roach to ensure adequate
robustness against disproportionate collapse of steel framed building. This approach
did not have any clear scientific base; hence research was carried out to quantify the
strength of thé steel frame against disprop_oftionate collapse.

In the UK the general view amongst practitioners has been that compliance with
the tying force method provides an alternative load path for damaged columns via
the catenary action mechanism. The design tying capacity 6f the connection should
be at least equal to the ULS shear force. It is very simple to comply with this
requirement in practice and mést of the industrial connections meet this requirement
without costly modifications. Importantly, the tying force method sets no
requiremenfs for a m'ihimum joint ductility. During this load redistribution the
accidental load is assumed to be equal to 1.05 of the dead load ‘plus 1/3 of the
imposed load. Since the design tying capacity is equal to only the ULS shear force,
substantial beam end rotation is required to redistribute column loads using catenary
action. In addition, the accidental loads should also include a dynamic_ afnpliﬁcaﬁdn
factor to account for effects due to the sudden removal of column support, as could
be the case if damage wefe to occur due to a blast. To transfer the accidental load,
fhe beam-column joints need to have sufficient rotation capacity. This can be
problematic because most high rise buildings built in the UK are designed with low

cost nominally pinned joints. Since the beams would remain elastic durihg the
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catenary action, all rotation demands would be placed on these simple connections.
~ which have limited ductility before prymg action leads to fracture

With an apparent potential for catenary action to exceed both the strength and
ductility of many commonly occurring steelwork joints, it was decided to estimate
the factor of safety against (FoS) collapse. The FoS was defined as equal to the ratio
between the tying capacity of the joint and the tying force acting in the jeint at the
point when the rotation limit wés reached. At this ihstance the connections are
assumed to remain nominally pinned and to be resisting a catenary force limited to
the design tying force. Beyond this rotation and feree combination the joints are |
assumed to have failed. This assumption of failure was justified because analysis
demonstrated that the moment capacity of the connections when subjected to large
rotations was only approximately 1/10® of that needed to redistribute loads by
vierendeel action. Given the assumption that joints remain pinned and that eolumns '
remain in line because of lateral restraint from floor slabs, this catenary mechanism
was analysed as an inverted three hing_ed arch. In this analysis, the loads supported -
by catenary action in the slab were accounted for. However, due to leclr of -
confidence in the. ability of the slab to maintain a tensile load at large deflection the
FoS was estimated with and without the load carrying contribution of slab.

Complexity in quantifying the‘energy dissipation mechanisms such as, cracking
in the concrete and yielding steelwork and reinforcement makes the estimation of the
dynamic amplification factor (DAF) impractieal without experimental testing.
Hehce, the FoS was estimated for three scenarios: (i) the best case scenério in which
the full strength' of the slab was considered to be mobilised and the dynamic effect
ignored (i.e., DAF is equal to 1.0); (ii) the worst case scenario in which the tensile
strength of slab was ignored and the likely maximum undamped factor of 2.0 was
assumed; and (iii) a best guess scenario in which the catenary action in siab was
included and damping reduced the DAF to 1.50. ‘ The investigation considered a
medlum rise office building as a case study comprising a 9m by 12 m column grid
and 4 m storey height. The frame was designed with a range of mdustry standard
simple connections, which included fin plate connections, as well as flexible end
plate and douhle angle web cleat connections.

The results were startling and showed that the relatively simplistic analysis was

sufficient to confirm the doubts concerning the ability of the tying force method to

|
|
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successfully redistribute column loads. The frame with fin plate connections proved
the least able to redistribute column loads, with the FoS estimated at ranging from
©0.08 to 0.19. Insufficient ductility is the primary reason for the low FoS, although
this analysis assumed the maximum limiting rotation of 4° was possible, whereas the
predictions based on the Liu et al (2004) model predicted a rotation limit of just OVer ,
2 degrees. When the joint reaches its rotation capacity, the bottom flange of the beam
touches the colufnn. Thereafter, a prying action develops, leading to reduction in
tying capacity of joint and leading ultimately to fracture of the joint. This study
ihdicates that connection would need to rotate by the order of 24 degrees to the
horizontal in order to support the damaged column by catcnéry action alone,
involving a céntral deflection nearly equal to the storey height. |

To study the response. of other simple connections, the fin f)late' joints were
replaced with ﬂexibie end plate and double angle web cleat connections. Using the
componenf method, the limiting rotation of 4.3° and 2.5° were estimated for flexible
end plate and double angle web cleat cbnneétions respectively. The factor of safety
for these connections was estimated and it was again found to be less than 0.2.

Since these factors of safety are significantly less than uhity it is unlikely that a
more advanced method of analysis would have altered the main conclusion, namely
that the tying force method is unable to guarantee robustness of steel framed
buildings. Given this firm conclusion the focus of the research was transferred to
investigating the vulnerability of concrete framed buildings to blast loads.

~ Protective design against disproportionate collapse can be carried out using -
several methods, such as the safe standoff distance approach, the provision of
alternative load paths such-as outrigéer trusses, the double spén method, throﬁgh
specific local resistance and indirect design methods such as the tying force
approach. The pros and cons of these methods were compared and it was concluded
that design based on safe stand off distances provides the highest level of protection.
>Since it is column failure that generally triggers progressive collapses, it Wés decided
to investigate the vulnerability of RC columns to blast and thereafter to investigate a

means for estimating the safe stand-off distance for columns.

The subsequent analysis involved three separate phases: (i) estimation of the-

loads, (ii) the dynamic analysis and (iii) the comparison between the dynamic shear
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forces and moments with the static strengths in order to determine if failure is or is
not likely. The maximum response of the column occurs after the load diminishes
therefore a dynamic analysis is essential. In RC columns, shear or compressmn
dommated failures lead to brittle modes of failure and the flexural failure leads to a
ductile failure mode. For this reason linear dynamic analysis was carried out
examihe shear failure, whereas the nonlinear dynamic analysis was carried out to

predict flexural failure.

Columns were idealised as beams with .a range of end support conditions,
namely (i) pinned at both ends, (ii) fixed at both ends (iii) pinned at one end and
fixed at another, and (iv) fixed at one end and free at the other (i.e: cantilever). As
the column has an inﬁnite number of dynamic degrees of freedom, a differential
element of the column was considered. Using the force equilibrihm, (in which inertia
force was also included) a partial differential equation was formulated and sol\}ed ‘
using modal superposition theory. This distributed mass system is converted into a
SDOF system by equating respective energy such as kinetic energy, potentiel energy
and work done by the load. In the SDOF systerh models, the contributions from the
higher modes of vibration are neglected. In the case of columns pinned at supports
there is no redistribution of the mid span moment; hence the elastic analysis was
used in the eetimatibn of safe stand off distance. In the case of co}umns fixed at both
ends, and fixed at one end and pinned at other end, the detailed elasto-plastic
analysis was carried out as the fixed end moment can be redistributed to the mid
span region. |

The investigation compared the predictions of. deflection, moment and shear
using both single degree of freedom (SDOF) and multi-degrees of freedom (MDOF)
system models. This showed that when the ratio between the duration of blast load
(7) to the natural vibration period (7,) is greater than 0.1, the contribution from the
higher modes cén be neglected to simplify the analysis, hence SDOF models are
sufficiently éccurate. However, when 7/ 7, is less than 0.1, the SDOF systems were
shown to underestimate shear force by approximately 50%. For most practical
columns when blast occurs at a distance close to that required for shear failure, '7}7},
will be m the 0.05 to 0.15 region. For.example 7.7, for the columﬁs that failed in
shear in the Mﬁrrah Building (columns G16 and G24), 7,7, was approximately 0.11
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and 0.07 respectively. Therefore, this lack of conservation inherent in SDOF analysis
does have design implications, with most of the design guidelines such as TM 5-
1300 based on SDOF system analysis. Therefore one might consider increasing
shear force by 50% to account for the higher modes if analysis is based on SDoF
system models. This approximation is crude but likely to be safe.

A method to simplify the blast on columns with clearing was proposed.. When
the shock front strikes the front face of a column the pressure immediately rises from
zero to the reflected pr,essure; The reflected pressure clears in the clearing time and
reaches the stagnation pressure which is equal to the sum of incident over pressure
and the drag pressure. The sum csf incident and drag pressures decays to atmospheric

pressure after the duration of the incident pressure. At the same time, the pressure

wave reaches the rear side and suddenly rises from zero to the incident pressure and

then decays to zero within the duration of the incident pressure. This blast load on
the column was represented in the form of a pressure-time history which includes
two profiles, one on the front face and the other on the rear face. This creates a
complex load profile, resulting in problems in the dynamic analysis. This was
overcome by simplifying the pressure time history to form an equivalent triangular
impulse with the same reflected pressure, but with the duration adjusted to provide
an identical impulse. Inaccuracy caused by this simplification ‘was studied through a

‘parametric study and was found to be conservative by less than 10%. Hence the

columns were thereafter analyzed for clearing using this triangular impulse

simplification. o
Using the method, the Murrah building was analysed and the results

corresponded closely with the failure pattern observed duririg the forensic anélysis of

the collapse. Both columns G16 and G24 were shown to have failed in shear (as was

found in the forensic investigation) and column G20 was expected to have failed in
brisance when assessed using a reinforced concrete panel design chart developed by
‘McVay. ' A

The design of the Murrah Building has been criticised.because of the use of
transfer girders. The building was therefore reanalysed by replacing these with a
more conventional arrangenient of beams and columns. The reanalysis showed that
the girder was not a primary reason for the progressive collapse, with extensive shear

failures of columns stillr‘resulting in a pfogressive collapse that would have
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consumed approximately 40% of the building floor area. Therefore, eve_n if the
building had have designed as per GSA guidelines, it may not have survived, as the
_ guidelines con51der the removal of only one column at any one time..

Shear strength is one of the most important parameters in the calculation of SSD
and its estimation is empirical in nature. Hence, the exactness of the methods
adopted in different countries to esﬁmate shear strength was studied by comparing
predictions with experimental dafa. The study revealed that strength obtained using
BS 8110-1:1997 is conservative but safe. However, lack of conservatism vvas
observed for some tests in both the ACI and CSA methods. The Eurocode was found
to have similar reliability to the British Standard although the British Standard was
found'to be the most reliable of the four codes and was therefore used for the
analysis. Another important parameter is the selection of the moment of inertia of the
column in the dynamic analysis because it affects 7 and therefore the 7,7, ratio.
Charts were developed to estimate the cracked moment of inertia of columns
considering the effects of axial compression and percentage of reinforcement, as
codes provide no equivalent design resource.

| A regression analysis was carried out and the influencing parameters for SSD
were identified as: charge vveight, compressive -strength of the concrete, column
breadth to length ratio, depth to length ratio, length, shear strength factor and flexural
strength factor. Using the proposed metliod, a data base of safe stand off distances
was generated for the following these parameters within the following ranges:
O charge weights of 230, 500, 1000, 1500 and 1800 kg of TNT
o compressive strength of concrete ranging from 20 to 40 N/mm>
O breadth to length ratio ranging from 0.05 to 0.3
depth to span ratio .r_anging from 0.05 to 0.3
span ranging from 2.5 to 6 m

shear capacity factor ranging from 0.1 to 0.8

o O S s O

flexural strength factor ranging from 0.1 to 0.6.

By performing a regression analysis on the database, interpolation functions were
derived to estimate the SSD for idealized columns. Design charts were also
developed which provided SSD output that corresponded exactly with the output

_from the interpolation functions.
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These charts were checked against results from Weidlinger Associates proprietary
code called FLEX (named WACOLUMN), whicil is an explicit, nonlinear, large
deformation transient analysis finite element code, developed in house. In the FLEX
code, the blast effect on whole building or individual members can be modelled and

the shear and compression reinforcement is modelled explicitly. In the validation, the

columns with axial compression of 10 and 25% of A, /. were considered. The shear

and flexural strengths of column sections were estimated in the SSD approach using
dynamic strength enhancement factors for both rebar and concrete and all the
material saifety' factors Weré removed. Finally, the safe stand off distance was
estimated using the desigll charts. The coxﬁparison showed a good agreement
. between the methods, with the charts most frequently providing conservative stand

173

off distances. A safe scaled distance of 2.0 m/kg” was estimated for the Murrah

Building and this compared well with the recent work by Wu and Hao (2007).

Finally in order to define a suitable design value for the safe scaled distance, a
parametric study was cvarried' out considering 396 practical columns.with and without
clearing. The study showed that for columns with clearing the mean value for safe
“scaled distance was 1.8m/kg'? with the 95% confidence level was 2.3 m/kg'?.
Without cleafing this increased to 2.2 m/kg'® and 2.9 m/kg'® for mean and 95%
confidence limit respectively. These values provide an alternative to the US DoD

safe scaled distances, which may be conservative.
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Recommendation for future work

During the course of this reSearch, the following future works have been identified:

1. In the case of steel framed buildings with rigid connections, the accidental
load from a damaged column is transferred through either beam or catenary
actions or in a combination of these. The methodoiogy, ‘presented in this
tesearch can be extended to quantify stréngth against dispropoi'tionate

collapse of this form of building.

2. Steel framed buildings with simple connection can be strengthened by
- providing erhergence bracing systems, or by strengthening connections. The

feasibility of these retrofitting techniques can be explored.

3. The feasibility of arching action in transferring accidental loads from

damaged columns requires further study.

4. The feasibility of load redistribution via catenary action in the concrete

framed buildings merits further study.

5. The safe stand off distance approach would benefit from validation with field .

¥

tests.

6. The safe stand off distance approach can be extended for steel columns and

brick masonry.
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APPENDIX

A.1 DIRECT DESIGN METHODS: PROTECTIVE DESIGN FOR"

STEEL FRAMED STRUCTURES

A. 1.1. STRENGTH AND STIFFNESS OF THE JOINT COMPONENTS

Table Al. 1 Strength and stiffness of the joint components

Components Strength Stiffness
0 3844,
Column web in shear | £, = Vo= Lrorhe
| 2 V3
-7 15
Column web in ‘;”‘M Sl ucl oucl’
compression Where
= Crashing !
failure \/1 1. 92 ( ef. m/ Wc]
VI
_ ef.owe’ we
Ko =2— 1(, 022
we 2 s =L i = 1—7— S A
= Bucki Where,
= Buckling
. Y é:fm/wa/y'm
failure A= VA
_ ﬂEfW
7 3(1-v*)d,
Column web in ool we . 5
tension K E dm, cwe. Rd ./}(‘:.c»/wc eﬁmlp
Beam flange and 7 yéﬁvZé
. . - serd =
web in compression 4 —74
- | Beam web in tension - L = }z,éﬁ;/wéégfm/
Where, |
bpone =15+ 2N22,+5(2,+ 1)
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8 e =%+2ﬁ@+2(1ﬁ+4)

/4
dwcéc
8 =1,+2024,+2 0.75(—fJ (2:+7%)

3,/ ¢

é:,fm,=mip of{a; +2m;p;—§’—+ m+ g}
Sy =2P
4, - Shear area of the column web
a - Thrdat thickness of the weld between beam flange and the end plate
8,4 .~ Effective width of column web in compression for strength
calculation
4,5 o - Effective width of column web in tension for strength calculation
8,5 e~ Effective width of column web in compression for stiffness '
calculation
8,y s - Effective width of column web in tension for stiffness calculation
é:jm - Effective width of column web in compreésion cbnsidering buckling
failure |
by " - Width of column flanges
aZ, '-‘Clear depth of the column web
a, - Washer diameter
£ - Young’s modulus of steel
Z - Elastic critical load of the column web in compression
' @W,: 4 - Resistance of the beam web in tension
Z,s 2z - Resistance of the beam flange and web in compression
7. s - Resistance of the column web in compression (crushing failure)
£, . - Resistance of the column web in compression (buckling failufe)
e - Yield l,st;.fess of the column web
/s - Yield stress of the beam )

4 - Column length or inter storey height
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4 - Beam height

4 - Lever arm, approximately equal to the distance between extreme
bolts
K, - Stiffness of the spring element, modelling the column web in

compression

- Stiffness of the spring element, modelling the column web in shear

- Distance between the bolt axis and the face of the web

K ow.
X, - Stiffness of the spring element, modelling the column web in tension
m
2 - Pitch of the bolt row

7

- Radius of fillet of the web to flange connection of the column

24 - Thickness of beam flanges

7, - Thickness of column flanges

Z,. - Thickness of column web

Z,, - Thickness of beam web

7 .. »s - Resistance of the column web in shear

Z, - Plastic modulus of beam section ‘

g - Coefficient related to the panel zone internal action, which is eﬁual
to 1- %

p - Coefficient for shear compression interaction in the column web in

compreussi.on
A - Nondimensional slenderness
v - Poisson’s ratio
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A. 1.2. FORCE-DEFORMATION RELATIONSHIP FOR T-STUB
- Table Al. 2 Force deformation relationship for T Stub
Mechanism Chall;a(‘:terlstlc Force Displacements
oints
: F=alM v
First Yielding » =AM 5 =t
.4
Typel Beginning of strain | 4% = %5, 5.2, L C
(Flange )(Ile/ld;ng) hardening A /, 4
” ' 4, =g, Vs
1 5 Maximum load e, 0,=—2+—0C,
1+2(7,) 2,
Fracture Point 15”/1/’ 6,=—2+—C
K 2z,
F=a,M v
First Yielding = %M, 5=~
| Type 2 — | ear
(Flange yielding Beginning of strain | 4= a6, m(m+ 71) C‘[§ ] where £ = EE,
with bolt failure) | hardening _ ,(1 +&) 7 1+ 52 m
2 : £ =a,¢ : m\m+n
M< B <2 | Maximum load oMy =—(-—) ( : )C‘[f ] where £ = EE,
1+2(7) " , £, (1+&,) 1+§3 m
" :
5 7
Fracture Point z ”/I/}, 6,=~L+—C
: X 2
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Type 3

Case 1: T-stub flange in elastic region: (£ <¢))

(Bolt failure) T-stub ﬂange in F=28, 5= P2
B,>2 elastic re K
p gion X
Case 2: T-stub flange in yielding plateau (&,££<8)
24, z
First yielding point £,= S =2
y gp - =
Yielding plateau £,=28, ls,-= £, L Ae]
region V. Oy
Case 3: T-stub flange in strain hardening region: (£, <& <&))
First yielding point | /) = —~ d,= 3z
Beginning of strain | 5 _ 25,4/, 5. = 4 " ﬁ"z_
hardening 4 m e /, a7
Strain hardening £,=28, £ _lli
V. Gy

region

Case 4: T-stub flange in softening region: (£ >¢&,)

e e 24, £
First yielding point | /£ = m” 5,= ;’
Beginning of strain | 5 _ 26,4, ﬁ i C'[ & ]
hardening 4 ” 1{’ /, 2
, ' 26 M, £t
i £ =" 6,=—2+—
| Maximum load n p "= ;, C'[é’;]
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sl
>y,

c1¢]

Softening region ~ 5 =2ry




Where,

Gyl

Y
_ (327-24)
 8mn— (m+n)d,

£=0.52

124]

2 .
o, =/_”(1+§)

3

2-,)(7 | o
= (——M for Type 2 failure _
2.1+(7,) |

2 .
f=— for Type 3 failure

B, |
C, -0.0012 and 0.0015 for S275 and S355 respectively -
C - 0.0155 and 0.0148 for S275 and S355 respectively

i

c - 0.1951 and 0.3315 for S275 and S355 respectively

C’[§ ] - VCoefﬁcient provides displacement corresponding to section

moment, which is obtained from Fig. Al.1

m - Distance between the bolt axis and the face of the web

N

- Distance between the bolt axis and the prying force (or flange edge)

4 - Coefficient providing the bending moment in a section where

ultimate conditions are not reached

£, . -1.50 ,
&, -1.95and 1.84 for S275 and S355 respectively‘
- 3.18 and 3.29 for S275 and S355 respectively

u
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0.0016
0.0014 I
— L 5275 //
0.0012 = —r—_ S385 :
/
0.0010 /£
/ /
0.0008 ) / /
dg R
0.0006 P
~ /
L~ /
Pt
0.0004 =
. o ////
" 0.0002 —
Lo
0.0000 s et
028 030 032 034 036 038 040 042 044 046 048
(a) T-stub flange in yielding plateau
0.018
0.016
— 8275 )
0.014 e K 4
/
0.012 > 4 y
/ pd
0.010 i 4
Al 0.008 f /
: 7 /
/ P
0.006 V4 v
/ /
0.004 y -
s
.0.002 £ ,/
P g
0.000 -
044 046 048 050 052 054 056 058 060 062 064

4

(b) T-stub flange in strain hardening i-egion
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cl¢]

0.35
//‘
0.30 y
— s275 ,/
—— 1 s355
0.25 e
/
/
0.20 s
’
s
0.5 4
/
7
b2
0.10 — A
e ~
/// /
0.05 e
”'/ L]
i T
0.00
060 065 070 075 080 085 090 095 1.00

0.55

(c) T-stub flange in softening ‘region

Fig. Al 1 C[¢] for different &
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A. 1.3. ROTATION CAPACITY OF FLEXIBLE END PLATE

CONNECTIONS

LBending of End Plate.:
Thickness of flange, 7=
Weld size, s=

m:

=

Dg-':

Hence, bp7=
For bolt grade 8.8, /5=

B,
4

/5’/-=

12 mm
6 mm
(140—9.6). ' -
~ — — 7-08-1414- 6=58.41 mm

30 mm
20 mm
22 mm
30 mm

”17%=314.1mm2

Min of {4,,,4,,,4,}
2D, +2m7 =138.82 mm
e/ (=70 mm) =70 mm

i;é+£+m=104.41 mm

70 mm
800 N/mm?

Jopdy =251.28 kN
8, L
_!gff_’ /,=0.462 kN-m
1.5047,= 0.691 kN-m
1.9547,= 0.900 kN-m
3.1847,= 1.469 kN-m

447, _
28 m

%ﬂ =0.514

24 _ 0507
1+24

0.2

B.<B,, Hence Angle fails by 1% mechanisms

32n-2d, Py
8mn— (m+ /7) Z,

0.0791847

0.0791847,= 36.58 kN
0.079184/,=54.721 kN
0.0791847,= 71.23 kN
0.0791847 = 116.33 kN




194

Bending gf C o/zmm Flange.
Thickness of web, 7, =
Thickness of flange, /=
Root radius, ».=
”’:
” =

Effective Width, 4,5=

M=

APPENDIY
8
052 7, = 63733.74 KN/m
w
7
¥ =0.574 mm
K' . ,
%4 = 0.8585 mm
Ve
0.0012
” C, =0.1705 mm
27,
6,,+6,,=1029 mm
%= 11176 mm
= _
0.0148
” €, =2.1038 mm
27,
0,p+90,,=32215 mm
—/—r’i= 1.825 mm
£
0.1951
7 2173 mm
2,
8,,+6,,~29.56 mm

18.4 mm
30.2 mm
15.2 mm

w—-O.S- 15.2=48.64 mm

127.4 mm .
Pitch, =70 mm _

bs%
6
1.5047,= 5.65 kKN-m

1.9547,=7.36 kN-m
3.1847,=12.01 kN-m

/=378 kKN-m

4, 1.966<2.0
Bom
7 =2.619
V/ /4
T =0.839
- 1+24

!
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B> B andB,<2, Hence Column flange fails by 2™ mechanisms

£= =LA _ 0125

B,(1+4)

M,
é:l = _/l}_=03143

14

My _ 061
£ = 7/;—0.6122

C,= 0.0148

&<$s 6,= 0

7= 211 g)= 00416 47
V4

7= 0.0416 44,=157.26 KN
3= 0.0416 44,=235.06 kN
- = 0.0416 A,=306.00 kN
»= 0.0416 44,=499.81 kN .

0.52%
K= —”;—/L = 1759250 kKN/m

‘ £
6,= 2=0.089 mm
£

n -3
8,= ——C,=191x10
(148
<, 6;2/;= d
o,= ﬁ=0.l336mm
: V.4
5M = ‘9pu (1+ /1) /)7—19/,”/1//1= 0.3360 mm
6,= 0,+6,=0.4696 mm
m -3 .
6. = C =2354x10
A (148) T
6;:2»1? ”
o, = §=0.1739mm
: K

3= 6,,(1+A)m~6,,,Am=41437T mm
5,= &,+6,=43176mm

Vi
0,,= ———=C=0310
~ 2,(1+¢)
9;721/ = 0
s, = £i - 02841 mm :
V. ¢
3,,= 0,,(1+A)m—0, An=5462 mm
5,= &,+6,=549mm
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Stear Deformation gf Column Web.

~N
I DN RN N
]

yma =

e =
yzwzu?d
Am/l =
vel #

ows T

owsl

Bolt Deformation.

/, =

300 x 10° mm®

394.8 mm

30.2 mm

18.4 mm

15.2 mm

1.0

A~28,0,+(4,,+27)1,=7628 mm®
/
N
/W(ﬁc - 2//2) +(2,.+27)2,+ (27) - s’
7571 mm?

03844,
4

7

0.38- 2.1- 10°- 7571

(528.3-90-13.2/2)

0.38- 2.1- 10°- 7571
(430-90)

A, =1563.4kN

= 1399552 kN/m

= 1777019 kKN/m

N

cwe Rd

=1.12 mm

= (.88 mm

3.0 mm
13.9mm
16.0 mm

For bolt grade 8.8, 7 =800 N/mmz, /; =640 N/mm?

[5=

€

Pl

o

Pd

NMNEENS

Z,+7,

T+, 42Ut =63.15mm

=3.047x 107
/6‘),= 0.1924 mm

Table Al. 3 Deformation of flexible end plate joint components
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Bending of End Bending of Shear Deformation of
- Description Plate Column Flange Deformation of Bolt
Column Web
Fy 36.58 157.26 1563.40 402.05
F (kN) Fn 54.72 235.06 - -
. [ 71.23 306.00 - -
Fu 116.33 499.80 - -
5, 0.57 0.09 1.12 0.19
5 (mm) Sh 1.03 0.47 - -
S 3.22 4.32 - -
29.55 54.90 - -

b= 29.55mm

0, = -5—;1= 433°

7

The rotation capacity of flexible end plate connection is 4.33 degree.
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A. 1.4. ROTATION CAPACITY OF DOUBLE ANGLE WEB CLEAT

CONNECTIONS

Bending of Angle.
Effective Width, 2,,=
Thickness of flange, 7=
Distance between plastic hinges in a thin
flange of a bolted T-stubs, 7=
Distance between the bolt axis and the
prying force, #» =
Bolt diameter, 2, =
Washer diameter, 2, =
Bolt shank area, 4;=

For bolt grade 8.8, /5=
Ultimate axial resistance of bolts, 7, =

Bending moment corresponding to first

yielding, 4=

Bending moment corresponding to the
beginning of strain-hardening, 4=
Bending moment corresponding to the
‘maximum load point, 4%,=

Ultimate bending moment , 44, =
Parameter governing the plastic

Pitch, =70 mm
10 mm

50-10-0.8x11 =31.2 mm
40 mm

20 mm
30 mm

”‘0% =314.1 mm?

800 N/mm? ‘
S, =251.28 kN

e,
Tf /=0414 kKN-m

1.494847,= 0.619 kN-m

1.8447 47,= 0.764 kN-m
3.2879.47,= 1361 kN-m

mechanism typology of a bolted T-stubs 447, _ 0.347
with reference to ultimate conditions, 8, 228~ '
7 '
A= =128
24
= =0.7194
A= 1 |
B.< P, Hence Angle fails by 1™ mechanisms
= 32n-24, )Y
8mn—(m+ n)d,
F= 0.155454/

First yieldihg lateral force, /=

Force corresponding to the beginning of
strain hardening, /#;=

Force corresponding to the attainment of
the ultimate true stress (/4), #»=

Ultimate Resistance, /,=

X:

First yielding displacement, &, =

0.1554547,= 64.38 kN
0.1554547,= 96.24 kN

0.15545.47,= 118.77 kN
0.15545.47,= 211.68 kKN

b0
0.54£" ”;/ =242004.56 kKN/m
7 ,
£ =0.266 mm
V. ¢
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Displacement corresponding to the
beginning of strain hardening, &, =

Displacement corresponding to the
attainment of the ultimate true stress (/),

Ultimate Displacement, 6, =

LBending of Column Flange.:
Thickness of web, 7, =
Thickness of flange, /=
Root radius, ».=

_

Q= 0.398 mm
V. 4

0.0015

—C, =0.073 mm
2/, 7.

6,,+6,=0471 mm
Q= 0.491 mm
.4

0.0148
Y4

—C, =0.720 mm

2,

6,,+5,,=1211mm

£= 0.875 mm
V.4

03315

21’2—c= 16.134 mm

Y
6,,+6,=17.0mm

18.4 mm
30.2 mm
15.2 mm

(100-18.4)
708 152=28.64mm

147.4 mm

Pitch, =70 mm

4,

—1’6’5— /,=3.78 kKN-m

1.4959.47,= 5.65 kN-m
1.947347,=7.36 KN-m
3.180747,= 12.01 kN-m

A, 3333520
B

)/ =5.1466

V//4

21

=0.91145
1+24 _
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B.>2, Hence Column flange fails by 3™ mechanisms

Coefficient providing the bending
moment in a section where ultimate
conditions are not reached, & =

gl;

}/fllﬂ =
shear resistant area of the column, 4, =

Design resistance of the column web in
shear, 7, =

‘/4114'/1‘ =
Avc/,l‘ =

247
-2 =263.78 kN

V4
0.525
7"”’? = 8617655 kN/m

=0.031 mm

=394.59 kN

=0.0458 mm

C, = 0.0204 mm
/S
8,,+8,,=0.066 mm

25, =0.0583 mm

- 6,,+6,=2529 mm

300 x 10> mm®

394.8 mm

30.2 mm

18.4 mm

15.2 mm

1.0

A, =26, +(4,.+27)7,=7628 mm’
2 A |
V3 Voo

=1563.4 kN

tw(ﬁ, - 2/fc) +(2,,+27)2.+ (2/;)2 - 7r/'2

7571 mm?>
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& = 0.3844,,,
ows - é’
5
£, = 0.38. 2.1- 10°- 7571 ~ 1399552 KN/m
(528.3-90-13.2/2) -
5
L= 0.38- 2.1- 10°- 7571 _ 9937728 kKN/m
(360—-90) '
8.0 = S ones =1.12 mm
ch.rl
8.,.= Voms — 0.70 mm
: . KC‘WJ‘Z
LBolr Deformation.
Upper flange thickness, 7/, = 30.2 mm
Lower flange thickness, 7,= 10.0 mm
Washer thickness, 7,,= 3.0 mm
Bolt head thickness, 7,= 13.9 mm
Bolt nut thickness, 7,= 16.0 mm
For bolt grade 8.8, /=800 N/mm’, /=640 N/mm’
Conventional bolt length, Z,= 7, +7,+27,,+22% =61.15 mm
g, = 2~ 3,047 x 10° :
£

5,= /¢,=0.186 mm

Table Al. 4 Deformation of double angle web cleat joint components

Description “ Bending of Angle Bending of Defofr::?i:)n of Deformation of
Section Column Flange Column Web ‘Bolt
F, 64.58 263.78 1563.40 402.05
F (kN) Fy 96.24 394.59
m 118.77
F, 211.68 502.56
5, 0.27 003 1.12 0.19
5 (mm) &y 0.47 0.07
m 1.21
5, 17.00 2.53

8.,= 17.00 mm
5

0,= —4= 2.5°
7

The rotation capacity of double angle web cleat connection is 2.5 degree.

|
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A.1.5. CASE STUDY ON CATENARY ACTION IN SIMPLE CONNECTION
FRAMES

Calculation of maximum joint ductility and tensile strength

It has been assumed that rotation occurs about the CG of the -Bolt.group, with a total
plastic deformation of the upper bolt hole in the fin-plate of 10mm (corresbonding to
half a bolt diameter).

Rotation capacity = 10/140 = 0.0714 rad or 4°

Tension capacity of fin plate = K py Anet

Ke=1.1;  Ap=A-nDyt=360x 10— 5x22x 9.6 =2544 mm’

Tension capacity of fin plate = 1.1 x 355 x 2544 x 107=993.43 kN |

Bearing capacity of fin plate =1.5n d t¢pys < 0.5n €3 t¢ pos

0.5nextepps=0.5%x 5% 50x 10X 550 x 10 = 687.5 kN
1.5ndtrpes=1.5%x5x20x10x 550 x 107%=825kN |

. Hence, Bearing capacity of fin plate = 687.5 kN

Tension capacity of beam web at the connection =L, ty py

Le=2¢.+ (n-1) pe—npn=2%40+ (5-1) x 70 — 5 x 22 =250 mm

Tension capacity of beam web at the connection = 250 x 9.6 x 355 x 10%=852 kN
Bearing capacity of beam web at the connection =1.5n d tw pes < 0.5n €3 tw Pos
0.5ne3twpps=0.5%x5x40x9.6x550x 103 =528 kN

1.5nd typps=15x5x20x 9.6 x 550 % 10°="792 kN

Hence, Bearing capacity of supported beam web at the connection = 528 kN

Tying capacity of the connection, the minimum of above values is 528 kN -

Calculation of slab tensile strength

Tying capacity of reinforcement mesh per metre = 142x 460x107° = 65.32 kN
Tying capacity of profiled sheet per metre = 40x1 2x19x550x10°/12 = 41.8 kN

<
$

Y .

E—

> =
w i

L~
C

Fig. Al. 2 Deflected shape of beam at maximum rotation capacity of 4 °
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Calculation of factor of safety against collapse

To explain the calculation, a one metre strip XZY (Fig. A. 8), located 6m from beam
‘A;CiB;’ is taken. This strip is idealised as beam, having pinned support at X angl Y,
and internal hinge at Z since there is no top reinforcement to resist hogging moment.
The average rotation at X is 2.17° and the tying capacity of slab is 107 kN (Fig. A.
8). This rotation and tying capacity of slab causes the upward force of 8.10 kN on the |
beam CC; at Z that will be helpful in resisting downward accidental load. The
- loading on main beam CC; is shown in Fig. A. 9. There will not be any reduction in
the accidental load on the secondary beam as no change in angles of tying force
occurs on either side. The reactions from this beam and secondary beams are
calculated and transferred on the main beam as shown in Fig. A. 10. To understand -
the influence of steel reinforcement, profile sheet and steel beam on catenary action,
the analysis is carried out with and withouf considering the tying capacity of slab.
For these cases, the slopes of the inverted three hinged arch at ‘A and B’ are ’
considered to be the rotation capacity. In addition, the analysis for each case is
carried out with and without dynamic amplification factor (DAF). Consequently, the
maximum tying force acting on this beam and the factor of safety for the joint which
is defined as the ratio between the tying capacity and the tying force acting on the |

beam are calculated.

) Tuws= Tst + Tsheet= 107 kN T aue™ T Taree™ 107 KN

o 2 —

am gm

S

Fig. Al. 3 Tying force carried by beam ‘XZY’
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O O O T T T |
c | - %‘
(a) Accidental load

ey —F FT % F F T T T T ]1495KN

c, : , , =
: 12m

(b) Resisting force by catenary action

Fig. Al. 4 Load on main beam ‘CC;’

122.65 kN 12265 kKN §7.54 kN 122.65 kN 122.65 kN
| 4.24 kNIm

B I Y I R It B
Wﬁ\:

4
B

A c Internat Hinge

. 4‘; 3m 3m 3m ‘ 3m E 3m + 3m _ﬁi/

am ~ : am

Fig. Al. 5 Accidental load on main beam ‘ACB’

Ty = 528 kN

Intemal Hinge

am i am

Fig. Al. 6 Tying force carried by main beam ‘ACB’

Case 1: Without dynamic amplification _

Tying capacity of reinforcement mesh per metre = 65.32 kN

Tying capacity of profiled sheet per metre =41.8 kN

Tying capacity of slab per metre, T = 65.32 +41.8=107.12kN

Upward reactive force resulting from slab tying capacity per metre =2 7’sin 6

- Upward reactive fot_‘ce cause"d by 1 m strip located 6 m from A;C;B; '=>2 x 107.12 x
' sin 277 =870V | _ |

- Reaction at C due to accidental load acting on beam CC; =0.5 x 12 x 20.44 = 122.65
kN

Reaction at C due to the upward reactive force acting on beam CC1 = 0.5 x 14.95 x

12x(2/3)=59.8kN
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-Force transferred on the main beam ACB from the secondary beam SS; = 0.5x 12 x
20.44=12265kN
(@) i the contribution of slab is considered in resisting accidental load
Force transferred on the main beam ACB from beam CC; = 122.65 - 59.8 = 62.85
kN

Horizontal thrust at A, Hy = =2509.8 kN

2
: [122. 65004 575429 4.2429 }

9tan 4

Vertical reaction at A, Vo= 0.5 x [4 x 122.65 + 67.54 + 2x 9x 4.24] =317.23 kN

Resultant force (Tymg force) = \[H + 72 =+/2509.8% +317.23% = 2530 kN

Tying capacity of the joint _ 528 —0.21

Factor of safety for the joint = —— . —
‘ Tying force acting in the joint 2530

(B) 1f the contribution of slab is neglecled in resisiing accidental load
Force transferred on the main beam ACB from beam CC; = 122.65 kN

1
9tan4

Horizontal thrust at A, Hy = =2936.7 kN

2
;[122. 65004 127:2529 42429 }

Vertical reaction at A, Vo= 0.5 x [4 X 122.65 + 127.25+2x 9x 4.24] =347.10 kN

Resultant force (Tying force) = v2936.72 + 347.10> = 2957 kN

Factor of safety for the joint = —5—2£=0.1
2957

Case 2: With dynamic amplification of 1.5

Reaction at C due to accidental load acting on beam CCy =1.5x 0.5 x 12 x 20. 44 — 

184 kN

Reaction at C due to the upward reactive force acting on beam CC1 = 0.5 x 14.95 x
12 x (2/3)=59.8 kN ’

Force transferred on the main beam ACB from the secondary beam SS; =1.5x0.5x
12x20.44 = 184 kKN |

(a) [f the contribution of slab is considered in resisting accidental load

Force transferred on the main beam ACB from beam CC; = 184 —59.8 =124.2 kN

1
tan4°

=3979 kN

Horizontal thrust at A, HA =

2
[184x9+131.2x9+ 6.3619 ]

Vertical reactionat A, Vo=05x[4x 184+ 1312+2x9 x 6.36] = 490.8 kN

Resultant force (Tying force) = /39797 +490.87 = 4009 kN
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Factor of safety for the joint = 528 =0.13
: 4009

() 1f the contribution of slab is neglected in resisting accidental load
Force transferred on the main beam ACB from beam CC, if the contribution of slab’

is neglected in resisting accidental load = 184 kN

1
Otan

: 2
Horizontal thrust at A, Hy = [l 8449 + 19159 + 6.36+9 J=4406 kN

a

Vertical reaction at A, Vo,=0.5x[4x 184 + 191 +2x 9x 6.36] =521 kN

Resultant force (Tying force) = v4406> + 521% = 4437 kN

Factor of safety for the joint = 528 =0.12
4437

At rotation capacity of joints, the tying force on the connection is much higher than
that of the tying capacity. At the same timel bottom flange of beam touches the
flange of the column at joints ‘A & B’ (Fig. A. 12). Due to insufficient joint
ductility, couple can develop between be;m flange and column. The resulting prying
action causes early joint fracture and subsequent failure of catenary action as shown }

in Fig. A. 13.

T\

]

i

(a) Joint (b) Joint

Fig. Al1. 7 Beam-column joint when it reaches maximum rotation capacity .
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A - _

_ N
1 LI ’ 11
) ;__/\/___ ’/

(a) Joint ‘A’ , (b) Joint

Fig. Al. 8 Failure of beam-column joint

Calculation of displacement required to achieve equilibrium

To obtain the required rotation capacity, the equation is formed through the analysis,
considering the rotation as a variable. This equation is solved by trial and error
procedure. '
Case /. Without aynamic amp/ﬁ-caf/bﬂ

(@) i/ 1he contribution of slab Is considered in resisting accidenial load

The trial rotation is assumed as 13.1°.

Upward reactive force at C resulting from slab tying capacity per metre =2 7’sin 8 =
2x107.12x sin 13.1°=48.56 kN

Reaction at C due to the upWard reactive force acting on beam CC; = 0.5 x 48.56 x
12 x (2/3) =194.24 kN »
Force transferred on the main beam ACB from beam CC; = 122.65 - 194.24 =-71.6
kN

Horizontal thrust at A, Hy= —;—0[122.6519 +

9tan13.1

=465 kN

(6719 4.24w2]

Vertical reactjon at A, Vo=0.5x[4x122.65-67+2x9x4.24]=250kN
Resultant force (Tying force) = v465° +250* = 528 kN

Factor of safety for the joint = 2—?;— =1

Hence, the required rotation capacity is 13.1° which is calculated considering the
contribution of slab and neglecting dynamic effects.
(B) 1/ the contribution of slab is neglected in resisting accidental load

The trial rotation is assumed as 27.3°.
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Force transferred on the main beam ACB from beam CC; = 122.65 kN

1
9tan27.3°

Horizontal thrust at A, Hy = =398 kN

2
{1 22 6549, 1272509 4249 }

Vertical reaction at A, Vo=0.5x [4 x 122.65 + 127.25+2x9x 4.24]1 =347KkN
Resultant force (Tying force) = v398% +347% = 528 kN

- Factor of safety for the joint = 2;—:=1.0

Hence, the required rotation capacity is 27.3° which is calculated neglecting both thé
contribution of slab and dynamic effects.

Case 2 With aynamic amplification of 1.5

(@) 1 the contribution of slab is considered in resisting accidental load

The trial rotation is assumed as 21.4°%
Upward reactive force at C resulting from slab tying capacity per metre =2 7'sin § =
2x107.12x sin 21.4° =782 kN
Reaction at C due to the upward reactive force acting on beam CC; = 0.5 x 78.2 x 12
x (2/3)=312.8 kN ,
Force transferred on the main beam ACB from beam CC; =184 - 312.8 = -128.8.kN

Horizontal thrust at A, Hy = 18449 + =384 kN

(-1242)09 6.36.49°
9tan21.4°

Vertical reaction at A, VA=0.5x [4x 184-1242+2x9x 6.36] = 363 kN
Resultant force (Tying force) = 384% +363° = 528 kN

Factor of safety for the joint = ;iz =1

Hence, the required rotation capacity is 21.4° which is calculated considering both
the contribution of slab and dynamic effects. .

(8) i/ the contribution of slab i neglected in resisting accidental load

Vertical reactionat A, Vo=0.5x[4x 184+ 191 +2x 9>x 6.36] =521 kN

As the vertical reaction is néarly equal to the tying capacity of the connections, the
connections need huge rotation capacity (more than 45°) to sustain this abcidental

load.
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A.2 DYNAMIC ANALYSIS FOR COLUMNS SUBJECTED TO
BLAST LOAD

A. 2.1. MATHEMATICA PROGRAMMES FOR DYNAMIC ANALYSIS OF
COLUMNS

A. 2.1.1. RESPONSE OF A COLUMN, PINNED AT BOTH ENDS

Clear{L, n, MI, EL, x, kn, u, ul, qn, un, MaxDefCoeff, DefCoeff, td, tn, Disl, Dis2]; .

e -1, 0220
u[x_] =Sin[n*7£*x];

M = m;
L
M = J; ma (ufx])? dx;

My = ML«M2;
Ki = ELsM;

n = J-Lu[xJ *D[Dfu[x], {x, 2}], {x, 2}] dx;
0

Kn = IG.*KZ,‘

Pn = fLu[x] dx;
0

ModalEq = D[qnit], {t, 2}] +wn’+qn[t] = P[t] + Pnswn’+ 384/ (5+ K2+ L) ;
Soll = DSalve[ {ModalEqg, gnf0] == 0, gqn'[0] == 0}, qn[t], t];

Shapel[t_] =Sollf[1, 1, 2]]; R

Disl[x , t ] = (u[x] »Shapel[t]);

DeriDis(t ] = D[Shapel[t], {t, 1}];

uvattd = Shapel[td]

Deriuattd = DeriDisg[td];

Shape2 [t ] = vattdsCos[uns (t-td)] + __De‘::mw‘:td +Sinfuns (t-td)];

Dis2[x , t ] = (u[x] »Shape2[t]) ;
Moml[x , t ] = (5/384) « 12+ D[Disl[x, t1, {x, 2}];
Mom2[x_, t ] = (5/384) 1%+ D[Dis2[x, t], {x, 2}];
Shearl(x , t ] = (5/384) + L’ +D(Disl{x, t], {(x, 3}];
Shear2[x , t] = (5/384) » L« D[Dis2([x, t], {x, 3}];
~ tn=0.01; :

‘wl = 247/ tn;
wn = nz*wl; ‘
RaticFile = Operfrite["D:\SpecificResistanceMethod\Response Simply Supported\Ratio.txt"] ;
DefFile = Operiitrite("D: \SpecificResistanceMethod\Response Simply Supported\Def.txt"] ;
EMFile = Openirite["D:\SpecificResistanceMethod\Respanse Simply Supported\BM.txt"];
SFFile = OperMrite["D:\SpecificResistanceMethod\Response Simply Supported\SF.txt"];
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MaxShearCoeff = 0.0;
ShearCoeff = 0;
td = tn/ (10+3);
Dol {
time = i/10000.0;
If[time < td,

20
{DefCoeff = Z (Disl[L/ 2, time]);
n=1
Mmﬂoeff:i (m[L/z, time]) ;
n=1

20
ShearCoeff = Z (Shearl[L, time]) ;
. n=1
},
20
{DefCoeff = >’ (Dis2[L/2, time]);
n=1

20
MonCoeff = Z (Mom2[L/ 2, time]) ;
n=1

SheazCoeff:i(ShearZ[L, time]) ;
n=1

}
]:
If [MaxDefCoeff <= Abs[DefCoeff], {MaxDefCoeff = Abs[DefCoeff]}, {}1;
If [MaxMonCoeff <= Abs[MonCoeff], {MaxMamCoeff = Bbs[MamCoeff]}, (}1;
If[MaxShearCoeff <= Abs[ShearCoeff], {MaxShearCoeff = Abs[ShearCoeff]}, {}];

}

{i,1, 10000, 1}];

PutAppend[td/ tn, RaticFile] ;
Putfppend[MaxDefCoeff, DefFile] ;
PutAppend[MaxManCoeff, BVFile] ;
PutAppend[MaxshearCoeff, SFFile] ;

}

{3, 1,5, 11];
Close[RatioFile] ;
Close([DefFile] ;
Close[EMFile] ;
Close[SF¥File] ;
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A. 2.1.2. RESPONSE OF A COLUMN, FIXED AT BOTH ENDS

ClearAll[L, n, MI, EL, x, kn, u, ul, gqn, «n, MaxDefCoeff, DefCoeff, td, tn, Disl, Dis2,
Moml, Mom2, Shearl, Shear2, hh:mdknﬁbeff MidMomCoeff, thﬁxdhrﬂoeff

EkdknCoeffMaxSheazCoeffSXnazCoeffﬁn,Pmmij],
(tdt)
td

Pt ] =1«
u[x J = (Cos[fnxXx] -Cosh{fnxx]) - kn= (S:Ln[Bn*x] Sirh[ﬁn*:_:]);
Mn = J-m* (u[x]) dx;

Kl = EL*MI,'

K2 = fLu[x] *D[D[u[x], {x, 2}], {x, 2}] dx;
0

Kn = Kl+K2;

L
Pn = f u[x] dx;
0

7 (2%n+1)

2:+L !
kn = (Cos[fnx L] -Cosh[fn*L]) / (Sin[An« L] - Sinh[AnxL]) ;
ModalEq = D[qn[t], {t, 2}] +wn’+qn[t] = P[t] « Pnxwn’+ 384/ (1+ K2+ 1Y) ;
Soll = DSolve[{ModalEq, gn[0] = 0, qu'[0] =0}, gnt], t];
Shapel[t ] = Soll[[1, 1, 2]];
Disl{x , t ] = (u[x] »Shapel[t]);
DeriDis[t ] = D[Shapel(t], {t, 1}1;
uattd = Shapel[td];
Deriuattd = DeriDis[td] ;
Shape? [t ] = uattd+Cos[unx (E-td)] + ——f—ttd *Sinfwn« (t-td)];

(/1)

Dis2[x , t ] = (u[x] » Shape2[t]);

Moml[x , t ] = (1/384) 12+ D[Disl[x, t], {x, 2}];
Mom2(x |, t ] = (1/384) « L%+ D[Dis2[x, t], (X, 2}1;
Shearl{x , t ]= (1/384) «L?+D[Disl[x, t], {x, 3}1;
Shear2{x , t ]= (1/384) » L’ D(Dis2[x, t], {x, 3}];

tn = 0.01;
wl = 2xxw/tn;
2
wn = _(.2*119;1)*@1;

RaticFile = OpenWrite["C:\SpecificResistanceMethod\Response Fixed\Ratio.txt"];
DefFile = Operiirite["C: \SpecificResistanceMethod\Response Fixed\Def.txt"];
MidEBMFile = Operiirite["C:\SpecificResistanceMethod\Response Fixed\MidBM.txt"];
EndBMFile = OpenWrite["C:\SpecificResistanceMethod\Response Fixed\EndEM.txt"];
SEFile = OpenWrite("C:\SpecificResistanceMethod\Response Fixed\SF.txt"];
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3} 100;
Do[{
MaxDefCoeff } 0.0;
DefCoeff } 0;
MaxdMidMonCoef £ } 0.0;
MidMomCoeff } 0;
MaxEndMomCoeff } 0.0;
EndMmCoeff } 0;
MaxshearCoeff } 0.0;
Shear.coeff} 0;
td} tn+0.005+7;
i}1; '
Dof{
time } i/10000.0;
If[ti.mes td,

. 2
{DefCoeff } i(N[Disl[L/Z, time] ) ;
n}l
; 20

MidMomCoef£ } ;(N[M[L/L time]]) ;
nl -
20

End&nﬂoeff};(N[m[or time]]) ;
n}l

20
SheazOoe.ff}%:(N[SIBErl[O, time]]);
. nil :
}s

20
{DefCoeff } }; (N[Dis2[L/2, time}]);
n{l
. 2
Dﬁdhl'coeff}i(N[M[L/Z,tjﬂE]]);
n}jl
mmcoeff}i(N[MIO, time]]) ;
n}l :

SheazCoef_f}i(N[Sheaﬁ[O/ time] ] ) ;
njl

}

1; o |
If[MaxDefCoeff }} Abs[DefCoeff], {MaxDefCoeff } Abs[DefCoeff]}, {}];
If [MaxMidMomCoeff }} Abs[MidManCoeff], {MaxMidMamCoeff } Abs[MidMomCoeff]}, {}1;
1f [MaxEndMomCoeff }} Abs|EndMarCoeff] , {MaxEndMomCoeff } Abs[EndMarCoeff] }, 3K
If[MaxsShearCoeff }} Abs[ShearCoeff], (n.raxSheaxCoeff}Abs[gmeazCoeff]}, {;
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Y
(i, 1, 10000, 1} ;

PutAppend[td/ tn, RaticFile] ;
PutAppend[MaxDefCoeff, DefFile] ;

- PutAppend [MaxMidManCoeff, MidEMFile] ;
PutAppend [ MaxEndManCoeff, EndRMFile] ;
Put2ppend[MaxShearCoeff, SFFile] ;

1,

{j, 1,100, 1}];
Close[RatioFile] ;
Close[DefFile] ;
Close[MidRMFile] ;
Close[ EndBMFile] ;
Close[SFFile] ;
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A. 2.1.3. RESPONSE OF A COLUMN, FIXED AT ONE END AND PINNED AT OTHER
END ‘ '

ClearAlliL, n, MI, EL, %, kn, u, ul, gn, wn, MaxDefCoeff, DefCoeff, td, tn, Disl,
Dis2, Moml, Mom2, Shearl, Shear?, MaxMidManCoeff, MidManCoeff, MaxEndMarCoefs,
EndMomCoeff, MaxShearlCoeff, ShearlCoeff, MaxShear2Coeff,
Shear2Coeff, gn, P, K2, K1, Pn, L];

(td-t) '
Pt ] =1 pory ;
u[x ] = (Cos[An+x] -Cosh[fn+x]) + kn« (Sinh[gn+x] -Sin[pn+x]) ;

[t 2

Mn = j m« (ufx})” dx;
0 .

Kl = EL+MI;

K2 = -J.L(u[x] *D[D[u[x], {x, 2}1, (%, 2}]) dx;
1]

L
Pn = f u[x] dx;
. Jo

_mx(4xn+l)
- 4:L !
_ Cos[an«1L] -Cosh[pnx L]
"~ sin[pn+L] - Sinh[gns L]
ModalEq = Dqn(t], (t, 2}] +wn’+qn[t] = P[t] » Pnxan’« 185/ (1« K2+ L%);
Soll = DSolve[ {ModalEq, qn[0] = 0, qn'[0] = 0}, qn[t], t];
Shapel(t ] = Soll{{1, 1, 2]]; '
Disl{x , t ] = (u[x] Shapel[t]);
DeriDis[t ] = D[Shapel[t], {t, 1}];
uattd = Shapel[td];
Deriuattd = DeriDis[td]; ‘
Shape2 [t ] = uattd+Cosfuns+ (t-td)] + —%—m xSin[wnx (t-td)];

Dis?[x , t ] = (u[x] ~ Shape2[t]) ;

Moml(x , t ]= (1/185) « 12+ D[Disl[x, t], {x, 2}];
Ma2[x_, t ] = (1/185) « 12+ D[Dis2[x, t], {x, 2}];
Shearl{x , t ]= (1/185) «+L?+D[Disl[x, t], {x, 3});
Shear?[x , t ] = (1/185) « I’ « D[Dis2[x, t], {x, 3}1;

tn = 0.01;
"ol = 24w/ tn; )
wn = (4*n+1)2*w1/25;

RaticFile = OpenWrite["C: \SpecificResistanceMethod\Response Propped\Ratio.txt"];
DefFile = OpenWrite["C:\SpecificResistanceMethod\Response Propped\Def.txt"];
EndBMFile = OpenWrite["C:\SpecificResistanceMethod\Response Propped\EndEM. txt"] ;
MidEMFile = OperMirite["C:\SpecificResistanceMathod\Response Propped\MidEM. txt"];
SF1File = Operirite["C:\SpecificResistanceMethod\Response Propped\SF1.txt"];
SF2File = Operiirite["C:\SpecificResistanceMethod\Respanse Propped\SF2.txt"];
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Do {
MaxDefCoeff = 0.0;
DefCoeff = 0,'

MaxMidMarCoeff = 0.0;
MidMonCoeff = 0;
MaxEndMomCoeff = 0.0;
EndMonCoeff = 0;
MaxShearlCoeff = 0.0;
MaxShear2Coeff = 0.0;
ShearlCoeff = 0.0;
Shear2Coeff = 0.0;
td = tn+0.005%73;
i=1;
pol

time = i/10000.0;

If[time < td,

.20
{DefCoeff = Z (N[Dis1[0.581 « L, time]]) ;
n=1
MidMonCoe£f = i (N[Moml[0.6167+ L, time]]); -
n=1
20
EndMonCoeff = ) (N[Maml[0, time]]);
' n=1
ShearlCoeff = i (N[Shearl[0, time]]);
n=1

15
Shear2Coeff = Z (N[Shearl[L, time]]) ;
n=1

},

) 20
{DefCoeff = Z (N[Dis2[0.581+ L, time]]) ;
n=1
2 ‘
MidMonCoeff = >’ (N[Mam2[0.6167+ L, time]]) ;
n=1
20
EndMonCoeff = > (N[Mom2[0, time]]) ;
n=1
) 20
ShearlCoeff:Z (N[Shear2[0, time]]);
n=1

15
Shear2Coeff = Z (N[Shear2[L, time]}) ;
n=1

}
1:
If[MaxDefCoeff <= Abs[DefCoeff], {MaxDefCoeff = Abs[DefCoeff]}, {}1;
1f[MaxMidMomCoeff <= Abs[MidMomCoeff] ,* {MaxMiAMomCoe£f = Abs [MidMonCoeff] }, {}];
If [MaxEndMamCoeff <= Abs[EndManCoeff] ,. {MaxEndMomCoeff = Abs|EndMomCoeff]}, {}1;
1f[MaxShearlCoeff <= Abs[ShearlCoeff], {MaxShearlCoeff # Abs[ShearlCoeff]}, {}1;
If[MaxShear2Coeff <= Abs[Shear2Coeff], {MaxShear2Coeff = Abs[Shear2Coeff]}, {}];
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3,
{i, 1, 10000, 1}];

PutAppend[td/ tn, RatioFile] ;
PutAppend[MaxDefCoeff, DefFile] ;
PutAppend[MaxMidMonCoeff, MidBMFile] ;
PutAppend [ MaxEndManCoeff, EndEMFile] ;
PutAppend [ MaxShearlCoeff, SF1File] ;
PutAppend{MaxShear2Coeff, SF2File] ;

3,

{j, 1, 100, 1}3;
Close[RatioFile] ;
Close[DefFile] ;
Close[MidEMFile] ;
Close[EndBMFile] ;
Close[SF1File] ;
Close[SF2File] ;
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A. 2.2. RESPONSE CHARTS FOR COLUMN FIXED AT BOTH ENDS
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~ A.2.3. RESPONSE CHARTS FOR COLUMN FIXED AT ONE END AND
"~ PINNED AT OTHER END
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'A.3 PROTECTIVE DESIGN FOR RC FRAMED STRUCTURES
WITH A CASE STUDY OF THE MURRAH BUILDING

‘A.3.1. FLOW CHART TO ESTIMATE COLUMN RESPONSE FOR
COMPLEX PRESSURE TIME HISTORY PROFILE |

Start

Initialise
PIJ -PJZ) PJ?’ /‘ ,C; /)!
24 1as In

A(7)= (413#) (T+(6+4—/a))‘(—6?“;af)(f;(’a—6))

Y

A(r)= (/—_fj; )(T*"a_(’m“"’/))

v
Dh()= Y. ;j@(f)sm(m, (1))t
, |

%4(1)=24(7)
+ .
4=,

Fig. A3. 1 Flow chart to estimate the column response for complex pressure
time history '
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#(4)4(4)

+ .
VAGE ym,, ;“fz’ (z)sin(o,(r~7))2r
Y

()= ()c0s(0, (=) A Wsin (o, (- 1))+ 25 0= 1)

'

4=/,
v

% (’c)”/z (4)
i ,

25(9)= %” o, ;j/g(r)sm(w” (r-1))ar

v
15(F)= 1 (1) cos(@, (1~ £)) + ”() in(a, (- 1))+ 24 (11

{
4=,
v

4(1+4).4(4+7)
'
VAGE %)w” ;jf:(r)sin(m,, (r-7))ar

t
z/(t+ )

Il

Fig. A3. 1 Flow chart to estimate the column response for complex pressure
time history (cont...)

w4 (=2 (1+2)cos(@, (7 (4 +4)))+ =—sin (@, (7— (4 +2)))+ 24 (7= (4+4))
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C-2

4=,
Y

) (1)
¥
VIAGE /m,, J}g (z)sin (co,, (- r)) i

| Y

PAGUER (/M) cos(@, (7= 7,))+ Z/—“a(—)f‘”—) sin(@, (71— 2,))+ 24 (7-2,)

Y
,/5(,)=“’”s(%
v

% (lg+4), 24 (/g+ 1)

4 (/)= u;(45+7;)cos (w,, (r—(2p+ /,))) + 2/5("—3+2)-sin (a),, (7~ (20+ I,)))

n

Y

1=0; MaxDef'=0

W
Ar= %000

A

De/'=zzl(/) ‘

< Def=u,7)

Fig. A3. 1 Flow chart to estimate the column response for complex pressure
time history (cont...) '
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| 2=

Def = u,(7)

A

<~ 27 =%()

MaxDef = Def”

Fig.A3. 1 Flow chart to estimate the column response for complex pressure time
history (cont...)
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A. 3.2. DESIGN CHARTS FOR FLEXURAL STRENGTH OF COLUMNS
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Fig. A3. 2 Design chart for C20 concrete column with reinforcement on two

N/bh (NImm?)

50

45

40

35

30

25

20

15

10

opposite faces

T
; TR
S M: 6% f..=25 Nimm®
T el £, = 480 Nimm’
BN
SN2% N N N\
~ir NG
N N
) ) )l )L )L ) )
Pl -
0 1 2 3 4 5 6 7 8 9 10 11 12 13 14

M bh* (N/mm?)

Fig. A3. 3 Design chart for C25 concrete column with reinforcement on two

opposite faces
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N/bh (N/mm?)
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Fig. A3. 4 Design chart for C30 concrete column with reinforcement on two
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Fig. A3. 5§ Design chart for C35 concrete column with reinforcement on two

opposite faces
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Fig. A3. 6 Design chart for C20 concrete column with reinforcement on two side
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Fig. A3. 8 Design chart for C30 concrete column with reinforcement on two side
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Fig. A3. 10 Design chart for C20 concrete column with remforcement
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Fig. A3. 11 Design chart for C25 concrete column with reinforcement,
distributed equally on all faces .
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A. 3.3. CRACKED MOMENT OF INERTIA FOR RC COLUMN
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Fig. A3. 14 Cracked moment of inertia for C20 concrete column with
reinforcement on two opposite faces

2.0 T — —
1.8 W4
16§ —
e |
~ T PZ | - ;
= 10 ]
= : B — ]
w [ . ]
0.8 T 3% 1
F SR ]
0.6’: 25 / - :
04 " o ]
{] 4
02 |+ / ' £, E25Nmm® ]
B f, = 460 N/tnm”
0.0 F - : : - RN B

0 5 10 15 20 25 30 35 40 45 . 50

N/bh (N/mm?)
Fig. A3. 15 Cracked moment of inertia for C25 concrete column with
reinforcement on two opposite faces
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Fig. A3. 16 Cracked moment of inertia for C30 concrete column wi_th‘
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Fig. A3. 18 Cracked moment of inertia for C20 concrete column with
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A. 3.4. CALCULATION OF BLAST PRESSURE ON COLUMNS OF

MURRAH BUILDING

Breadth, 4=

Depth, D=

Stand off Distance, S2=

Charge Weight, W =

Scaled Stand off Distance, .550=

SSD =

914.4 mm or 36 in.
508 mm or 20 in
1524 mor 50 ft
1800 kg or 4000 lbs.

» JD/WB : (

1.25 m/kg'’3 or 3.15 ft/lbs'?

Blast wave parameters such as reflected pressure (2), static over pressure (), blast

wave front velocity (), static impulse (/), reflected impulse (/) and time of arrival

(27 of blast wave are obtained for a particular charge and scaled distance from Fig.

A3.26.

Blast Wave Parameters at Point, A:
Static over pressure, Zps=
Reflected pressure, 2., =

Blast wave front velocity, ;=

%71/3 =

Incident impulse, /,=
Reflected impulse, 4,4 =

- Time of arrival for blast wave , Z4/=
Duration of blast pressure from incident impulse,
la4=

Dynamic Pressure, g4 =

Blast Wave Parameters at Point, B:

120 psi or 830 kN/m?
630 psi or 4350 kKN/m?
3.15 ft/mSec or 0.96 m/mSec

23 psi-mSec/Ibs'?
73 psi-mSec/lbs'?

0.56 mSec/lbs'"

365 psi-mSec or 2530 kPa-mSec |
1165 psi-mSec or 8030 kPa-
mSec - -

8.9 mSec

27 _
&/44 =26.85 mSec

(2, —2ﬁy _
AT 5Pu)) | = 1120 kPa
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Static over pressure, Fpp=

Blast wave front velocity, £z=

' %71/3=

Incident impulse, /z=

Duration of blast pressure from incident impulse,

Blast Loading:
Clearing time for reflected pressure on front
face of column, 2.=
Stagnation pressure on front face at
clearing, 7=
Time for blast wave to reach point, B from
front face, 7=
Rising time for pressure on rear face of
column, =
Stagnation pressure on rear face after rising
| (%), Pr=

Impulse on front face, /;=

Impulse on rear face, /=
Net Impulse, /=

Duration of blast load, 7/=

lop=

112.4 psi or 775 kN/m?
3.05 ft/mSec or 0.93 m/mSec

22.7 psi-mSec/lbs™?

360 psi-mSec or 2470 kPa-mSec

27 —
%,9 = 6.4 mSec

38/ =
/U,, 0.94 mSec

(—’Z’“L—f")(zd,—/c)= 1650 kPa

Lt

o/ = |
/0;1 0.53 mSec

45/ = ,
/[/:9 1.29 mSec

Loz

(£,—12)=620 kPa

L

yZ(frJA—f;c)/:-*-e/c-,-%,;:(/ﬂ_/c)

7058.25 kPa-mSec

V. 24,5 =1967.76 kPa-mSec

5090.5 kPa-mSec

27/ =
/f; 2.34 mSec

Finally, the profile of the blast load on column, G16 is shown in Fig. A3.27.
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Fig. A3. 26 Blast wave parameters for surface blast
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A. 4 PROTECTIVE DESIGN FOR RC FRAMED STRUCTURES:

THE SAFE STAND OFF DISTANCE APPROACH

A. 4.1. MATHEMATICAL MODELS FOR DYNAMIC SHEAR FORCE AND

BENDING MOMENT

Safe stand off distance based on shear failure:

For linear dynamic analysis, the natural time period for the column, fixed at both

ends is calculated using the following equation:

73 |~ (A4.1)
- 9\ 47,
Where, m=-L— D (A4.2)
-7 981
L,
b0
=22 A43)
2 (A4.3)
£~ 4490/ 7, (A4.4)

- Unit weight of concrete (kN/m”)

- Breadth of column (m)
- Depth of column (m)
- Mass of column per metre (kg)

- Modulus of elasticity of concrete (N/mm?)

- Effective moment of inertia (mm?®)

. . 3
- Gross moment of inertia (mm”)

SR YA TS B VI

- Ratio of 7, to 7,

- Characteristic compressive strength of concrete (N/mm?)

By substltutmg Eq. A4.2, A4.3 and A4.4 into Eq. A4.1, the system’s natural time

period is 51mp11ﬁed into Eq. A4.5.

];:48(%) \/; | | | (A4.5) -

The ratio of the duration of the blast load to the natural time period is calculated

using Eqgs. 6.2, 6.4 and A4.5 and shown in Eq. A4.6 and A4.7.
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FIZ A ol el E)

- for clearing (A4.6)

% = r - for non clearing (A4.7)

The dynamic shear force is the function of 7,7,/ and S2. It is mathematically

represented as follows,

= fl[W, 2D LF, S JD] (Clearing) (A4.8)
V=AW £, oD  (Non clearing) (A4.9)

- Safe stand off distance based on flexural failure:
The mathematical formulation for the estimation of safe stand off distance
considering the flexural failure of column is same as that of shear failure and -

explained below.

For nonlinear dynamic analysis, the natural time period for the column, fixed at both

ends is calculated using the following equation:

7 =2 |_05(ms) (A4.10)
\/ ( 3075/@
064 —

By substituting Eq. A4.2, A4.3 and A4.4 into Eq. A4.10, the system’s natural time
period is simplified into Eq. A4.11.

. 7;;54(f ﬂ)\/g | | | (Ad.11)

The ratio of the duration of the blast load to the natural time period is calculated
using Eqgs. 6.2, 6.4 and A4.11 and shown in Eq. A4.12 and A4.13.

R e 2]

- for clearing . (A4.12)
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’

7

{49z

" The dynamic bending moment is the function of7,7 .7 and SD. 1t is

SIN

- for non clearing (A4.13)

mathematically repreéented as follows,

M=g [/f/ 8.9, L7, /4,50] for clearing (A4.14)
M =g [W; ﬂ/[,[, /:,/:1,50] ~ for non clearing (A4.15)
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A.4.2. LINEAR AND NONLINEAR REGRESSION MODELS

Regression analysis is a statistical technique for investigating and modelling the
relationship between one or more independent variables and a continuous dependent
variable. When the response (dependent) variable is related to the predictors
(independent variables) through a nonlinear function, it leads to nonlinear regression
model. In common practise, the residual sum of squares is minimized by an iterative
procedure, when the method of least squares is applied (Montgomery et al., 2003).
The linear regression model includes not only the first order relationships (Eq.

A4.16), but also polynomial and other complex relationships (Eq. A4.17).

ry= ﬂo+ﬂ1£ +6,5+8x5+. .+ Bx+E - (A4.16)
yv=PB+ PG+ L7+t et Bz, +E ' (A4.17)
Where ., - Independent variables |

y - Independent variables

z, - Any function of the original regressor .1, .1, 4.....x,including

transformations such as ¢”,/.r,, and sin(x).

£ - Error

B - Unknown parameters

The linear regression model can be written in general form as

r=/(B:x)+¢ |
=[7][B]+e | C(A418)
where
3 ]
B, x
ﬁa A .
[8]= ;[#]=|. |;and [/:,=[x1 PR A
_ﬂ,(-_ oLl
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In nonlinear problems, when the iterative method is used, the estimation of
parameters may or may not work satisfactorily, depending on the form of the
equation. Therefore, the parameter estimates are obtained by using several routine
computer programmes. Some of the methods implemented are (Draper and Smith,
1966): |

i) Linearization (or Taylor Series)

ii) Sequential Quadratic Programming

iii) Steepest Descent and

iv) Levenberg — Merquardt Compromise
The Statistical Package for Social Science (SPSS) provides two algorithms for
analysis: i) Levenberg — Merquardt algorithm (ii) sequential quadratic progralﬁming
algorithm. The Levenberg — Merquardt algorithm é.nalyses unconstrained models
where as sequential quadratic programming algorithm does not, instead they demand
to specify the constraints on parametric estimates and they requires the user to

specify the loss function.

Levenberg — Merquardt algorithm represents a compromise between the linearization
(or Taylor series) and steepest descent methods. It also combines the best features of
these methc;ds to avoid serious limitations. It always converges but does not slow
down as in two methods. The early iteration works well on linear descent method but
when it goes close to the best fit value it works slowly. On the other hand, the Gauss-
Newton method works badly in early iteration but for later iteration it works well.
Therefore these two methods are combined as Levenberg — Merquardt method. The
early iteration uses the linear descent method and then switches to Gauss-Newton

approach.

Test for Hypotheses:

An overall summary of the results of any regression analysis can be provided by a
table called an analysis of variance (ANOVA) table. ANOVA tables contain the sum
of squares which is obtained from the source of ' regression, residual, total

uncorrected and total corrected. In addition to this, they contain the mean squares of

the above source. The corrected regression sum of squares (S5%,,,,..,,) is the sum of

the squares of deviations of the fitted regression line (}’) from the mean ( F). The
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uncorrected regression sum of squares (S5Z,,,,,..,) i the sum of the squares of the

fitted regression line ( F). The residual sum of squares is the sum of the squares of

deviations of the observed Y’s from the fitted regression line ( 7). The total sum of
squares is the sum of the sum of squares of regression and the sum of squares of

residuals. The sum of squares are calculated using the following equations:

77

. )
Regression sum of squares (corrected), SSZ,,,...,= . [},’.—— }’) (A4.19)
1

Regression sum of squares (uncorrected), S8%,,,,,...c = z Vs (A4.20)
1

n [ A 2 )
Residual sum of squares, S35Z'= z [}f— }j') (A4.21)
1
Total sum of squares (uncorrected), S57,,,er = >, (A4.22)
1
” _ 2
Total sum of squares (corrected), S5%,.,.... = Z(}f— }’) (A4.23)
1

The F static is obtained by dividing the regression mean square by the residual mean

square.

_ Regression Mean Square

= A4.24
7 Residual Mean Square ( )

The coefficient of determination (#) provides a quantitative measure of how well
the fitted model predicts the dependent variable and is calculated using the following
equation: |

_ SSE
S5,

correcled

2 =1 (A4.25)

In regréssion analysis, the model needs to be tested for adequacy and certain tests of

hypotheses such as F-test, partial F-test, t-test and coefficient of determination (&),

_are available. The linear model is tested using F-test and R2. For a nonlinear model,
. ._ =

-~

the tests used for linear models are not appropriate. In this situation, the residual
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mean square is not an unbiased estimate of the error variance, even if the model is
correct. For practical purposes, the residual variance is still compared with an
estimate of the total variance, but the usual F statistic cannot be used for testing
hypotheses. R squared may be interpreted as the proportion of the total variation of
the dependent variable around its mean that is explained by the fitted model
(Norusis, 2005). The values of R squared that are close to 1 imply that most of the
variability in y is explained by the regression model (Montgomery, 2003).
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A. 4.3. REGRESSION MODELS FOR SSD

~ Table A4. 1 Nonlinear empirical equations governs safe stand off distance based

on shear failure of column and clearing

Empirical Equations sql_ﬁ-red
' value
ssp=am 5 (8)) (D)) £ & ( 7/ ]H 10.999
sso=17 (LY A9))+ 45+ 1 7)) + A 7)) |
P 0.998
(7" 27,
ssp= a7 (£ (B) | £+ L fff(lr J/ 0.997
ssdiavs%
SSD:ZWB(j;)C(%)D e L\ sz 22 +./2)Kj”(7/ )” 0.997

(72)

r4
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Table A4. 2 Nonlinear empirical equations governs safe stand off distance based

on flexural failure of column and clearing -

. . . R-squared
Emplrlcal Equations - value
sso=am /(2 (g) f,fj(]% j 0.983
&
(0+£X,,+FK§,) G J '
sso=am /5 2) 2 ij,(/% ) 0.986
. £
7 (0+£2,,+ 717, D (6’+6’K + 83, 7 Z
sso= 1752 2 z:f,r;( y /) 0.990
(7 0+£K,,,+FX§,) 2 (am;,ukj,) J Z zZ
5 (D+£K +7K) D (a-us_',(’,,+//rj,)
0.994
f’*”*””)‘”w“( Ao A2 )
(7 (o+£x,+ 1) D (G, +283)
» 0.994
S R ML) Vs D Z
pee(nd ) A7 e )7
v (7 20 p (&%, +GEL)
SSD= ,Wf/;(z) (—[-)
: V.3 D
Zﬁj{/(/{ )J 1+K1n(/:1)+[ln(2)+/llln(—[-j 0.995
m| /
|+ (2)+ OIn(A’,”)+P1n(/%)
, ; . 1+£]n(f)+ﬂn(§)+6'ln(§)+
SSD=A/I/’/§(§) (_”-) & 0.996
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A. 4.4. SAFE SCALED DISTANCE FOR THE PRACTICAL COLUMNS

Table A4. 3 Safe scaled distance for the practical columns

Column Dimenslons Main rebar details SSD SSD
g Shear Flexural distance distance Safe
Cofumn greadih, Deptn, Diaof  Noof lateral ties ST O SUCNG o oion basedon 90 Scaled
D b D Length, L  ars  rebars Rebars v v shear flexure Distance
{mm) (mm) m) (m) (m) (mm) (kN) (kN) (m) (m) (m) (m/kg'®)
1 300 300 3 20 4 Rt 150 377 114 18.97 15.85 19.97 2.00
2 300 300 3 20 4 R1 200 330 114 21.02 15.85 21.02 210
3 300 300 3 20 4 R1 250 302 114 21.78 15.85 21.76 218
4 300 300 3 25 4 R1 150 389 152 19.90 14.03 19.90 1.68
5 300 300 3 25 4 R1 200 342 152 20.91 14.03 20.91 2.08
6 300 300 3 25" 4 R1 250 314 162 2181 14.03 21.61 2.16
7 300 300 3 20 4 R1 150 494 145 18.00 - 14.08 18.00 1.80
8 300 300 3 20 4 R1 200 447 145 18.71 14.08 18.71- 1.87
9 300 300 3 20 4 R1 250 419 145 19.18 14.08 18.18 1.92
10 300 300 3 .25 4 R1 150 506 184 17.08 12.67 17.98 1.80
11 300 300 3 25 4 R1 200 459 184 18.67 12.67 18.67 1.87
12 300 300 3 25 4 R1 250 431 184 19.13 12.67 18.13 1.81
13 300 300 3 20 4 R1 150 610 158 16.58 13.54 16.59 1.66
14 300. 300 3 20 4 Rt 200 564 " 158 17.10 13.54 17.10 1.71 .
15 300 300 3 20 4 Rt 250 536 158 17.45 13.54 17.45 1.74
16 300 300 3 25 4 R1 " 150 622 188 16.60 12.23 16.60 1.66
17 300 300 3 25 4 R1- 200 575 198 17.10 12.23 1710 1.71
18 300 300 3 25 4 R1 250 547 198 17.44 12.23 17.44 1.74
19 300 300 4 20 4 R1 150 348 114 20.75 16.97 20.75 2.08
20 300 300 4 20 4 R1 200 301 114 21.94 16.97 21.94 219
21 300 . 300 4 20 4 R1 250 273 114 2279 16.97 22.79 2.28
22 300 300 4 25 4 R1 150 360 152 20.65 15.01 20.65 2.07
23 300 300 4 25 4 R1 200 313 152 21.79 15.01 21.79 2.18
24 300 300 4 25 4 R1 250 285 152 2250 15.01 22.80 2.26
25 300 300 4 20 4 R1 150 435 145 18.03 15.06 18.03 1.80
26 300 300 4 20 4 R1 200 389 145 19.89 15.06 18.89 1.99
27 300 300 4 20 4 R1 250 361 145 2047 15.06 2047 2.05
28 300 300 4 25 4 R1 150 447 184 18.99 13.54 18.99 1.0
29 300 300 .4 25 4 R1 200 "400 184 18.82 13.54 18.82 1.88
30 300 300 4 25 4 R1 250 372 184 20.38 13.54 20.38 204
31 300 300 4 20 4 R1 150 523 188 17.73 14.48 17.73 1.77
32 300 300 4 20 4 R1 200 476 158 18.39 14.48 18.39 1.84
33 300 300 4 20 4 R1 250 448 158 18.82 14.48 18.82 1.88
34 300 300 4 25 4 R1 150 535 198 17.72 13.07 17.72 177
35 300 300 4 25 4 R1 200 488 168 18.36 13.07 18.36 1.84
36 300 300 4 25 4 R1 250 460 198 18.79 . 13.07 18.79 1.88
37 300 450 3 25 4 R1 150 644 263 17.48 12.06 17.48 1.7
38 300 450 3 25 4 R1 200 574 263 18.27 12.056 18.27 1.83
39 300 450 3 25 4 R1 250 532 263 18.82 12.05 18.82. . 1.88
40 300 450 3 32 4 R1 150 662 365 17.45 10.20 17.45 1.75
41 300 450 3 32 4 R1 200 592 365 18.22 10.20 18.22 1.82
42 300 450 3 32 4 R1 250 550 365 18.75 10.20 18.75 1.88
43 300 450 3 25 4 R1 150 207 333 15.32 10.48 156.32 1.53
44 300 450 3 25 4 R1 200 836 333 15.80 10.48 15.80 1.8
45 300 450 3 25 4 R1 250 794 333 16.12 10.48 16.12 1.61
46 300 450 3 32 4 R1 150 925 436 15.34 9.03 15.34 1.53
47 300 450 3 32 4 ‘R1 200 855 436 16.82 9.03 15.82 1.58
48 300 450 3 32 4 Ri 250 812 436 16.13 9.03 16.13 1.61
49 300 450 3 25 4 R1 150 1040 363 14.53 10.00 14.53 1.48
50 300 450 3 25 4 R1 200 970 363 14.92 10.00 14.92 1.48
51 300 450 3 25 4 R1 250 928 363 15.18 10.00 15.18 1.52
52 300 450 3 32 4 R1 150 1040 467 14.66 8.65 14.66 1.47
53 - 300 450 3 32 4 R1 200 970 467 15.06 8.65 15.06 1.61
54 300 450 3 32 4 R1 250 928 487 15.32 8.65 1532 1.53
' 85 300 450 4 25 4 R1 150 579 263 18.35 12.89 18.35 1.83
56 300 450 4 25 4 "R1 200 508 263 19.2¢ 12.89 19.29 1.3
57 300 450 4 25 4 R1 250 466 263 19.94 12.89 19.94 1.99
58 300 450, 4 132 4 R1 150 597 365 18.30 10.89 18.30 1.83
59 300 450 4 32 4 R1 200 526 365 18.21 10.89 19.21 1.92
60 300 450 4 32 4 R1 250 484 365 19.84 10.89 19.84 1.88

Note: R1 indicates the arrangement of reinforcement, placed on two opposite
‘faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table Ad4. 3 Safe scaled distance for the practical columns (cont...)

Column Dimensions Main rebar detalls o Shear Flexural d'ss::ce d:::“ Safe
Column proqdth, Depth, Dia of No of lateral tles sﬁ'e\;\gth, stren:gth, based on based on ssb Scaled
o b D Length,L 1 ars  rebars Rebars . u v shear flexure Distance
ar
{mm) (mm) (m) (m) (m) (mm) (kN) (kN) (m) (m) (m) (m/kg™)
61 300 450 4 25 4 R1 150 775 333 16.39 11.19 16.39 1.64
62 300 . 450 4 25 4 R1 200 705 333 17.00 1118 17.00 1.70
63 300 450 4 25 4 R1 250 663 a3s 17.41 1118 17.41 1.74
64 300 450 4 2 4 R1 150 " 794 438 16.38 962 16.39 1.64
65 300 450 4 a2 4 R1 200 723 436 16.98 9.62 16.99 1.70
66 300 450 4 32 4 R 260 681 436 1739 962 17.39 1.74
67 300 450 4 25 4 R 150 972 363 15.02 10.67 15.02 1.50
68 300 450 4 25 4 R 200 902 363 15.46 10.67 15.46 1.55
63 300 450 4 25 4 R1 250 860 363 1575 10.67 15.75 1.57
70 300 450 4 32 4 R1 150 990 467 1505 9.21 15.05 1.51
71 300 450 4 a2 4 R1 200 920 457 15.48 9.21 15.48 1.55
72 300 450 4 a2 4 R1 250 878 467 1577 9.21 15.77 1.58
73 300 600 3 32 4 R1 150 985 532 15.67 9.08 15.67 1.57
74 300 600 3 32 4 R1 200 892 532 16.29 9.08 16.29 1.63
75 300 600 3 a2 4 R1 250 835 532 16.70 9.08 16.70 1.67
7 300 600 3 25 8 R2 150 1168 589 14.65 8.44 14,65 1.47
77 300 600 3 25 8 R2 200 1028 589 1539 8.44 15.39 1.54
78 300 600 3 25 8 R2 250 944 589 15.91 8.4 15.91 1.58
78 300 600 3 32 4 R1 150 1387 658 13.73 7.77 13.73 137
80 300 600 3 32 4 R1 200 1203 658 14.11 7.77 14.11 1.41
81 300 600 3 32 4 R1 250 1237 658 14.35 7.77 14,35 1.44
82 300 500 3 25 8 R2 150 1574 650 13.06 7.84 13.08 1.31
83 300 600 3 25 8 R2 200 1434 650 13.54 7.84 13.54 1.35
84 300 500 3 25 8 R2 250 1350 650 13.86 7.84 13.86 1.39
8 300 600 3 a2 4 R1 150 1387 712 1373 7.36 13.73 1.37
8 300 600 3 22 4 R1 200 1293 72 1411 7.36 14.11 1.41
87 300 600 3 22 4 R1 250 1237 712 14,35 7.36 1435 1.44
88 300 500 3 25 8 R2 150 1574 682 13.06 7.61 13.06 1.31
88 300 600 3 25 8 R2 200 1434 682 13.54 7.61 13.54 1.35
% 300 600 3 25 8 R2 250 1350 682 13.86 7.61 13.86 1.39
91 300 600 4 a2 4 R1 150 869 532 16.57 9.68 16.57 1.66
92 300 600 4 32 4 R1 200 775 532 17.32 9.68 17.32 1.73
93 300 600 4 a2 4 R1 250 719 532 17.83 9.68 17.83 1.78
%4 300 600 4 25 8 R2 150 1052 589 1537 2.00 15.37 1.54
95 300 600 4 25 8 R2 200 911 589 16.24 9.00 16.24 1.62
9% 300 600 4 25 8 R2 250 827 589 16.86 9.00 16.86 1.69
97 300 600 4 32 4 R1 150 1219 658 14.54 8.27 14.54 1.45
98 300 600 4 32 4 R 200 1125 658 1500 827 15.00 1.50
99 300 600 4 32 4 R1 250 1069 658 15.30 8.27 15.30 153
100 300 800 4 25 8 R2 150 1402 850 12.76 8.35 13.76 1.38
101 300 800 4 25 8 R2 200 1261 650 14.33 8.35 14.33 143
102 300 600 4 25 8 R2 250 1177 650 1472 8.35 14.72 1.47
103 300 500 4 32 4 R1 150 1387 712 13.83 7.83 13.83 1.38
104 300 500 4 32 4 R1 200 1293 712 14.21 783 14.21 1.42
105 300 800 4 32 4 R1 250 1237 712 14.46 783 14.46 1.45
106 300 600 4 25 ] R2 150 1574 682 1315 8.10 13.15 1.32
107 300 600 4 25 8 R2 200 1434 682 13,64 8.10 13.64 1.36
108 300 800 4 25 8 R2 250 1350 682 13.96 810 13.96 1.40
108 450 300 3 25 4 R1 150 474 175 2247 1676 2217 2.22
110 450 300 3 25 4 R 200 427 175 23.08 1676  23.08 231
111 450 300 3 25 4 R1 250 399 175 23.70 1676  23.70 237
112 450 300 3 32 4 R1 150 494 243 2203 1475 2203 2.20
113 450 300 3 32 4 R1 200 447 243 2289 1475 2289 2.29
114 450 300 3 32 4 R1 250 4139 243 2347 1475 2347 235
115 450 300 . 3 2 4 R 150 649 222 19.64 15.06 19.64 1.86
116 450 300 3 25 4 R1 200 502 222 2022 1506 2022 2,02
117 450 300 3 25 4 R1 250 574 222 20.59 1506 20.59 2.06
118 450 300 3 32 4 R1 150 668 291 19.59 1348 19.59 1.96
119 450 300 3 3z 4 R1 200 622 291 2015 1348 2015 201
120 450 300 3 32 4 R1 250 534 291 20.51 1348 2051 2.08
Note: R1 indicates the arrangement of reinforcement, placed on two opposite

faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column Dimensions Main rebar details $SD $SD )
Spacing of Shear Flexurat distance distance ° Safe
Column proadth, Depth, |, . Diaof  Noof lateral ties SENGth: strenath, o don basedon S50 Scaled
D b D Length, L | ©  rebars Rebars Vo M. shear flexure Distance
(mm) (mm) (m) (m) m) (mm) (kN) {kN) (m) {m} (m) (mikg'™)
121 450 300 3 25 4 R1 150 824 242 17.91 14.53 17.91 1.79
122 450 300 .3 25 4 R1 200 777 242 18.32 14.53 18.32 1.83
123 450 300 3 25 4 Rt 250 748 242 18.58 14.53 18.58 1.86
124 450 300 3 32 4 R1° 150 843 | 311 1791 13.07 17.91 1.79
125 450 300 3 32 4 Rt 200 797 311 18.31 13.07 18.31 1.83
126 450 300 3 32 4 R1 250 769 311 18.57 13.07 18,57 1.86
127 450 300 4 25 4 R1 150 430 175 23.19 17.96 23.19 232
128 450 300 4 25 4 R1 200 383 175 L2424 17.96 24.24 2.42
129 450 300 4 25 4 Rt 250 355 175 24.96 17.96 24.95 2.50
130 450 300 4 32 4 R1 150 450 243 23.00 15.79 23.00 230
131 450 300 4 32 4 R1 200 403 243 23.98 15.79 23.99 2.40
132 450 300 4 32 4 R1 250 375 243 2487 16.79 24.67 2.47
133 450 300 4 25 4 R1 150 561 222 20.92 16.12 2082 . 2.09
134 450 300 4 25 4 R1 200 514 222 21.64 16.12 21.64 2.18
135 450 300 4 25 4 R1 250 486 222 22.11 16.12 22.11 2.21
136 450 300 4 32 4 R1 150 581 291 20.83 14.42 20.83 2.08
137 450 300 4 a2 4 R1 200 534 291 21.52 14.42 21.52 215
138 450 300 4 32 4 R1 250 506 291 21.97 14.42 21.97 2.20
4139 450 300 T4 25 4 R1 160 692 242 ' 19.28 15.56 19.29 1.93
140 450 300 4 25 4 R1 200 645 242 19.82 15.56 19.82 1.8
141 450 300 4 25 4 Rt 250 617 242 20.16 15.56 20.16 2.02
142 450 300 4 32 4 R1 150 712 311 19.26 13.88 19.26 1.83
143 450 300 4 3z 4 R1 200 665 311 19.77 13.98 19.77 1.88
144 450 300 4 32 4 R1 2580 637 311 20.10 13.88 20.10 2.01
145 450 450 3 32 4 R1 150 830 416 18.22 1278 19.22 1.92
146 450 450 3 32 4 R1 200 760 4186 19.89 12.78 19.89 1.88
147 450 450 3 32 4 R1 250 718 416 20.33 12.78 20.33 2.03
148 450 450 3 32 4 R1 150 1224 522 16.55 11.31 16.55 1.65
149 450 450 3 32 4 R1 200 1154 522 16.93 11.31 16.93 1.69
150 450 450 3 32 4 R1 250 1112 522 17.18 11.31 17.18 1.72
151 450 450 3 32 4 R1 150 1420 567 15.63 10.85 15.63 1.56
162 450 450 3 32 4 R1 200 1350 567 16.94 10.85 15.94 1.59
183 450 450 3 32 4 R1 250 1308 567 16.13 10.85 | 16.13 1.61
154~ 450 450 4 32 4 R1 150 732 416 20.33 13.68 20.33 2.03
155 450 450 4 32 4 R1 200 662 416 21.13 13.68 21.13 2.1
156 450 450 4 32 4 R1 250 620 416 21.68 13.68 21.68 2147
157 450 450 4 32 4 R1 150 1027 522 17.84 12.09 17.84 1.78
158 450 450 4 32 4 R1 200 957 522 18.33 12.09 18.33 1.83
159 450 450 4 32 4 R1 250 915 522 18.65 12.09 18.65 1.87
160 450 450 4 32 4 R1 150 1323 567 16.18 11.59 16.18 1.62
161 450 450 4 32 4 R1 200 1252 567 16.52 11.59 16.52 1.65
162 450 450 4 32 4 R1 250 1210 567 16.74 11.59 16.74 1.67
163 450 450 5 32 4 R1 150 673 416 2112 14.41 21.12 . 211
164 450 450 5 a2 4 R1 200 603 416 22.03 14.41 22.0:; 2220
165 450 450 5 2 4 R1 250 561 416 22.66 14.41 22.66 227
166 450 450 5 32 4 R1 150 909 522 18.80 1272 18.80 1.88
167 450 450 5 32 4 R1 "200 839 522 19.39 12.72 18.39 1.94
168 450 450 5 2 4 R1 250 797 522 19.78 1272 19.78 1.98
169 450 450 5 32 4 R1 150 1145 567 17.20 12.20 17.20 1.72
170 450 450 § 32 4 R1 200 1075 567 17.62 12.20 17.62 1.76
17 450 450 5 a2z 4 R1 250 1033 567 17.90 12.20 _17.90 1.79
172 450 450 6 a2 4 R1 150 634 416 21.71 15.04 21.71 2.17
173 450 450 6 32 4 R1 200 563 " 416 22.72 15.04 22.72 2.27
174 450 450 6 32 4 R1 250 521 416 2341 15.04 23.41 2.34
175 450 450 [ 32 4 R1 150 830 522 19.56 13.27 19.56 1.96
176 450 450 6 32 4 R1 200 760 522 20.24 13.27 20.24 2.02
177 450 450 8 32 4 R1 250 718 522 20.69 13.27 2069 2.07
178 450 450 8 32 4 R1 150 1027 567 18.02 12.72 18.02 1.80
179 450 450 8 32 4 R1 200 957 567 18.52 1272 18.52 1.85
180 450 450 8 T332 4 R1 250 915 587 18.84 1272 18.84 1.88

Note: R1 indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column Dimensions Main rebar details - Shear Flexural J.SSD . ssD Safe
Column proadth  Depth Dia of No of lateral :le:'sf trength, Ot pasedon basedon oS0 Scaled
[ e: ’ a; * Length, L m:g:s ve:::'s Rebars Vo My shear  flexure Distance
(mm) {mm) (m) (m) (m) (mm) (kN) (kN) (m) (m) (m) (mkg'®)
181 450 600 3 32 4 R1 150 1263 623 17.14 1140 17.14 1.7
182 450 600 3 32 4 R1 200 1170 623 17.66 1140 17.66 1.77
183 . 450 600 3 32 4 R1 250 1113 623 18.00 11.40 18.00 1.80
184 450 600 3 32 8 R2 150 1478 939 16.23 9.16 16.23 1.62
185 450 600 3 32 8 R2 200 1337 939 16.87 9.16 16.87 1.69
186 450 600 3 32 8 R2 250 1253 939 17.30 9.16 17.30 1.73
187 450 600 3 32 4 R1 150 1893 809 14.66 9.80 14.66 1.47
188 450 600 3 32 4 R1 200 1800 809 14.95 8.80 14.95 1.50
189 450 600 3 32 4 R1 250 1743 809" 15.14 9.80 15.14 1.51
190 450 600 3 32 8 R2 150 2081 1022 1423 8.66 14.23 1.42
191 450 600 3 32 8 R2 200 1940 1022 14.62 8.66 14.62 1.46
192 450 600 3 32 8 R2 250 18586 1022 14.87 8.66 14.87 1.49
193 450 600 3 32 4 R1 150 1893 890 14.66 9.32 14.86 1.47
194 450 600 3 32 4 R1 200 1800 890 14.95 932 14.95 1.50
195 450 600 3 32 4 R1 250 1743 890 15.14 9.32 15.14 1.51
196 450 600 3 32 8 R2 150 2081 1067 14.23 8.44 14.23 1.42
197 450 600 3 32 8 R2 200 1940 1067 14.62 8.44 14.62 1.46
198 450 600 3 32 8 R2 250 1856 1067 14.87 8.44 14.87 1.49
199 450 600 4 32 4 R1 150 1088 623 1829 1219 18.29 1.83
200 450 600 4 32 4 R1 200 995 623 18.93 1219 18.93 1.89
201 450 600 4 32 4 R1 250 938 623 19.36 1219 19.36 1.94
202 450 600 4 32 8 R2 150 1303 939 1747 9.77 17.17 1.72
203 450 600 4 32 8 R2 200 1162 939 17.94 8.77 17.94 1.79
204 450 600 4 32 8 - R2 250 1078 939 18.47 8.77 18.47 1.85
205 450 . 600 4 32 4 -R1 150 1613 809 15.71 1047 16.71 1.57
206 450 800 4 32 4 R1 200 1520 809 16.08 1047 16.08 1.61
207 450 600 4 32 4 RrR1 250 1463 809 16.31 1047 16.31 1.63
208 450 600 4 32 8 150 1828 1022 15.06 9.23 15.06 1.51
209 450 600 4 32 8 R2 200 1687 1022 16.54 9.23 156.54 1.55
210 450 600 4 32 8 250 1603 1022 15.85 923 15.85 1.58
211 450 600 4 32 4 R1 150 1893 890 14.77 9.95 14.77 1.48
212 450 800 4 32 4 R1 200 1800 890 15.06 9.95 15.06 1.51
213 450 600 4 32 4 R1 250 1743 890 16.25 995 15.25 1.52
214 450 600 4 32 8 150 2081 1067 14.33 9.00 . 14.33 1.43
215 450 600 4 32 8 R2 200 1840 1067 14.72 8.00 14.72 1.47
216 450 600 4 32 8 250 1856 1067 14.98 9.00 14.98 1.50
217 450 600 5 32 4 R1 150 983 623 19.12 12.84 19.12 1.91
218 450 600 5 32 4 R1 200 890 623 19.88 12.84 19.88 1.99
219 450 600 5 32 4 R1 250 834 623 20.38 12.84 20.38 2.04
220 450 600 5 32 8 R2 150 1198 939 17.83 1028 17.83 1.78
221 450 600 5 32 8 R2 200 1057 939 18.71 10.28 18.71 1.87
22 450 600 5 32 8 R2 260 973 939 19.32 10.28 19.32 193 °
223 450 800 5 32 4 R1 150 1403 809 16.67 11.01 16.67 1.67
224 450 600 5 32 4 Rt 200 1310 803 17.12 11.01 17.12 1.71
225 450 600 5 32 4 R1 250 1253 809 17.41 11.01 17.41 1.74
226 450 . 600 5 32 8 R2 150 1618 1022 15.88 9.70 15.88 1.59
227 450 600 5 32 8 R2 200 1477 1022 16.45 9.70 16.45 1.64
228 450 600 5 32 8 250 1393 1022 16.82 9.70 16.82 1.68
229 450 600 5 32 4 R1 150 1823 890 15.07 1046 15.07 1.51
230 450 800 5 32 4 R1 200 1730 890 1538 1046 15.38 1.54
231 450 8§00 5 32 4 R1 250 1673 890 15.58 1046 15.58 1.56
232 450 800 5 32 8 150 2038 1067 14.53 9.46 14.53 145
233 450 800 5 32 8 R2 200 1897 1067 14.93 9.46 14.93 1.49
234 450 600 5 32 8 R2 250 1813 1067 1520 9.46 15.20 1.52
235 450 600 6 32 4 R1 150 913 623 19.77 1340 19.77 1.98
236 450 600 ] 32 4 R1 200 820 623 20.61 13.40 20.61 2.06
237 450 600 8 32 4 R1 250 764 623 21.18 13.40 21.18 212
238 450 600 ] 32 8 R2 150 1128 939 18.33 1071 18.33 1.83
239 450 600 6 32 8 R2 200 987 939 18.30 10.71 19.30 1.93
240 450 600 8 32 8 R2 250 903 939 19.98 10.71 19.98 2.00

Note: R1 indicates the arrangement of reinforcement, placed on two opposite -
faces and R2 indicates the arrangement of reinforcement, distributed equally on

all faces o
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column Dimensions Main rebar details Shear Flexural SsSD §sD Safe
p g of . distance distance
Column  Bregdth,  Depth, Diaof  Noof lateral tles TSN SUANGth, | edon basedon S0 Scaled
D b p  LengthL ) s  rebars  Rebars Vu v shear  flexurs Distance
o L)
(mm) (mm) (m) (m) (m) {mm) (kN) (kN) (m) (m) (m) (miig™)

241 450 600 [ 32 4 R1 150 1263 809 1744 1148 17.44 1.74
242 450 600 6 32 4 R1 200 1170 809 17.97 1148 17.97 1.80
243 450 800 6 32 4 Ri- - 250 1113 809 18.31 11.48 18.31. 1.83
244 450 600 ] 32 8 R2 150 1478 1022, 16.52 10.10 16.52 1.65
245 450 600 [ 32 8 R2 200 1337 1022 17.47 10.10 17.47 172
246 450 600 [ 32 8 R2 250 1253 1022 17.60 10.10 17.60 1.76
247 450 600 6 32 4 R1 150 1613 890 15.87 10.90 16.87 1.59
248 450 600 6 32 4 R1 200 1520 890 16.24 10.90 16.24 1.62
249 450 600 6 32 4 Ri 250 1463 890 16.48 10.90 16.48 165
250 450 600 (] 32 8 R2 150 1828 1067 1522 9.85 16.22 1.52
251 450 600 6 32 8 R2 200 1687 1067 15.69 9.85 15.69 1.57°
252 450 600 6 32 8 R2 250 1603 1067 16.01 985 16.01 1.60
253 600 300 3 32 4 R1 150 580 266 2358 16,68 23.58 236
254 600 300 3 32 4 R1 200 533 266 2436 16.68 24.36 244
255 600 300 3 32 4 R1 250 508 266 24.88 16.68 24.88 249
256 600 300 3 25 8 R2 150 669 295 2228 15.96 2228 223
257 600 300 3 25 8 R2 200 598 285 2326 15.96 23.26 233
258 600 300 3 25 8 R2 250 556 295 2392 15.96 23.92 239
269 600 300 3 32 4 R1 150 813 329 2070 1548 20.70 2.07
260 600 300 3 32 4 R1 200 766 329 2117 16.19 2147 212
261 600 300 3 32 4 R1 250 738 329 21.48 1519 21.48 215
262 600 300 3 25 8 R2 150 902 325 19.85 15.27 19.85 1.99
263 600 300 3 25 8 R2 200 832 325 2048 15.27 20.48 205
264 600 300 3 25 8 R2 250 790 325 20.90 15.27 20.90 2.09
266 600 300 3 32 4 R1 150 1046 358 18.77 1472 18.77 1.88
266 600 300 3 32 4 R1 200 999 356 19.11 1472 19.11 1.91
267 600 300 3 32 4 Rt 250 ETal 356 19.32 1472 19.32 1.93
268 600 300 3 25 8 R2 150 1135 341 1816 15.00 18.18 1.82
268 600 300 3 25 8 R2 200 1085 341 18.62 15.00 18.62 1.86
270 600 300 3 25 8 R2 250 1023 341 18.91 15.00 18.91 1.89
271 600 300 4 32 4 R1 150 521 266 2474 17.88 24.74 247
272 600 300 4 32 4 R1 200 474 266 25.66 17.88 25.66 257
273 600 300 4 32 4 R1 250 446 266 2627 17.88 26.27 2863
274 800 300 4 25 8 R2 150 610 295 2325 17.10 2325 232
275 600 300 4 25 8 R2 200 540 295 2437 17.10 24.37 244
276 600 300 4 25 8 R2 250 498 -295 25145 - 1710 25.15 251
277 600 300 4 32 4 Ri 150 696 329 2213 16.26 22143 2.21
278 600 300 4 32 4 R1 200 649 329 2273 16.26 22.73 2.27
279 600 300 4 32 4 R1 250 621 329 23.42 16.26 23.12 231
280 600 300 4 25 8 R2 150 785 325 21.09 16.35 21.09 211
281 600 3co 4 25 8 R2 200 715 325 2187 16.35 2187 2.19
282 600 300 4 25 8 R2 250 873 325 2239 16.35 2238 2.24
283 600 360 4 32 4 Rt 150 871 356 20.28 15.76 20.29 203
284 600 . 300 4 a2 4 R1 200 824 356 20.73 1576 20.73 2.07
285 600 300 4 32 4 R1 250 796 356 21.01 15.76 21.01 2.10
286 600 300 4 25 8 R2 150 960 341 19.52 16.06 19.52 1.95
287 600 300 4 25 8 R2 200 290 341 20.10 16.06 20.10 2,01
288 600 3co 4 25 8 R2 250 848 341 2048 16.06 20.48 2.05
289 600 450 3 32 4 R1 150 995 468 20.46 14.45 20.46 2,05
200 600 450 3 32 4 R1 200 924 468 21.04 1445 21.04 210
291 600 450 3 32 4 R1 250 882 468 2143 1445 2143 214
292 600 450 3 32 8 R2 150 1162 704 19.38 1207 - 19.38 1.94
293 600 450 3 32 8 R2 200 1057 704 20.11 1207 20.11 201
294 660 450 3 32 8 R2 250 994 704 20.59 1207 20.59 208
205 600 450 3 32 4 R1 150 1520 607 17.37 12.76 17.37 174
296 600 450 3 32 4 R1 200 1449 607 17.69 1276 17.68 1.77
297 600 450 3 32 4 R1 250 1407 607 17.89 1276 17.89 1.79
298 600 450 3 32 8 R2 150 1687 766 16.79 11.54 16.79 1.68
299 600 450 3 32 8 R2 200 1582 766 17.21 1154 17.21 1.72
300 600 450 3 32 8 R2 250 1518 766 17.48 11.54 17.48 1.75

Note: R1 indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on

all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column Dimensions

Main rebar details

SSD

$SD

S of Shear Flexural distance distance  Safe
Column  preadih,  Depth, Diaof  Noof tateral tles "% 0™ "M pocedon basedon SSO Sealed
o b D Length,L . ¢  rebars Rebars v ’ shear flexure Distance
(mm) (mm) (m} (m) (m) (mm) (kN) (kN) (m) (m) (m) (mikg')
301 600 450 3 32 4 R1 150 1800 867 16.27 1225 16.27 1.63
302 600 450 3 32 4 R1 200 1729 667 16.52 1225 16.52 1.65
303 600 450 3 32 4 R1 250 1687 667 16.68 12.25 16.68 1.67
304 600 450 3 32 8 rR2 150 1940 801 15.91 11.32 15.91 1.59
305 600 450 3 32 8 R2 200 1836 801 16.25 11.32 16.25 1.63
306 600 450 3 32 8 R2 250 1772 801 16.47 11.32 16.47 1.65
307 600 450 4 32 4 Rt 150 863 468 21.76 1547 21.76 218
308 600 450 4 32 4 R1 200 793 468 2249 1547 22.49 225
309 600 450 4 32 4 - R1 250 751 468 22.96 1547 22.96 230
310 600 450 4 32 8 R2 150 1031 704 20.45 1291 20.45 2.04
311 600 450 4 32 8 R2 200 926 704 21.32 1291 21.32 213
312 600 450 4 32 8 R2 250 863 704 2190 1291 21.90 219
313 600 450 4 32 4 R1 150 1257 607 18.82 13.65 18.82 1.88
314 600 450 4 32 4 R1 200 1187 607 19.25 13.65 19.25 1.92
315 600 450 4 32 4 R1 250 1145 607 19.52 13.65 19.52 1.95
316 600 450 4 32 8 R2 150 1425 766 18.05 12.34 18.05 1.80
317 600 450 4 32 8 R2 200 1320 768 18.59 12.34 18.59 1.86
318 600 450 4 32 8 R2 250 1256 766 18.95 12.34 18.95 1.89
319 600 450 4 32 4 R1 150 1651 667 16.95 13.10 16.95 1.69
320 600 450 4 32 4 R1 200 1581 667 1723 13.10 17.23 1.72
321 600 450 4 32 4 R1 250 1538 667 17.41 13.10 17.41 1.74
322 600 450 4 32 8 R2 150 1819 801 16.43 12.10 16.43 1.64
323 600 450 4 © 32 8 R2 200 1713 801 16.81 12.10 16.81 1.68
324 660 450 4 32 8 ‘R2 250 1650 801 17.05 12.10 17.06 1.7
325 600 450 5 32 4 R1 150 785 468 221 16.32 2.1 2.27
326 600 450 5 32 4 R1 200 715 468 2354 16.32 23.54 235
327 600 450 5 32 4 R1 250 672 468 24.10 16.32 24.10 241 -
328 600 450 5. 32 8 R2 150 953 704 2120 13.61 21.20 212
329 600 450 5 32 8 R2 200 847 704 2218 13.61 22.18 2.22
330 600 450 5 32 8 R2 250 784 704 2286 13.61 22.86 229
331 600 450 5 32 4 R1 150 1100 607 19.93 14.39 19.93 1.99
332 600 450 5 32 4 R1 200 1029 607 2045 14.39 20.45 2.04
333 600 450 5 32 4 R1 250 987 607 20.78 14.39 20.78 208
334 600 450 5 32 8 R2 150 1267 766 18.99 12.99 18.99 1.90
335 600 450 5 32 8 R2 200 1162 766 19.63 12.99 19.63 - 196
336 600 450 5 32 8 R2 250 1099 766 20.06 12,99 20.08 201
337 600 450 5 32 4 R1 150 1415 667 18.09 13.80 18.09 1.81
338 600 450 5 32 4 R1 200 1344 667 18.45 13.80 18.45 1.84
339 600 450 5 32 4 R1 250 1302 667 18.67 13.80 18.67 1.87
340 600 450 5 32 8 R2 150 1682 801 17.43 1274 17.43 1.74
kZal 600 450 5 32 8 R2 200 1477 801 17.80 1274 17.90 1.79
342 600 450 5 32 8 R2 250 1414 801 18.20 1274 18.20 1.82
343 600 450 8 32 4 R1 150 732 468 2343 17.05 23.43 234
1344 600 450 8 32 4 R1 200 662 468 2436 17.05 24.38 244
345 600 450 6 32 4 R1 250 620 468 24.98 17.06 24.98 2.50
346 600 450 6 32 8 R2 150 900 704 21.77 14.20 21.77 218
347 600 450 6 32 8 R2 200 795 704 2284 14.20 22.84 228
348 600 459 6 32 8 R2 250 731 704 23.58 14.20 23.58 2.36
349 600 450 8 32 4 R1 150 995 607 20.81 15.02 20.81 2.08
350 6800 450 6§ 32 4 R1 200 924 607 21.41 15.02 21.41 214

Note: R1 indicates the arrangement of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces
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Table A4. 3 Safe scaled distance for the practical columns (cont...)

Column DI i Main rebar detail . :
olumn Dimensions ain rebar detalls Shear Flexural §SD $sD

Safe

Spacing o distance distance
Column pgroagth,  Depth Diaof  Noof lateral ties STCnGth strenath, o don basedon S0 Scaled
D I D ' Length, L rebars rebars Rebars Ve M. shear flexure Distance
(mm) (mm) (m} (m) m) (mm) (kN) (kN) (m) {m) {(m) (m/kg')
351 600 450 8 32 4 R1 250 882 607 21.80 15.02 21.80 2.18
352 600 450 8 32 8 R2 150 1162 766 19.72 13.55 19.72 1.97
353 600 450 8 32 a R2 200 1057 766 20.46 13.55 20.46 2.05
© 354 600 450 1 32 ] R2 250 994 766 20.95 13.55 20.95 210
355 €00 450 6 32 4 R1 150 1257 667 19.02 14.40 18.02 1.80
356 600 450 6 32 4 R1 200 1187 867 19.44 14.40 19.44 1.84
357 600 450 6 32 4 R1 250 1145 667 18.72 14.40 18.72 1.97
358 600 450 8 32 8 R2 150 1425 801 18.23 13.29 18.23 1.82
358 600 450 6 32 8 R2 200 1320 801 18.78 13.29 18.78 1.88
360 600 450 6 32 8 R2 250 1256 801 19.14 13.29 18.14 1.91
361 600 600 3 32 8 R2 150 1757 1033 17.32 10.87 17.32 1.73
362 600 600 3 32 8 R2 200 1816 1033 17.89 10.87 17.89 “1.78
363 600 600 3 32 8 R2 250 1532 1033 18.26 10.87 18.26 1.83
364 600 600 3 32 8 R2 150 2587 1178 14.92 10.08 14.92 1.49
365 600 600 3 32 a R2 200 2446 1178 15.24 10.08 18.24 1.52
366 600 600 3 32 ] R2 250 2362 1178 1545 10.08 16.45 1.54
367 600 800 3 32 a R2 150 2587 1246 14.92 9.81 14,92 1.49
368 €00 600 3 32 a R2 200 2446 1246 15.24 9.81 15.24 1.52
369 600 600 3 3z 8 R2 250 2362 - 1246 15.45 a.81 15.45 1.54
370 €00 600 4 a2 8 R2 180 1524 1033 1843 11.62 18.43 1.84
37 600 600 4 2 8 R2 200 1383 1033 18.13 11.62 19.13 1.81
372 600 600 4 32 8 R2 250 1293 1033 19.60 11.62 19.60 1.96
373 600 600 4 2 8 R2 150 2223 1178 15.93 10.77 15.93 1.59
374 600 600 4 32 8 R2 200 2083 1178 16.33 10.77 16.33 1.63
375 600 600 4 32 8 R2 250 1999 1178 16.60 10.77 16.60, 1.66
376 £00 §00 4 32 8 R2 150 2587 1248 15.02 10.48 15.02 1.50
377 600 600 4 32 8 R2 200 2446 1248 15.35 10.48 15.35 1.54
378 600 600 4 32 8 R2 250 2362 1246 16.56 10.48 16.56 1.56
379 600 600 5 32 8 R2 150 1384 1033 19.24 12.23 19.24 1.82
380 600 600 5 32 8 R2 200 1243 1033 20.05 12.23 20.05 2.00
381 600 © 600 5 32 8 R2 250 1159 1033 20.60 12.23 20.60 2.06
382 600 600 5 32 8 R2 150 1843 1178 16.87 11.34 16.87 1.69
383 600 600 5 32 8 R2 200 1803 1178 17.37 11.34 17.37 1.74
384 600" 600 5 32 8 R2 250 1719 1178 17.69 11.34 17.69 1.77
385 600 800 5 32 8 R2 150 2503 1246 15.30 11.03 15.30 1.53
386 600 800 5 32 ] R2 200 2363 1246 16.65 11.03 18.65 1.56
387 600 600 5 32 8 R2 250 2279 1246 15.87 11.03 15.87 1.59
388 600, 600 8 32 ] R2 180 1280 1033 19.85 1278 19.85 1.89
289 600 600 8 32 8 R2 200 1150 1033 20.76 12.78 20.76 2.08
390 €00 600 8 32 8 R2 250 1066 1033 21.37 12.76 21.37 2.14
391 600 600 6 32 8 R2 150 1757 1178 17.62 11.82 17.62 1.76
392 600 600 8 32 8 R2 200 1616 1178 18.20 11.82 18.20 1.82
383 600 600 8 32 8 R2 250 1632 1178 18.58 11.82 18.58 1.86
394 600 600 8 32 8 R2 150 2223 1246 16.09 11.50 16.09 1.61
395 600 600 6 32 8 R2 200 2083 1246 , 16.50 11.50 16.50 1.65
396 €00 600 8 32 8 R2 250 1999 1246 16.77 11.50 16.77 1.68

Note: R1 indicates the arrangemént of reinforcement, placed on two opposite
faces and R2 indicates the arrangement of reinforcement, distributed equally on
all faces l




