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Abstract 5 

Flush end-plate (FEP) connections are one of the most popular bolted steel connections in 6 

construction practice. These connections possess a semi-rigid moment-rotation behavior that 7 

betwixt that of rigid and pinned connections. Nonetheless, they are commonly idealized as pinned 8 

connections in design and numerical simulations. This paper investigates the flexibility, strength 9 

and ductility of such connections in a holistic manner, based on a recently compiled comprehensive 10 

database of more than 420 specimens that were tested within the past 50 years. The paper describes 11 

the systematic methodology used to deduce response parameters from the moment-rotation curves. 12 

This includes the deduction of the elastic, post-yield stiffnesses, effective yield and maximum 13 

moments as well as the ultimate rotations at failure. The deduced parameters are made publically 14 

available to support further analysis by other researchers. The median value of each parameter and 15 

associated variability is quantified with respect to different connection topologies and loading 16 

histories. The data are then used to assess the connection classification and performance in terms 17 

of flexibility, strength and ductility based on existing standards. 18 
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1 Introduction 24 

Semi-rigid (SR) beam-to-column and beam-to-beam connections are commonly used in steel 25 

framing worldwide. These connections are expected to develop moderate rotational stiffness and 26 

flexural capacity, that fall between the two ideal cases of pinned (or simple) and rigid (or fully-27 

rigid) connections as illustrated in Figure 1a. Unlike fully-rigid connections, where plastic 28 

deformations predominantly occur in the beam, plastic deformations in semi-rigid connections 29 

take place in the connected components (i.e., column flange, angle cleat, end-plate, shear-tab and 30 

bolts).  Among the different types of SR connections, flush end-plate (FEP) connections –the focus 31 

of this study- are the most abundant in construction practice. FEP connections can develop a 32 

relatively large stiffness and flexural capacities, compared to other SR connection types. These 33 

connections generally develop a nonlinear power-shaped moment-rotation response up to failure. 34 

This nonlinear response is governed by the elastic and plastic deformations of the connections 35 

elements including the bending of the end-plate, the elongation of bolts, the bending of the column 36 

flange, the shear deformation of the column web (i.e., panel zone) and, in limited cases, the 37 

concurrent buckling of the beam flange/web as demonstrated in Figure 1b.  38 

FEP connections are extensively studied in literature both experimentally and numerically. These 39 

studies generally focused on investigating the effect of one or more geometric, material or loading 40 

parameters on the connection response. The findings of these studies provided valuable insights 41 

into the performance of different FEP connection topologies. While these studies were focused in 42 

their scope, to the best of the author’s knowledge, no studies aimed at assessing the connection 43 

performance in a holistic manner, considering the wide range of possible connection topologies 44 

and designs. Understanding the characteristics of the connection behavior can assist the 45 

development of numerical modeling guidelines, performance acceptance criteria and damage 46 
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fragilities, as part of the performance-based design framework. To that end, the objective of this 47 

study is to quantify the connection’s characteristic response parameters and asses its response 48 

accordingly. This is accomplished by utilizing a recently complied comprehensive digital 49 

experimental database that comprises of more than 420 specimens [1]. This database constitutes a 50 

significant progress, in terms of number of collected specimens, tabulated test/specimen 51 

parameters and deduced response parameters, compared to previous attempts in the literature [2-52 

6]. This allows for more inclusive and generalized observations. 53 

In the following sections, the systematic methodology for fitting a trilinear curve to the moment-54 

rotation test data and for deducing the different response parameters (including stiffness, strength 55 

and ductility parameters) is described. The fitted curves and parameters database are made 56 

available publicly online. The magnitude and variability in each response parameter are then 57 

quantified and discussed based on the connection topology and loading history. The data is also 58 

used to classify the connection with respect to rigidity and strength, based on both the European 59 

and American standards. 60 

(a)  (b)  

Figure 1. (a) Illustration of typical moment-rotation responses of SR connections and their 61 

expected classification based on Eurocode 3; (b) general deformed shape of an FEP connection 62 
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A comprehensive experimental database on bare steel and composite FEP connection was recently 64 

complied and made publically available [1]. The current version of the database includes the 65 

geometric and material parameters of 427 specimens from 71 different testing programs as well as 66 

their moment-rotation responses in digital form. The specimens include both beam-to-column and 67 

beam-to-beam (splice) connections. Splice connections are considered herein as they are 68 

analogous to beam-to-column connection where the column is practically rigid. Table 1 provides 69 

a breakdown of the number of tests based on connection topology and loading history. In summary, 70 

the majority of these specimens are bare steel connections that were tested monotonically while 71 

only 80 specimens were tested cyclically and 77 are composite connections. The database 72 

uniformly covers a wide-range of FEP connections’ design space that is commonly used in 73 

practice, with shallow (~100mm) to deep (~900mm) beams and thin (~6mm) to thick (~35mm) 74 

end-plates. Connections with 4, 6 and 8 bolt configurations are included. Several specimens were 75 

fabricated from high strength steel and stainless steel grades. For full details regarding the 76 

database, please refer to Mak and Elkady [1]. 77 

Table 1. Breakdown of database based on joint topology and loading type 78 

Joint/Loading type Number of tests 
Bare steel with I-shaped columns 305 
Bare steel with HSS columns 45 
Bare steel splices 52 
Composite with I-shaped columns 56 
Composite with HSS columns 21 
Minor-axis 18 
Monotonic loading 347 
Cyclic loading 80 

3 Deduction of Response Parameters 79 

Figure 2 shows an illustration of a typical moment-rotation (M-θ) curve of an FEP connection 80 

under monotonic loading. In the case of cyclic loading, this curve represents the average cyclic 81 
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envelope of both the positive and negative loading directions. For consistency with past 82 

experimental and numerical research, moment is defined as the moment at the column face and 83 

the rotation is defined as the joint rotation resulting from the shear deformation of the column web, 84 

bending deformation of the column flange, plastic local deformation of the beam web/flange, 85 

elongation on the bolts and bending deformation of the end plate. In other words, the rotation 86 

represents the total rotation of the joint minus the rotation components resulting from the elastic 87 

shear/flexural deformations of the beam and the column. 88 

It is worth noting that in steel frame analysis, the joint can be idealized in several ways in practice. 89 

This includes: 1) using a single spring at the column face with rigid offset elements from the 90 

column center, 2) using a single spring at the column center, and 3) a spring for the column panel 91 

zone at column center plus a spring for the connection at column face. Any of these approaches 92 

are valid as long as the spring(s) moment-rotation definitions are consistent with the assumptions 93 

made in the global analysis of the structure. The moment-rotation definition here in, can be used 94 

directly in lieu with the option 1. It can also be used with the other options with simple 95 

modifications to the stiffness and strength response quantities. For example, for option 2, the 96 

moment can be projected to the column center (about 3%~10% increase). For option 3, the panel 97 

zone flexibility need to be removed from the joint rotation. 98 

Key moment-rotation response parameters are deduced from the test data. This is done by fitting 99 

the response curve with a trilinear curve as illustrated in Figure 2. The deduced parameters include 100 

the elastic and post-yield rotational stiffnesses (Ke and Ks, respectively), the yield, effective yield, 101 

maximum and capping moments (My, Mye, Mmax, and Mc respectively), and the plastic, post-102 

capping and failure rotations (θp, θpc and θf, respectively). The method used to deduce each 103 

parameter is discussed next in detail. 104 
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 105 

Figure 2. Trilinear fitting of the moment-rotation response and deduced parameters 106 

The first parameter to be deduced is the elastic rotational stiffness Ke. The elastic stiffness can be 107 

sensitive to the employed deduction method. This is especially true when dealing with responses 108 

with highly nonlinear or ill-defined elastic regions which result from slippage, friction or setup 109 

vibrations. For that reason, three methods are used to estimate Ke as demonstrated in Figure 3. In 110 

the first method Ke is simply deduced by conducting linear regression on the data points preceding 111 

30% Mmax. The 30% Mmax level was chosen based on a preliminary evaluation of the response data. 112 

Ideally, the data point at the onset of yielding would be used instead, however, this is not always 113 

reported by researchers and not easily inferred with confidence from the data. In the second 114 

method, the secant stiffness at each data point is evaluated and Ke is taken based on the point 115 

beyond which the secant stiffness changes by more than 20% compared to the average secant 116 

stiffness of the preceding points. Similarly, in the third method, the incremental (instead of the 117 

secant) stiffness is computed at several points and Ke is taken based on the point beyond which the 118 

incremental stiffness changes by more than 30% compared to the average incremental stiffness of 119 

the preceding points. Finally, the median value of the three methods’ estimates is considered. Note 120 

that the response curve of each specimen was refined and divided into a consistent 100 data points 121 

prior to fitting to ensure the consistency of the aforementioned methods across different specimens. 122 

Also, the three methods typically result in similar values with variation less than 15%. In very 123 
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limited cases, where the aforementioned methods failed (i.e., variation between the different 124 

methods is more than 15%) when the elastic region is not smooth or has sudden load reversals, Ke 125 

was deduced manually in a subjective manner.  126 

Knowing Ke, the yield moment, My, is deduced as the point at which the nonlinear response 127 

deviates from the elastic slope. Quantitatively, this is taken as the point where the moment 128 

difference between the elastic slope and the response curve exceeds 10%, as illustrated in Figure 129 

4a. Alternatively, My can be deduced based on the difference in rotation. Although both approaches 130 

are valid, the former is more convenient since the change in moment is more evident (refer to 131 

Figure 4a). Next, the connection moment capacity is deduced. Note here that several tests stopped 132 

prior to reaching the connection capacity, hence, a distinction is made here between the maximum 133 

and capping moments. The former (Mmax) represents the maximum moment reached during the 134 

test while the latter (Mc) represent the true moment capacity of the connection after which strength 135 

deteriorates. Following, the post-yield stiffness (i.e., hardening slope), Ks, is deduced. As shown 136 

in Figure 4b, Ks is the post-yield stiffness at which the two areas enclosed by the hardening slope 137 

and the response data, between My and Mmax, are equal (i.e., the equal-area fitting method). The 138 

effective yield moment, Mye, is taken as the intersection point between the elastic slope and 139 

hardening slope. The term “effective yield moment” is commonly used in literature and is 140 

analogues to the plastic moment capacity of the connection [7-9]. It is important to note that in 141 

tests that did not reach their true ultimate capacity (capping point), Mye as currently defined will 142 

be slightly conservative since the majority of tests reached rotations larger than 3%; after which 143 

the post-yield slope remains almost constant (refer to Figure 6a). Therefore, although there will be 144 

a difference, it is not significant (<15%). 145 
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Finally, the failure rotation is deduced. Note that many tests stopped prior to reaching true failure 146 

(visible loss of strength due to failure of one or more components). Also, failure in SR connections 147 

(mainly due to bolt or weld fracture) mostly occurs right after the attainment of the maximum 148 

moment; hence, the drop in strength is sudden. Limited number of tests reached a capping moment 149 

and experienced a recognizable post-capping negative slope prior to failure, as will be discussed 150 

later on in detail. Figure 5 shows couple of curve fitting examples of two specimens with and 151 

without a post-capping zone. All specimens’ fitted curves and values of fitted parameters are 152 

publically accessible through the interactive SR connection database explorer, SRConED, which 153 

is available on GitHub [1]. 154 

 155 

Figure 3. Methods used in deducing the elastic rotational stiffness 156 

 157 

(a)  (b)  

Figure 4. Methods used in deducing (a) My and (b) Ks and Mye 158 
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(a)  (b)  

Figure 5. Examples of test data fitting: (a) Test 1 by Ostrander [10]; (b) Test 1-2A by Qiang et al. 159 

[11] 160 

4 Connection Response Characteristics  161 

In this section, the FEP connection basic characteristics are assessed based on the deduced 162 

response parameters including its stiffness, flexural strength and ductility. 163 

4.1 Connection Classification 164 

As per Eurocode 3 Part 1-8 [12] classification, a connection can be classified as semi-rigid if its 165 

strength falls between 0.25 and 1.0 Mp,b, and its stiffness between 0.25 and 8 EIb/Lb (or 25 EIb/Lb 166 

for joints in unbraced/non-sway frames), where Mp,b is the beam plastic flexural strength, Eb is the 167 

measured elasticity modulus of the beam’s material, Ib is the beam’s second moment of inertia 168 

about the section’s major axis, and Lb is the beam’s length between column centerlines. AISC 360-169 

16 [13] specifies similar limits. Particularly, stiffness shall fall between 2 and 20 EIb/Lb, regardless 170 

of the frame sway condition. With respect to strength, only a lower bound is specified that is at 171 

least 0.2 Mp,b at a joint rotation of 2%. 172 

Figure 6 shows a plot of all the collected M-θ responses superimposed by the classification 173 

boundaries of Eurocode 3 and AISC 360-16. To allow for such plot, the moment is normalized by 174 

Mp,b (based on the measured material properties) and the rotation is normalized by the reference 175 
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plastic rotation θpr which is computed as Mye/(EIb/Lb), where Lb is assumed as 15 hb. This 176 

assumption is reasonable at it results in realistic beam lengths with respect to the beam depth hb. 177 

Also note that these responses are only plotted up to the maximum moment, with the post-capping 178 

range trimmed, to improve visuals. Based on this figure, FEP connections cover a wide range of 179 

responses, falling within all three classification categories. The majority of tests fall within the 180 

semi-rigid range. Notably, and as expected, bare steel FEP connection with minor-axis orientation 181 

(i.e., beam connected to column web) possess the lowest stiffness and strength owing to the high 182 

deformability of the column web in transverse bending. On the other hand, composite FEP 183 

connections achieves the largest stiffness and strength which can sometimes places them within 184 

the fully-rigid/full-strength category. Note here that the composite response referred to herein is 185 

the one under hogging moment (i.e., slab is in tension). The specific parameters of these responses 186 

are quantified and assessed in detail in the following sections.  187 

  188 

Figure 6. Normalized moment-rotation responses of collected specimens: (a) individual test 189 

responses and (b) median and range of responses 190 

4.2 Elastic rotational stiffness 191 

Figure 7 shows the histogram of the rotational stiffness coefficient, β = Ke/(EIb/Lb) (y-axis 192 

represents the normalized count of occurrences). Note that the beam length changes among the 193 
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different testing programs. In addition, for practical reasons and laboratory constraints, most test 194 

configurations utilize short beam lengths that are not representative of actual beam spans. This 195 

length however, has no effect on the moment-rotation behaviour, given that the elastic rotation of 196 

the beam is removed from the rotation definition as discussed earlier. Accordingly, and to maintain 197 

consistency, a reference beam length of 15 hb is used to compute the β values, as discussed earlier.  198 

This figure confirms the semi-rigid nature of bare steel FEP connections, with a median β value of 199 

4.6 which falls almost mid-range between the pinned and fully-rigid connection limits based on 200 

Eurocode 3, Part 1-8 [12] (refer to Figure 1a). The stiffness increases when a composite slab is 201 

present. Composite connections develop a median β of 14.6 under hogging moment (e.g., Brown 202 

and Anderson [14]). This is due to the higher rigidity of the composite section. Similarly, large 203 

stiffness is expected in beam-to-beam (splice) connections with thick end-plates and fully pre-204 

tensioned bolts (e.g., Srouji [15]). As such, splice FEP connections with thick end-plates as well 205 

as composite ones can be categorized as fully-rigid connections. On the lower end, β less than 2.0 206 

is observed in minor-axis connections as well as connections with thin plates and unstiffened 207 

column flanges. It is important to note here that minor-axis interior connections (i.e., cruciform 208 

joints) subjected to symmetric loading develop large β values, since those are comparable to splice 209 

connections. This places them within the semi-rigid classification [16]. Those cases can be 210 

observed from the outlier minor-axis M-θ curves shown in Figure 6 and the β >10 values in Figure 211 

7. One should note however that symmetric loading may be valid under uniform gravity loading 212 

conditions is not under lateral loads such as wind or earthquakes. 213 
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 214 

Figure 7. Distribution of the elastic stiffness coefficient 215 

4.3 Effective yield (plastic) strength 216 

The strength coefficient, α (where α = Mye/Mp,b), is used to quantify the connection’s plastic 217 

strength. Figure 8a shows the histogram distributions of α based on the connection type. Bare steel 218 

FEP connections with major-axis orientation develop an appreciable median plastic strength of 219 

0.32 Mp,b. As such they can be categorized as semi-rigid (or partial-strength) connections as per 220 

CEN [12] and AISC [13]. The same connections are able to carry up to 0.8 Mp,b [17, 18]. Minor-221 

axis connections, on the other hand, develop a lower plastic strength of 0.22 Mp,b which places 222 

them within the pinned connection classification, with the exception of interior minor-axis 223 

connections under symmetric loading that developed α > 0.4. Composite connections achieved 224 

more than double the strength of bare steel ones (median α = 0.83). This is expected due to the 225 

increased lever arm and the additional tensile resistance of the tensile rebar and the steel deck. 226 

Many composite connections reached and exceed the beam bare flexural strength. This 227 

amplification becomes more evident in tests involving shallow beams (hb<400mm) [19, 20].  228 

Beyond the plastic strength, FEP connections can develop an ultimate/maximum strength that is 229 

1.4 times larger than Mye, on average, as shown in Figure 8b. Considering that some specimens 230 

did not reach their true ultimate strength as discussed earlier, this mean ratio is expected to be 231 

slightly higher (<10%). These observations underscore the potential economic savings that can be 232 
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achieved in flexible (i.e., non-seismic) frame design, if the connection appreciable stiffness and 233 

strength are considered rather than the simplified pinned assumption. Similarly, in seismic regions 234 

where SR connections are used in gravity framing systems, it is important to consider their 235 

structural contribution in seismic evaluations. Past research showed that this contribution is 236 

significant and favorable to the building behavior [21, 22].  237 

Finally, no difference is observed in the Ke and Mye values with respect to the loading protocol 238 

(i.e., monotonic versus cyclic). The protocol however may affect the other response parameters in 239 

the plastic range, as discussed later on. 240 

(a)  (b)  

Figure 8. (a) Distribution of the strength coefficient (median values in dashed lines); (b) 241 

distribution of the maximum-to-effective-yield strength 242 

4.4 Post yield (hardening) stiffness 243 

SR connections are characterized with a smooth rounded transition from the elastic branch to the 244 

plastic branch. The plastic branch is almost linear slope, controlled by strain hardening. It is key 245 

to quantify the hardening slope, Ks, towards representative nonlinear model development rather 246 

than the conservative utilization of an elastic-perfectly-plastic one. Figure 9a shows that bare steel 247 

connections with major-axis orientation subjected to monotonic loading develop a median Ks/Ke 248 

value of 4%. This value corresponds approximately to a maximum-to-effective yield moment ratio 249 

(Mmax/Mye) of 1.35 (see Figure 8b). This relatively large hardening slope can be attributed to the 250 
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fact that plastic deformations are contributed by non-deteriorating components such as the column 251 

web panel zone in shear and bolts in tension.  This is consistent with values found in literature. For 252 

example, Davison et al. [23] observed that Ks is typically about 1/40 of Ke (i.e., Ks/Ke = 2.5%) by 253 

inspecting 54 bare steel major-axis connections. Also, 3% is commonly assumed for the hardening 254 

slope of the column web panel zone shear force-shear distortion [24, 25]. However, it worth noting 255 

that this Mmax/Mye ratio is slightly higher than the 1.1~1.2 value observed in welded steel beam-to-256 

column, where beam buckling is the governing deformation mode [7, 20].  257 

Minor-axis connections develop a large hardening slope of about 11%, primarily due to their low 258 

elastic stiffness values and high out-of-plane deformability of the column web. Connections 259 

undergoing cyclic loading also tend to develop larger Ks of about 8% Ke due to the combined 260 

effects of cyclic hardening and amplified strength. Lager Ks/Ke values (>15%) are observed in 261 

specimens with high strength steel (e.g., Coelho and Bijlaard [26]). Also, specimens fabricated 262 

from stainless steel grades tend to develop larger hardening slopes of about 7% Ke, (e.g., Elflah et 263 

al. [27]), compared to those fabricated from conventional steel grades. 264 

It is worth noting the post-yield stiffness can be alternatively deduced based on the tangent slope 265 

(Ks, tangent) rather than the equal-area fit. As illustrated in Figure 10a. Ks, tangent is deduced herein by 266 

linear fitting one-third of the discrete data points between Mye and Mmax, that are closest to Mmax. 267 

The tangent slope is employed in literature by several researchers as well as in the European 268 

EQUALJOINTS project [28]. It is typically used in conjunction with the fitting of the Menegotto-269 

Pinto and the modified four-parameter power model [29-31]. As shown in Figure 10b, Ks, tangent 270 

values are roughly 30% lower than the Ks values discussed herein. 271 
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(a)  (b)  

Figure 9. Distribution of the hardening-to-elastic slope ratio 272 

(a) (b)  

Figure 10. Post-yield stiffness deduced using the tangent and equal-area fitting methods 273 

4.5 Yield moment and yield rotation 274 

The onset of yielding, as defined earlier in Figure 4a, occurs mostly at rotations lower than 0.5% 275 

as shown in Figure 11a. In average, θy is 0.3%. This agrees with ASCE 41-17 [9] numerical 276 

modeling guidelines, which stipulates that SR connections possess an effective yield rotation, θye, 277 

between 0.3% to 0.5%. When employing high strength steel with a high yield point, yield rotations 278 

can be as high as 1.5% (e.g., Qiang, Bijlaard et al. [11], Coelho and Bijlaard [26]). The yield 279 

moment is almost half the effective yield (plastic) moment as shown in Figure 11b. Specimens 280 

with yield strength close to the plastic one (i.e., My/Mye>0.8) are typically those with a single 281 

deforming component, such as a thin end-plate or a thin column flange. In those cases, the 282 

component full plastification takes place right after yielding. 283 
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(a)  (b)  

Figure 11. Distribution of the (a) yield rotation and (b) yield-to-effective yield strength ratio 284 

4.6 Plastic rotation 285 

Rotational ductility is a key response characteristic that needs to be available in critical structural 286 

members and joints for safe load transfer and load redistribution within a structure. The ductility 287 

of SR connections receives limited guidance in current standards. Herein, the plastic rotation 288 

capacity, θp, is used a direct measure of the connection’s rotational ductility. Figure 12a shows that 289 

bare steel connections develop a median plastic rotation capacity of 4.1% which is comparable to 290 

fully-rigid connections [32]. This roughly corresponds to a median ductility level (θmax/θye) of 8. 291 

This level of ductility implies that FEP connections may be suitable for seismic applications, 292 

particularly for composite connections that can develop high stiffness and full beam moment 293 

capacity. Nonetheless, several bare steel connections still develop low plastic rotations of less than 294 

1%. Those are mainly designed with stiffened columns and thick end-plates where the bolt 295 

elongation, stripping and/or rupture controls the deformation (i.e., mode 3 failure as per [12]). Note 296 

here that rotational ductility is generally inversely proportional to the elastic rotational stiffness. 297 

Minor-axis connections (specifically exterior joints) develop large median θp of 8.3% because their 298 

behavior is controlled by the out-of-plane bending of the column web, which is a ductile mode. 299 

Composite connections develop a lower median θp value of 2.4%. This is only due to the early 300 

drop in strength associated with concrete cracking and tensile rebar rupture.  301 
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It also observed from Figure 12a that the loading protocol does not affect the plastic rotation 302 

capacity. This is contrary to existing observations on fully-rigid welded beam-to-column 303 

connections [8, 33-35]. Fully-rigid connections’ maximum strength is controlled by beam buckling 304 

which is triggered earlier under cyclic loading due to accumulated geometric imperfections. Semi-305 

rigid connections, on the other hand, experience deformation modes that are not susceptible to 306 

imperfections. One should note however that reduced plastic rotation may result in some cases 307 

from degradation effects and fatigue failures associated with cyclic loading. 308 

Improved ductility can be accomplished by the utilization of stainless steel grades. As shown in 309 

Figure 12b, stainless steel connection develop almost 60% larger plastic rotation compared to 310 

conventional steel. 311 

(a) (b) 

 Figure 12. (a) Distribution of the plastic rotation; (b) scatter of the plastic rotation with respect 312 

to loading type 313 

4.7 Post-capping rotation 314 

Although FEP can develop an appreciable plastic rotational capacity as previously demonstrated, 315 

the level of rotational ductility post-the-capping point (after maximum strength is attained) is 316 

limited. This is because connection failure is generally coupled with the connection maximum 317 

strength (i.e., θf = θmax = θc). Moreover, most tests were stopped once excessive deformations took 318 

place, without reaching complete loss of strength. Out of all specimens, only 167 specimen reached 319 
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failure (39%); hence, the post-capping rotation (θpc) could be quantified. These specimens are 320 

mostly composite connections or bare steel ones with bolt stripping as the failure mode. The 321 

histogram of θpc is shown in Figure 13. The median value is a modest 0.9%. For all practical 322 

reasons, it is reasonably conservative to assume that bare steel FEP connections do not possess 323 

any post-capping rotational capacity. 324 

 325 

Figure 13. Histogram of the post-capping plastic rotation capacity 326 

4.8 Failure rotation 327 

As described earlier, failure in FEP connections takes place due to one of these modes: bolt rupture, 328 

bolt stripping, weld fracture or plate tearing. In composite connections, tensile rebar fracture and 329 

concrete crushing occur as well. Figure 14a shows the histogram of the failure rotation, θf, for the 330 

entire database. FEP connections mostly fail within a rotation range of 1% to 10% with a median 331 

failure rotation of 4.6%. This aggress with findings by Ostrowski and Kozłowski [36] who found 332 

it to range between 1.5% and 12%, based on parametric finite element simulation of stiffened FEP 333 

connections. Furthermore, the observed median θf agrees with ASCE 41-17 [9] guidelines, where 334 

an ultimate plastic rotation capacity of 4.2% is speculated for partially-restrained connections, 335 

assuming end-plate yielding controls the deformation. This becomes 1.2~1.8% when weld failure 336 

or bolt yielding is expected.  This is also consistent with Eurocode 3 [12] which, although it does 337 
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not provide quantitative values for the failure (ultimate) rotation, states that sufficient rotation 338 

capacity can be assumed as long as bolt or weld failure do not control the failure mode.  339 

The majority of these failures (~70%) are due to bolt rupture, occurring at the attainment of the 340 

maximum moment. Early failures (θf < 2%) mainly took place in splice connections or in those 341 

with thick end-plates and/or stiffened columns. No difference is observed in θf with respect to 342 

loading protocol (monotonic versus cyclic), as shown in Figure 14b. This is due to the fact that 343 

fatigue-related failure modes (e.g., plate tearing) did not control the connection damage in most 344 

tests. 345 

In summary, properly designed FEP connections (where, end-plate yielding is the controlling 346 

deformation mode and bolt and weld failures are avoided) are able to sustain reasonable rotations 347 

larger than 4.5% prior to failure. Furthermore, the utilization of stainless steel connections can 348 

improve the connection ductility and double failure rotation capacity to 10%. This, in combination 349 

with the improved plastic rotation capacity discussed earlier, demonstrates the potential 350 

applicability of such connection in progressive collapse prevention [37, 38] . 351 

(a)  (b)  

Figure 14. (a) Failure rotation histogram; (b) failure rotation scatter distribution based on load 352 

type and steel material 353 

5 Summary and conclusions 354 

0 5 10 15 20

f
[%]

Stainless steel

Cyclic

Montonic

mean
median



 

21 
 

The response characteristics of flush end-plate (FEP) connections are quantified and assessed 355 

based on a comprehensive experimental database comprising of 427 specimens. The following key 356 

observations are made: 357 

 FEP connections can transmit 30% of the connected beam plastic moment capacity, on average, 358 

and up to 80%. These numbers are more than doubled in the presence of a composite concrete 359 

slab. 360 

 As per the European [12] and American [13] standards’ classification systems, bare steel FEP 361 

connections with major-axis orientation are semi-rigid/partially-restrained while exterior 362 

(single-sided) connections with weak-axis orientation are pinned. Composite connections 363 

featuring shallow beams can fall within the fully-rigid/fully-restrained category. 364 

 Properly designed and detailed FEP connections, can develop appreciable plastic rotation of 365 

4% and up to 10%. On the other hand, FEP connections mostly fail at ultimate moment, hence, 366 

they possess no practical post-capping rotational capacity. 367 

 FEP connections possess a median hardening stiffness of 4.5% which large compared to fully-368 

rigid welded connections. 369 

 The loading protocol does not seem to affect the ductility of the connection but cyclic loading 370 

may increase the magnitude of hardening.  371 

 Stainless steel is a viable option for improving the connection ductility by at least 40%. 372 

The assessment herein is based on response parameters deduced based on a systematic procedure 373 

that is explicitly described and can be replicated. Nonetheless, it is worth noting that other valid 374 

methodologies available in literature can be used to deduce these parameters. While, these 375 

methodologies may yield values that vary from the ones presented herein, these variations are not 376 

expected to be significant and the findings presented herein remain valid. 377 
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Finally, to support the development of modeling guidelines, acceptance criteria and system-level 378 

uncertainty quantification studies as part of the performance-based framework, a lognormal 379 

probability distribution is fitted to the distribution of each of the response parameters. Table 2 380 

summarizes the parameters of the fitted distribution, μx and σln(x), for different connection groups, 381 

where μx is the central tendency (median) of a given parameter x and σln(x) is the standard deviation 382 

of the associated normal distribution. 383 

Table 2. Summary of response parameters based on lognormal probability distribution 384 

Connection group 
Median, μx 

α β Ks/Ke θy θp θf 

Bare steel + I-shaped + Major + Monotonic 0.32 4.81 4.1% 0.22% 4.22% 5.17% 

Bare steel + I-shaped + Major + Cyclic 0.30 3.05 7.2% 0.41% 3.16% 3.69% 

Bare steel + I-shaped + Minor 0.19 1.32 9.7% 0.39% 6.15% 4.86% 

Bare steel + HSS 0.13 1.29 5.9% 0.29% 6.00% 1.82% 

Bare steel splices 0.28 12.36 4.5% 0.11% 1.81% 1.09% 

Bare stainless steel + I-shaped + Major 0.34 4.63 2.8% 0.27% 9.83% 12.15% 

Composite+ I-shaped + Major 0.78 12.78 4.5% 0.22% 2.50% 3.24% 

 Dispersion, σln(x) 

Bare steel + I-shaped + Major + Monotonic 0.47 0.91 0.68 0.86 0.55 0.58 

Bare steel + I-shaped + Major + Cyclic 0.54 0.84 0.86 0.62 0.82 0.87 

Bare steel + I-shaped + Minor 0.78 1.43 0.97 1.39 0.90 0.92 

Bare steel + HSS 0.43 0.59 0.48 0.72 0.31 0.23 

Bare steel splices 0.66 1.58 0.68 1.10 0.63 0.95 

Bare stainless steel + I-shaped + Major 0.11 0.98 0.68 0.93 0.41 0.37 

Composite+ I-shaped + Major 0.35 0.63 0.74 0.69 0.59 0.51 

Data Availability Statement 385 

The described experimental database as well as the deduced response parameters are publicly 386 

available in the following GitHub repository (https://github.com/amaelkady/SRConED).  387 
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